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PREFACE 

This report describes the results from the soils investigations, the 
construction and the predicted and observed behaviour of two stage-con
structed test embankments on organic soil at the Antoniny test site in 
North-Western Poland. 

This project has been carried out jointly by the Department of Geotech
nics at the Agricultural University of Warsaw (DG) and the Swedish Geo
technical Institute (SGI). The aim of the collaboration was to combine 
the resources and experience at DG in the construction of embankments on 
organic soils and the experience and capabilities at SGI in investigati
on and instrumentation in very soft soils. 

The test embankments constitute part of a large investigation of con
struction of dykes on organic soils carried out by DG on commission by 
the Polish Ministry of Agriculture. They also constitute part of a 
larger research project concerning construction of roads on organic 
soils carried out by SGI on commission by the Swedish National Road 
Administration. Results from the Antoniny site have also been incorpo
rated in a research project concerning the engineering properties of 
organic soils and their determination carried out at SGI. The latter 
project has been sponsored by the Swedish Council for Building Research 
and the Swedish National Road Administration. 

The construction and observat ion of the test embankments have mainly 
been conducted by staff from the DG and the instrumentation of the test 
sites ha s mainly been performed by field engineers from SGI. Field and 
laborato ry tests, as well as calculations of stabi lity and deformatio ns , 
have been performed by both parties. 

The project has been supported by internal funds of DG and SGI and by 
the Polish construction company WZIR Pita. Prefab~icated drains were 
supplied by courtesy of Terrafigo. 

The authors especial ly wish to express their gratitude to Lars Blom
qvist, Eugeniusz Koda and Wojciech Sas for their excellent work in the 
fie l d. 

Warsaw and Linkoping in september 1987 

The Authors 
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SUMMARY 


Two test embankments have been built on top of 8 metres of very soft 
organic and calcareous soi l s. The embankments have been built in stages 
and the increase in shear strength due to consolidation in the different 
stages has successfully been uti l ized in the construction of the subse
quent stages. Vertical prefabricated drains were installed under one of 
the embankments. 

A comprehensive programme of fie l d and laboratory test was carried out 
before the construction of the embankments. A large amount of monitoring 
equipment was also installed in the ground under and outside the embank
ments. The behaviour of the embankments in terms of settlements, hori
zontal displacements and pore pressures has been followed and the 
changes in soil properties have been measured. The behaviour and the 
changes in properties have been compared to predictions using various 
methods of prediction. Special investigations have been carried out con
cerning the increase in shear strength at consolidation and the durabil 
ity of prefabricated drains in harsh environmental conditions. 

The site investigations showed the necessity of careful documentation 
not only of the stratification of the soil and its mechanical proper
ties, but also the ground water conditions and in this case also the en
vironmental conditions. It was found that in peat special samplers have 
to be used, even if the peat is very amorphous. Field vane tests proved 
to be useful provided that the standard procedure for testing is follow
ed and the shear strength values are corrected with respect to the 
liquid limit. However , the re l evance of the field vane test in peat is 
ques tionable as the results are sensitive to the size of the vane. 

In the laboratory tests was found that most of the testing methods and 
equipments used for soft mineral clays can be used also for organic and 
calcareous soils. The procedure for estimating undrained shear strength 
by normalization towards the preconsolidation pressure alone cannot be 
used in organic and calcareous soils with very low initia l preconsoli 
dation pressures. A new procedure for this estimat ion has been proposed. 
The shape of the yie l d surface was found t o be highly anisotropic as i t 
is fo r most natural soils . 

All the monitoring equipments funcioned very well. The very large defor
mations proved to be the limit for the equipments with vertical tubes as 
some of them were deformed in such a way that the measuring devices 
could not be inserted at the end of the observation period. The piezo
meters were of a type with rigid connections to the ground surface. In 
spite of precautions, there was considerable pushing of the piezometers 
because of deformations in the overlying soil layers. 
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The observations of the test embankments showed that large settlements 
as well as large horizontal displacements occurred. The behaviour of the 
two embankments was almost identical, except for the first stage, where 
the horizontal deformations were smaller and the vertical compressions 
somewhat large, and faster under the embank~ent with vertical drains. A 
special investigation showed that the paper filters deteriorated rather 
quickly in this type of environment and the fuction of the drains seems 
to have been limited to the first construction stage which lasted for 
half a year. The large horizontal deformations reflected the very soft 
soils and the low factor of safety against shear failure . They were not 
immediate, but continued for some time after full load application, 
whereupon they practically stopped . The vertical settlements were large 
and continued at the end of all three stages. 

The observations clearly showed that in observation of embankments not 
only the behaviour of the embankments and the soil underneath should be 
observed, but also the variations in the natural ground outside the 
embankments . 

Predictions of deformations have been carried out by a number of meth
ods. It was found that the course of consolidation can be estimated only 
if the variability of the consolidation parameters, the load and the 
geometry during the consolidation process is accounted for. A conventio
nal analysis does not give satisfactory predictions. The effect of creep 
cannot be ignored, especially not in the long-term perspective . Finite 
element analyses require very sophisticated models to give better 
results than the combination of initial shear deformations and one
dimensional consolidation. 

Calculations of stability were also carried out by a number of methods. 
No failure occurred, but the initial deformations at loading in the 
second and third stage indicated that the factor of safety was low. The 
suggested methods for prediction of undrained shear strengths under em
bankments coupled with a calculation method with slices and using ADP
analyses then yielded safety factors of about 1. 2. This order of the 
safety factor was further confirmed by effective stress analyses using 
the observed pore pressures after load application. 
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1. INTRODUCTION 

The const r uction of roads and dykes on organ i c soils is associated wi th 
a number of problems as the organic soi l s are often highly compressible 
and have low shear strengths. 

The methods of construct i on, as we l l as the methods and equipments used 
for sampling and testing t hat are norma l ly used in ot her soft soils, may 
not be adequate in organic so i ls. Also the ca l cu l ation methods normally 
used to predict stabil i ty and deformations may not be applicable to this 
type of soi l . 

However, in many count r ies there are large areas with organic soils 
where different kinds of embankments have to be constructed. In such 
cases, the predict ion of soil behaviour and the selection of a proper 
design method becomes an important and complex engineering task. 

In Poland, emba nkments and dykes are often located in swampy areas with 
very soft organic soils (e.g. peat, gyttja, gyttja-bearing calcareous 
soil). 

In 1975, the Department of Geotechnics at Warsaw Agricultur al University 
(DG) was commissioned by the Ministry of Agricu l ture to investigate the 
conditions for the construction of dykes in the Notec River Va l ley. 

The init i al invest i gat ions along the Notec River indicated very diffi
cult geotechnica l conditions. Extensive in situ and l abo r atory investi
gations have later been performed at two s i tes in the area. The first 
site was the Bialosliwie site where the organic soil layers are on ly 
about 4 m thick and the second site is the Antoniny site with about 8 
metres of organic soils. Several test embankments were built at the Bia
losliwie s i te in the period 1976-1982. The embankments were constructed 
on varying kinds of organic soils with the aim of studying the consoli
dation process, the stabi l i t y and the possibi l ity of uti l izing vertica l 
drains in this type of soil. The results of these investigat ions have 
been reported in i nternal repo r ts, doctoral theses and conference 
papers. 

In Sweden, roads are oft en co nst ructed across peat bogs and other areas 
wi th organ i c soils. The Swedish Geot echnica l Insti t ute (SGI ) has invest
igated design methods and developed fie l d and laboratory tes t s and equ
ipment for this purpose, mainly since 1977. The investi gat ions have 
most l y been made on comm i ssion by t he Swedish National Road Admi nistra
tion and the Swed i sh Council for Bui l ding Research has also given sub
stantia l grants. The investigations have included test embankments on 
peat, the deve l opment of a new peat sampler, development of laboratory 
methods and deve lopment of calculation methods. Some aspects of the use 
of vertica l drains in organic so i ls have also been studi ed. 
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Discussions on a joint project between DG and SGI concerning construct
ion of embankments on organic soils started in 1981. The aim of the 
collaboration was to combine the resources and experience at DG in the 
construction of embankments on organic soils and the experience and 
capabilities at SGI in investigation and instrumentation in very soft 
soils . Within this joint project two test embankments have been con
structed in stages at the Antoniny site. Under one of these embankments 
vertical prefabricated drains were installed . 

In this report, the results of the soil investigations and the observed 
behaviour of the embankments are presented. The observed behaviour is 
compared to the predicted behaviour using various methods for predic
tion . 

The results elucidate the applicability of excisting field and laborato
ry methods for investigation of properties of organic soils with a high 
degree of decomposition and of organic and calcareous mineral soils . 
They also illustrate the limitations and problems with monitoring equip
ments in very soft soils . 

The applicability of excisting methods for prediction of stability , de
formations and increase in shear strength during consolidation is also 
examined. 

2. DESCRIPTION OF THE SITE AND THE TEST EMBANKMENTS 

2.1 Location and description of the test area 

The test area is located in north-western Poland in the Notec river 
valley. The river Notec originates in central Poland and first flows 
north towards the city of Bydgoszcz where it turns westwards. It ends in 
western Poland connecting to the river Warta, which in turn connects to 
the river Odra. The river Odra constitutes the western border of Poland 
and has its outlet in the Baltic at Szczecin. The test site is located 
about 100 m south of the Notec River and about 3 km from the village 
Bialosliwie. The river valley here is about 10 km wide and the area is 
relatively flat, Fig. 1. The ground is covered by grass vegetation and 
has so far been used mostly as pasture land. Construction of fish ponds 
is planned in the area. The upper soft soils in the area consist of a 
layer of calciferous peat on top of a layer of fine-grained calcareous 
soil. Under the soft soils there is dense sand. The soft soils are qua
ternary deposits. The sediments originate from the limestone in the area 
and were deposited after the last glaciation. The fine-grained soft soil 
forms a tight lid on top of the sand and due to the topography of the 
valley there is an artesian water pressure in the sand . The area is sea
sonally flooded. 
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• BIAtOSL/WIE 

•SZAMOCIN 

BIAtOSLIWIE 
SITE 

• otd test embu.t"lkments 
•·test embankment. 

Fig. 1. Location of test site. 

2.2 Method of construction 

The method of construction was chosen with consideration to stability 
aspects. Due to low initial shear strength in the soil, the embankments 
we re constructed in stages . It was then possible to utilize the increase 
i n shear strength under the embankments due to consol i dation . 

The safe load for each stage was estimated from stability analyses based 
on the measured shear strengths of the soil prior to the various stages 
and the construction schedule was then decided. 
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Under one of the embankments vertic~l prefabricated ~rajns were install 
ed in a 1.2 m square grid . Drains with paper filters and a plastic core 
were used. 

The construction of the embankments started in November 1983 and the 
loading schedules were as follows: 

• 	 In STAGE 1, the embankments were built up to a thickness of 1. 2 m. 
Construction time was about a week and the duration for the stage 
was 4- 5 months . 

• 	 STAGE 2 started in April 1984 and the thicknesses of the embankments 
were then increased to 2. 5 m for the embankment without drains (em
bankment No . 1) and 2.7 m for the embankment with vertical drains 
(embankment No. 2). Construction time was 1-2 weeks and the duration 
for the stage was 13 months. 

• 	 The THIRD STAGE started at the end of May 1985. The thicknesses of 
the embankments were then increased to 3.9 m for embankment No . 1 
and to 4.0 m for embankment No . 2. Construction time was 2-3 weeks 
and this stage was applied for 2 years . 

Field vane tests were performed before construction started, at the end 
of stages 1 and 2 and during stages 2 and 3, Figs . 2 and 3. 

The embankments were constructed of layers of sand, about 0. 2 m thick. 
The sand had an average bulk density of 1.75 t / m3 and a natural water 
content of about 10%, Table 1. The embankments were des igned with base 
dimensions 35 x 40 m and slopes with inclinations of 1: 3 on the si des 
and 1:2 at the ends , Figs . 4 and 5. 

The soil below and outside the embankments wa s instrumented with 
monitoring equipment before construction started . 
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Table 1. Physical properties of sarrl in flrlbarikroonts No. l arrl No. 2. 

Embankment 

1 

2 

water Density 

Stages cx:intent 

wN% 
3t / m

I 10. 6 1.68 

II 8.0 1.76 

III 8. 5 1.85 

I 13.3 1.64 

II 5 .9 1. 74 

III 10. 6 1.82 

Cross - section A - A Cross sect ion B - B 

11.6m 24 .4 m 

% :·,·.--..'.:.:.:::::.>'."-:"·>:::·;·. ;--.::·-:::,1.:>\~ 
p t 

t--, Calcareous soil I Calcareous soil/ 
-r G tt·a tt" 

.: '•.: . . ., .. ... ...·. ·.: ... -~ ... ~-. _:.: ...... _:. -:: .:
+ •••• .,.·.·· san d :·.. :..· Sand Is 

35m 

E 
0 

A - - " 1 3 
A 

Is 

Fig. 4 . Dimensions of Test Embankm:mt No . 1 . 
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Cross-section A- A Cross-section 8- B 

24.0 

o. 
~ %.::/·.·-:< _: :': ::::.: .:·. ·>. ':,)\·:>z 

Peat I 
Calcareous soi vertical 

Gytt ial drains 

·. : Sand· :· : :·.· :·sand:·.. ··.·.· .. 

vertical drains 

E 
0 
~A A 

Fig. 5 . Diffensions of Test Enbankment No. 2 . 

2.3 Monitoring equipment 

The monitoring equipments were selected from the equipments available at 
DG and SGI. Expected deformations and earlier experiences from test 
embankments were taken into account when the equipments and their 
locations were selected. 

A description of the various equipments used at the Antoniny site and 
their locations is given below. 

Readings of all the monitoring equipments were taken with short time 
intervals just after the start of a new load stage and at longer time 
intervals thereafter. The readings have mainly been taken by personnel 
from DG. Once a year, field engineers from SGI have visited the test 
site for additional investigations and measurements. 
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2.3.1 Equipment for measurement of ~ettlements 

Settlement plates and screw plates were installed at the ground surface 
and at the interface between peat-gyttja and the calcareous soil to 
determine the settlement distribution in the main layers. These plates 
and screw plates were extended to the surface of the embankment by rods 
inside protecting pipes, Fig. 6. 

DEEP SETTLEMENT GAUGE (SCREW) SUPERFICIAL SETTLEMENT GAUGE (PLATE) 

- -Extension rod Extension rod 

25mm 25mm 

50mm 50mm 

Protectin tube Protectino tube 

. .... . . ,, . . .. 
·.· . ·-

, , 
. . . . . . . ',• . . . 

Plate 
/ 

l ~300mm J Screw ti 

0 

; 

j 
l l500mm, ;. 

Fi g . 6. Settlement gauges. 

In order to obtain continuous settlement distributions across the em
bankments , flexible tubes were placed in shallow ditches at the ground 
surface before the construction started. Also, the heave outside the 
toes of the embankments was measured in these tubes. The level of the 
tubes was measured by a hose settlement gauge type SGI II, Fig. 7. 

The measuring unit consists of two plastic tubes with different dia
meters. The tube with the smaller diameter contains air and an electric 
cable and is inserted into the larger tube. The annular space between 
the two tubes is f i lled with a liquid (generally water). The lower ends 
of the tubes are connected to the measuring head , which contains a pres
sure transducer. This transducer measures the liquid pressure in rela
tion to the atmosperic pressure. The upper ends of the plastic tubes are 
connected to an open standpipe. Thus the difference in level between the 
measuring head, which is inserted in the flexible tube under the embank
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ment, and the liquid level in the standpipe can be measured . The liquid 
level in the standpipe is in turn levelled in relation to a fixed refer
ence point located outside the test area . The equipment has been found 
to ha~e an accuracy of ±3 mm. 

READ OUT UNITATMOSPHERIC 

PRESSUR~ 


CABLE 


FLUID ===:; ATMOSPHERICrt.LEVEL -PRESSURE 

FLUID 
LEVEL 
REGULATOR 

H 

PRESSURE 
TRANSDUCER 

MEASURING 
HEAD 

Fig. 7. Hose settlement gauge type SJI II. 
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In order to obtain more detailed information on the distribution of 
settlements with depth, a number of magnetic screw settlement gauges 
were installed. First, plastic tubes with screw tips were installed into 
the soil. Around these guiding tubes a number of screw plates were in
stalled at desired depths. These screw plates contain small magnetic 
rings and are designed to slide freely along the plastic tube, Fig. 8. 

The distance between the fixed reference plate at the bottom and the 
sliding plates is measured by a settlement indicator. This indicator 
consists of a measuring tape with a magnetic switch at the bottom . When 
the measuring tape is lowered into the plastic tube, an electric ci rcuit 
is cl osed each time the switch passes the magnetic rings in the screw 
plates. The accuracy of the indicator is about~, mm. 

Settlement 
indicator 

Guiding plastic 
tube 

Sett l ing screw 
plate 

Reference plate 

Distance pipe 

Screw t ip 

Fig. B. Magnetic screw settlanent gauge. 
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2.3.2 Equipment for measurement of horizontal movements 

The horizontal movements of the soil have been measured with an SGI type 
inclinometer inside flexible plastic tubes driven to the dense- bottom 
layer of sand. The equipment is shown in Fig. 9. 

Fig. 9. SGI type inclin:xreter. 

The measuring unit has a cylindrical shape. Two pairs of quiding bosses 
are pressed against the inner wall of the plastic tube by a spring. A 
pendulum inside the cylinder is suspended by a leaf spring. The bending 
moment in the spring is measured electrically by strain gauges. The 
measuring system is compensated for bending moments in directions other 
than the measured direction. 

The measuring unit must be oriented in the measuring direction with 
great precision if small horizontal movements are to be measured. This 
is achieved by attaching the measuring unit to a string of rods with 
torsionally rigid connections. The measuring direction is found by 
taking the bearing to a horizontal scale fitted on the tube. The hori
zontal scale is oriented towards a distant reference point with the aid 
of a telescope fitted to the scale. 
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The plastic tubes have an inner diameter of 42 mm. They are installed as 
vertically as possible into the ground. The stiffness of the plastic 
tubes is so low that the tubes will follow the horizontal movements of 
the soil. The inclination of the tubes is normally measured at every 
metre of depth. The measurements are usually taken in pairs, one reading 
in the measuring direction and one in the direction perpendicular to it. 

A change in inclination in a certain direction is a measure of a corre
sponding angular strain in the soil. The position of the tube in relati
on to its tip can be calculated by integrating the measured inclinations 
from the tip and upwards. The higher the point of consideration is lo
cated, the greater the number of terms in the calculations becomes and 
thus also the error. The change in position of the tube is a measure of 
the horizontal movement of the soil. 

Problems may occur when the tubes tend to buckle due to large 
settlements in the soil. A special telescopic tip on the tuoes can be 
used to overcome this problem. This type of tip was used at the Antoniny 
site. 

From experience, it has been found that inclinations can generally be 
determined within an error of less than 0.25% and the direction of mea
surement can be fixed within half a degree. An estimated reading and 
contact error of 0.2 mm/m should be expected for the individual measure
ments of the inclination. The greater the inclination of the tube is, 
the greater the error band for the readings becomes. 

In calculation of the hori zontal movements, it is usually assumed that 
no movement takes place below the level of the deepest reading. If pos
sible, the tubes should be installed in such way that this assumption is 
fulfilled. At the Antoniny site, this was not possible due to the dense 
sand. The change in inclination of the bottom part has therefore been 
taken into account in the integration. 

2.3.3 Equipment for pore pressure measurements 

The pore water pressures in the bottom sand layer outside the test em
bankments and the fr ee water levels inside the embankments were measured 
in open standpipes. The standpipes inside the fill material were provid
ed with square plates 0.3 x 0.3 m to ensure that the tips followed the 
settling base of the embankment. 

The pore pressures in the compressible layers were measured at different 
levels and locations using the Swedish BAT system. 
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In the BAT system, the filter tips and the extension pipes are separated 
from the measuring sensor. The BAT piezometer Mk II consists of a 
plastic tip with a ceramic fi l ter. The filter tip is saturated with de
aerated water by boiling the whole tip in'water. The upper part of the 
tip is shaped as a nozzle ~nd is sealed with,a special rubber disc. The 
tips are threaded onto one-inch galvanized steel pipes and are then 
driven to the desired location in the ground. The tips and pipes are 
permanently installed . At the Antoniny site, protecting pipes were in
stalled outside the piezometer pipes to about 1 metre from the tip to 
prevent them being pushed further into the soil due to the settlements 
of the overlying soil and embankment. 

Readings of the pore pressures are taken by lowering a sensor containing 
a pressure transducer inside the pipes until it comes into contact with 
the filter tip. At the lower end of the sensor, there is a hypodermic 
needle which penetrates the rubber disc and provides contact between the 
transducer and the water in the filter tip. A stabilized reading of the 
pore pressure is usually obtained within 3 - 20 minutes, Fig. 10 . 

The sensor is lowered onto the tip for 
each individual reading. 

A hypodermic needle is pushed 
through a rubber disc by the weight of 
the sensor. The rubber disc is self
sealing as soon as the needle is with
drawn. 

Rubber disc 

Nozz le 

One-inch 
galvanized 
pipe 

_, ...,._. The permanently installed tip consis ts 
-+ +- only of a plastic head and a ceramic 
-+ +- filter - all corrosion-free materials. 
.... +- The tip is threaded onto an one-inch 
.... +- galvanized pipe . 

Fig. 10. BAT piezaneter system. 
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After the reading is taken, ihe sensor is withdrawn and the rubber disc 
automatically s~als off the filter tip. This procedure can be repeated 
hundreds of times without damaging the rubber disc. 

The function of the system can be checked by taking a new reading after 
the sensor has been lifted 20 - 30 mm and the calibration can be checked 
if the water level inside the pipe is known. The sensor is then moved to 
the next filter tip and the procedure is repeated. 

2.3.4 Location of the monitoring equipment 

The locations of the monitoring equipments for the two embankments are 
shown in Figs. 11 and 12. 

• 	 Settlement plates and screw plates were placed just below the or1g1
ginal ground surface and at the interface between peat-gyttja and 
the calcareous soil. They were installed at the centre of the em
bankments, at the middle of the slopes, at the toes of the slopes 
and outside the embankments. 

• 	 Magnetic screw settlement gauges were placed under the centres of 
the embankments and under the middle of the slopes. 

• 	 Plastic tubes for measurements with the hose settlement gauge were 
installed in shallow ditches across the centre parts of the embank
ments. 

• 	 Inclinometer tubes were placed on one side of each embankment. They 
were placed at the middle of the slopes, at the toes of the slopes 
and outside the slopes. At embankment No. 1 two inclinometer tubes 
were installed 3 and 7 metres outside the toes of the slopes and at 
embankment No. 2 only one inclinometer tube was installed 5 metres 
outside the toe of the slope. 

• 	 Piezometers were installed at three levels at the centre of the em
bankments and at two level s under the slopes of the embankments. At 
embankment No. 1 piezometers were also installed at three levels 7 
metres outside the toe of the slope at one side of the embankment. 
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3. SITE INVESTIGATIONS 

A large number of weight soundings, samprings, vane shear · tests and pore 
pressure observations an1 also some con~ penetration tests and pore 
pressure soundings were made in the test area in 1983 prior to.the con
struction of the embankments, Fig. 13. A number of special testing pro
grammes were also carried out to investigate the influence of different 
equipments and testing procedures on the results of vane shear tests. 
The spread in test results was also investigated . 

Further investigations aimed at finding out changes in soil properties 
under the embankments have been made at the end of the various loading 
stages. 

3.1 Soundings and samplings 

Soundings to investigate the thicknesses of the soft soil layers were 
made with the Barro equipment for weight sounding. A large number of 
samples in the soft soils were taken with a Borra 0 60 mm piston samp
ler . Sampling in a number of adjacent holes was arranged in such a way 
that the samples from the two holes overlapped and "continuous cores'' 
were obtained. 

Sampling in organic soils often involves problems with sample distur
bance. In fibrous and highly permeable peaty soils, the cutting resist
ance is high and the risk for compression of the soil during sampling is 
also high . In highly "elastic" organic soils such as gyttja there is a 
risk both of compression during sampling and elongation during the 
removal of the sampler . Additional samples were therefore taken with the 
0 50 mm Swedish standard piston sampler (SGI 1961) and a newly construc
t ed peat sampler which has a sample diameter of 100 mm. The standard 
piston sampler was used for taking samples from the entire soil profile, 
while the peat sampler was only used in the upper 3 metres with peaty 
soi l. 

The new peat sampler consists of a razor-sharp wave-toothed cutting edge 
mounted on a plastic tube, Fig. 14. The plastic tube has an inner dia
meter of 100 mm and a length of 1 m. On top of the tubes there is a 
driving head. Depending on the type of soil, the sampler can be driven 
by either a light pressure combined with an oscillating twisting move
ment or by light, rapid blows. The sampler has open ends and the samples 
are taken at the bottom of predrilled holes. 
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Fig. 14. SGI type peat sampler. 

The results of the soundings and samplings in 1983 indicated that at the 
location for embankment No. 1 there was 3.3 - 3.5 m of peaty soil and 
below that calcareous soil down to a depth of 7.7 - 8.1 m. At the loca
tion for embankment No. 2 there was 3.3 m of peaty soil and calcareous 
soil down to 8.0 - 8.1 m below the ground surface . The ground surface 
and thus also the soil layers were fairly horizontal. 

New samples were taken with piston samplers under the embankments at the 
end of the various loading stages. 

In the initial testing programme, DG also performed a number of investi
gations with the Polish SLVT penetrometer (Borowczyk 1982). The SLVT is 
a Polish standard dynamic penetrometer provided with a vane at the tip, 
Fig. 15. The penetrometer is driven into the soil by blows from a 10 kg 
hammer with a 0.5 m free fall. The number of blows for each 0.1 m of pe
netration is recorded. A vane test is performed at every 0. 5 m of pene
tration, whereby the maximum torque required to turn the penetrometer i s 
recorded. 

Resu l ts from two such tests are shown in Fig. 15. The test results indi
cate a somewhat stiffer surface layer, followed by very soft soil down 
to about 3 m. A somewhat stiffer layer is detected about 4 m below the 
ground surface, whereupon the soil again becomes soft down to a depth of 
8 m. The resistance in the sand layer below 8 m depth indicates that the 
sand is rather dense. 

The measured torques in the SLVT-tests were somewhat lower than the cor
responding values obtained in the subsequent field vane tests. This 
result is in accordance with previous experience regarding the effect of 
the design of vane testing equipments. 
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3.2 Field vane tests 

A large programme of field vane testing was carried out at the Antoniny 
site. Both 0G and SGI were involved in different programmes before and 
during the period of c~nstruction and dbservation . Both Polish and 
Swedish equipments were used. They were mostly used for separate pro
grammes, but in some cases they were also compared. 

Previous investigations have shown that the design of the vane testing 
equipment as well as the testing procedure have important effects on the 
test results (e.g. Torstensson 1973). The most important parameter in 
this aspect in the testing procedure, which is also most likely to vary 
between different tests, is the speed of rotation which can also be ex
pressed as time to failure. In fibrous peat, it has furthermore been 
found that the size of the vane has a pronounced effect on the test res
ults, (Golegbiewska 1976, Landva 1980) . There is normally a relatively 
large scatter in the test results in peat . 

A vane testing programme with different rates of rotation was therefore 
carried out by SGI in order to find out if the rate effects in this type 
of soil are similar to those normally encountered in Scandinavian clays 
and gyttjas. A large number of tests according to the standard procedure 
were carried out in order to determine the magnitude of the scatter in 
the results and comparative tests were also performed with a large vane 
in order to investigate the influence of the size of the vane. 

These field vane test s were performed with the SGI type of field vane 
equipment where the rods are protected by a casing and also the vane i s 
protected during most of the penetration (Cadling and 0denstad 1950). 
The equipment was fitted with an electric motor and a gearbox to obtain 
the desired rates of rotation. The torque was recorded on a fi eld vane 
instrument of the Geotech type, Fig. 16. 

At the same time, DG performed a large number of field vane tests in 
connection with the initial field investigation using the Polish field 
vane equipment PS0-1 (Fig. 17) . These investigations were so numerous 
that a corresponding evaluation of average values and scatter as in the 
SGI tests could be made and the results could be compared. There is no 
recording instrument on the PS0-1 equipment, but the stress-strain 
curves were obtained by manual recording of torque and rotation. 

A large programme of field vane testing during the different phases of 
the obse rvation period was later carried out by DG to investigate the 
successive increase in undrained shear strength during consolidation. 
(See Chapter 6.3). In thi s programme the PS0-1 equipment was used. 
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Fig. 16. 	 Recording field vane instrument of the Geotech type fitted 

with an electric rrotor ani a gearlx>x for rotation of the 

vane (upper p]x>to). 

Pushing the vane instrument into the soil with the Geotech 

type lx>ring rig (p]x>to belCM) . 
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Fig. 17. Field vane quipnent type PS0-1 . 
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At the end of each stage, the shear strength under embankment No. 1 was 
measured using both SGI and PS0-1 equipments. 

In the initial investigations carried out by SGI, seven profiles were 
tested with the standard vane (65 x 130 mm) and the standard rate of 
rotation, which gives failure in approximately 3 minutes. In addition, 
two profiles were tested with the standard vane, but with rates of rota
tion 10 times faster and 10 times slower than the standard rate respect
ively. Finally, one profile was tested with standard rate of rotation 
but with a larger vane with the dimensions 80 x 160 mm. 

The results of these tests are shown in Figs. 18 - 21. The results are 
given as shear strength values. These values have to be corrected with 
respect to the plasticity of the soil to obtain a useful undrained shear 
strength. 

The real time to failure was measured in all tests and the results from 
the tests with standard rate of rotation have been corrected for the 
measured differences in time to failure according to Torstensson (1973). 
A constant rate of rotation at the instrument does not entail a complet
ely constant rate of rotation of the vane, as the deflection of the re
cording spring and the torque in the rods affect the resulting rotation 
of the vane. The results have been corrected to correspond to a time to 
failure of 3 minutes. For tests with standard rates of rotation the cor
rections are small, however. 

The correction factors for time to failure are shown in Table 2. The 
measured values should be divided by these factors. 

In the standard field vane tests, strength values between 9.5 kPa and 18 
kPa were measured, Fig. 18. The lowest values were measured in the peat 
at 2 m depth and the highest values in the stiffer layer at 4 m depth. 
The average values varied between 10.5 and 16.8 kPa. The maximum devia
tion of a single value from the average was about 30X. If all values are 
considered, the standard deviation from the average is between 6 and 13X 
for the different levels. When a few obviously odd values are excluded, 
the standard deviations are reduced to about half of these values. 

The results and the scatter obtained in the standard tests using SGI 
equipment or PS0-1 equipment were almost identical. 
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Table 2. Correction factor for the different times to failure. 

Time to Correction 
failure, sec factor 

15 1.141 
30 1.100 
45 1.076 
60 1.060 

120 1.022 
180 1.000 
240 0.985 
300 0.973 
360 0.964 
420 0.956 
480 0. 949 
540 0.943 
600 0.930 

The results with different rates of strain (Fig. 19) show that a large 
decrease in rate of strain generally resulted in lower measured strength 
values . An increase in rate of strain gave higher strength values in the 
calcareous soil, but not in the peaty soil . Strain rate effects in peat 
are complex, however, as drainage plays a large role also in these rela
tively quick tests, due to the high permeability of the soil. In Fig. 20 
the tests have been corrected for strain rate according to Torstensson 
(1973). It is found that this correction seems to provide almost identi 
cal results from tests with different rates of strain in the calcareous 
soil. In peat, however, this kind of correction is not useful. The sen
sitivity of the test results to changes in strain rate in the peat is 
small, though. Within the tested variation of strain rates, the results 
are almost always within the normal scatter at the standard rate of 
strain. 

The results of the vane tests with a larger size of vane showed no in
fluence of vane size on the results in the calcareous soil. In the peaty 
soil, the measured strength values generally became somewhat lower 1n 
the tests with the larger vane . This is in accordance with the experi
ence previously mentioned . The results from the field vane tests in the 
peaty soil thus have to be treated cautiously. 

The results from the field vane tests in natural ground in 1983 were 
almost identical, regardless of whether SGI-equipment or PS0-1 equipment 
was used. In the field vane tests under emba~kment No . 1 at the end of 
stage 1 and stage 2 the strength values from the PS0-1 equipment gener
ally became somewhat higher, Fig. 22. This may be a coincidence. When 
due consideration to the sensitivity to exact depth is taken, the 
results are within the limits for the natural variation. 
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3.3 Cone penetration tests and pore pressure soundings 

Previous laboratory tests at DG had indicated a good correlation between 
cone resistance and shear strength values in peat (Mirecki 1983). The 
cone penetration test in combination with pore pressure measurements 
during penetration is also an excellent tool for soil profiling. Fur
thermore, the pore pressure dissipation when the penetration is stopped 
is sometimes used to estimate the coefficient of consolidation at hori
zontal water flow. 

The very soft soils would have required very sensitive equipment to 
estimate the soil properties. No such equipment was available at the 
time for the initial soil investigations, but it was still considered 
interesting to use -the existing equipments to obtain a general picture 
of the soil profile. 

The equipments used were a standard Barro type of probe for measurement 
of a maximum point resistance of 10 MPa and a pore pressure probe 
similar to one of the BAT designs, Fig. 23. The point resistance and the 
generated pore pressures were thus measured in separate penetration 
tests . In both cases the probes were driven into the soil by a Geotech 
rig at the standard rate of 0 . 02 m/sec. 
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The electrical signals from the probes were recorded on a TOA Electron
ics Ltd recorder model EPR-IFA. 

A typical result of a cone penetration test is shown in Fig. 24. The 
curve shows that there is a type of crust down to about 0.8 m depth and 
that the tip of the probe reaches the sand layer at 7.8 m depth. A 
slightly stiffer layer is indicated between 3 and 4 m depth, where also 
the field vane tests gave higher strength values. 
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Fig. 24. Result of a cone penetration test. 

The point resistances in the soft soil were only of the order of 1 per 
cent of the capacity of the probe and the zero-drift as measured in zero 
off set from before to after the tests was of the order of 30 per cent 
of the measured point resistances. Therefore, no estimates of shear 
strengths can be made from the measured point resistances. 

In Fig. 25 results from a pore pressure sounding are shown. The pore 
pressures generated during penetration are shown together with the equi
librium pore pressure, u , measured in the dissipation tests. 
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Fig. 25. Results of the J.X)re pressure sa.urli:ng test. 

The excess pore pressures during penetration became negative in the peat 
and positive but low in the calcareous soil. When a pore pressure probe 
is pushed into normally consolidated clay an excess pore pressure is ge
nerated . At the actual location of the filter, the excess pore pressure 
is usually of the order of about 5 times the undrained shear strength 
(Torstensson 1975). The more overconsolidated the clay is, the lower the 
generated excess pore pressures become (e.g. Jamiolkowski et al 1985). 
The results from the Antoniny site thus indicate that the overconsolida
tion ratio is rather high. 

The rate of dissipation of the excess pore pressure in the soil was used 
to estimate the coefficient of horizontal consolidation, eh' in the cal
careous soil. In the peat where the excess pore pressures were negative 
no such estimation was possible. 

The average of the values of~~ in the calcareous soil estimated in this 
way was about an average 4·10 m2 /s. 

According to Torstensson (1977) the eh values evaluated from dissipation 
tests should be divided by about 2 in normally consolidated soils. 
Campanella et al (1982) have found that the evaluated eh values should 
be divided by at least 3 and assume that it is rather the coefficient of 
consolidation in the overconsolidated range that is measured in the dis
sipation tests. 
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A comparison with the laboratory tests shows that the eh values from 
the dissipation tests are about two times the cv values from oedometer 
tests in the overconsolidated range. The cv values, however, drop by 
about 10 times when the preconsol idation prt!ssure is exceede_d and the eh 
values from the dissipation tests can be considered as totally irrele
vant for prediction of settlement rates in the actual case. 

3.4 Pore pressure observations 

The pore pressures in the soil were measured for a short period before 
the construction of the embankments. The water pressure in the sand 
layer and the free ground water level in the peat have been observed 
during the whole construction period in open standpipes and holes resp
ectively. 

The average free ground water level in the peat has been 0.2 m below the 
ground surface. The fluctuation during the construction period has been 
from O to 0.5 m below the ground surface. Seasonally the area has been 
flooded. 

At one time before construction started, the free ground water level 
sank to more than 1 m below the ground level, but that has not been re
peated. The water pressures in the sand layer below the soft soils have 
been found to be artesian and 12 - 15 kPa higher than the hydrostatic 
pressure from the free ground water level in the peat. The water head in 
the sand layer has thus been 1 to 1.5 m above the ground surface. Fig. 
26. 

The pore pressure measurements in the compressible layers before con
struction started showed that the artesian excess pore pressure gradual
ly evened out and that the pore pressures from 2.0 m below the ground 
surface and upwards were hydrostatic from the free ground water level. 

The high ground water level, combined with the artesian excess pore 
pressures and soils with relatively low bulk densities, entailed that 
the initial effective stresses in the profile were very low and only 
amounted to a few kPa throughout the compressible profile, Fig. 27. 
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4. LABORATORY TESTS. 
Samples from the Bialosliwie site have been tested at the laboratories 
at SGI and DG. 

A first series of tests was performed at the SGI laboratory in January 
1983. These tests were performed jointly by staff from DG and SGI. The 
samples were taken with the Barros 060 mm sampler at two levels, 1.47 
1.81 m and 5.67 - 6.01 m. 

The samples were examined concerning density, water content, Atterberg 
limits, organic content, carbonate content, undrained shear strength and 
sensitivity by Swedish standard methods. The structure of the soil was 
studied in a scanning electron microscope and the mineral contents were 
examined by X-ray diffraction. 

Oedometer tests were performed in the SGI constant rate of strain oedo
meters as well as in incrementally loaded oedometers. Constant rate of 
strain tests were performed with different rates to study rate effects 
on the results. Incremental tests were performed with standard loading 
procedure as well as larger load steps to simulate the field loads. 
Creep effects were studied in the incremental tests. 

The undrained shear strength was determined in the standard investiga
tions with a large number of Swedish fall cone tests. Series of active 
and passive triaxial tests and direct simple shear tests were also run 
in the SGI equipment . 

Further laboratory tests compr1s1ng routine tests and oedometer tests 
were performed at SGI in August 1983. Prior to this, new samples had 
been taken at every metre of depth with the Swedish standard piston 
sampler and samples from the upper peat layer had been taken with the 
new Swedish peat sampler. 

Complementary tests concerning the initial soil properties were perform
ed at DG using Polish equipment. 

The results from all these investigations have been reported in detail 
in annual reports from DG (1983, 1984 and 1985) and a preliminary repor t 
from SGI (1984). 

The determinations of organic content and carbonate content shave later 
been repeated as new and better procedures for these determinations have 
been established (Larsson et al. 1985). 

The routine tests showed a soil profile according to Table 3. 
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Table 3. Initial. soil. properties at the Antoniny site. 

Depth So il Density Water Liquid Plastic Pl as- TfUl) Sensitivity 
m t/m3 content limit limit t i city cone 

% % % index % kPa 

1.47-1.64 	 Black very calcifer- 1.11 341 313 189 124 5.8 7 

ous amorphous peat (37 52) 


3.0 	 Dark brown very cal- 1.19 227 221 8.5 12 

ciferous dy-bearing 

gyttja 


4.0 	 Yellow white ca l - 1. 31 134 129 9.8 12 

careous soil (marl) 


5.0 	 Grey calcareous soil 1.38 109 96 7.0 13 
a, '"' 
5.67- 5.84 	 Grey calcareous soi l 1. 42 106 103 54 49 8.7 9 


6.0 	 Grey calcareous soil 1.41 108 97 8.3 13 


7.0 	 Green-grey calcareous 1.33 148 138 7.1 11 

gyttja 


Samples from 1. 47-1 .64 m and 5.67-5 .84 mare taken with Borro ~60 mm sampler. 

Samples from 3, 4, 5, 6 and 7 mare taken with Swedish standard piston sampler . 

1) Corrected according to SGI recommendations of 1984. 

2) Samples taken with Swedish peat sampler. 

http:5.67-5.84
http:1.47-1.64
http:5.67-5.84
http:cal-1.19
http:calcifer-1.11
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The upper two metres consist of peat which is very calciferous . The 
organi c content in the peat 1s highly variable but of the order of 50X. 
Further down, the carbonate content increases and the organic material 
decreases and occurs as gyttja. 

At 4 m depth, there is a yellow-white layer of almost pure carbonate 
soil (marl). Further down, the soil is calcareous with a content of 
calcium carbonates of 80 to 90 per cent. The organic content here is 
about 5X. At about 7 m depth, the organic content increases somewhat and 
the soil is classified as a calcareous gyttja. The organic contents and 
contents of calcium carbonates are shown in Fig . 28. 

CONTENT , ¾ 
50 100 

E 2 

:r3 
t-
Cl. 
W4 
0 


Orggnic cortent 

5 

6 Carbonate cortent 

7 

g.,___ ___ _______________J 

Fig. 28. Organic contents and contents of calcium carbonates. Antoniny, 

Bialosl.:iwie. 

The samples, which were freeze-dried and later examined in the scanning 
electron microscope, revealed that the peat consists of a mixture of de
composed plant remains and mineral particles in silt to clay sizes. The 
mixture is rich in various kinds of diatoms. The X-ray diffraction 
showed a large amount of calcium, considerable amounts of silicon and 
iron and some sulphur, Fig. 29. 

The corresponding examination of the calca reous soil from about 6 metres 
depth showed a homogeneous material consisting of particles or aggregat
es of partic les in silt to clay s izes. The X-ray diffraction s howed a 
very large amount of calcium and this peak is so dominant that nothing 
else can be observed in the diagram, Fig. 30. The investigations at DG , 
however, have shown that there is a significant amount of sulphur also 
in this layer. 
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Fig. 29. 	 Micrograph arrl X-ray diffraction diagram for peat fran 

Antoniny, Bial.osl:iwie. 
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Ca 

Fig. 30. 	 Micrograph ani X-ray diffraction diagram for calcareoos soil 

£ran Antoniny, Bialosli.wie. 
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4.1 Deformation and consolidation characteristics 

0edometer tests were performed as CRS tests and incrementally loaded 
tests on the samples taken with a Borro 0 60 mm sampler, as CRS tests on 
the samples taken with the standard piston sampler and as step loaded 
compressiometer tests on samples taken with the Swedish peat sampler. 
The oedometer tests were performed on samples with 0 50 mm diameter and 
a sample height of 20 mm, while the compressiometer tests were performed 
on samples with a diameter of 100 mm and a height of 45 mm. 

The preconsolidation pressure o' • the coefficient of consolidation cv 
and the coefficient of secondarypconsolidation as have been evaluated 
from the steploaded oedometer and compressiometer tests. The preconsoli
dation pressure has been evaluated according to Casagrande (1936), Fig. 
31 . 

VERTICAL PRESSURE I LOG SCALE I 

o, 

Fig. 31. The Casagrarne ireth.'.Jd for evaluating the preconsolidation 

pressure. 

In this method a horizontal line and a tangent to the oedometer curve at 
the point with the smallest radius of curvature are drawn. The angle 
between the horizontal line and the tangent is bisected. The stra ight 
portion of the oedometer curve is extended and the preconsolidation 
pressure is evaluated as the pressure at the in tersect ion of thi s line 
and the bisectrix . 

The coefficient of consolidation has also been evaluated according to 
Casagrande. Thi s method involves plotting the deformation versus the 
logarithm of time, Fig. 32. 
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Fig. 32. casagrarrle construction of cv. 

U=O is constructed by assuming a parabolic shape of the first part of 
the curve. U=100X is constructed as the intersection between the tangent 
to the curve at its point of inflexion and the extension of t he stra ight 
end part of the curve. £ at 0=50X is then calculated, t is con

50 50 
struc ted and cv is calculated from 

H2 
50

C = T 
V 50 ~ 

For oedometers with drainage from both ends H =H (1-£ l/2
50 0 50 

where H is initial samp le height and the time factor T =0.197. 
0 50 

The coefficient of secondary consolidation can then be evaluated from 
the slope of the curve after the excess pore pressure has disappeared 
and thus the hydrodynamic delay of the deformations has ceased. The 
coefficient of secondary consolidation can be expressed as 

as= d£/dlogt 
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The oedometer tests with constant rate of strain are evaluated according 
to Swedish practice as follows (Larsson and Sallfors 1985): 

• From the tests, continuous curves are obtained for the relations eff
ective vertical stress versus deformation and permeability versus defor
mation. From the first relation, a continuous curve for variation of the 
compression modulus with effective stress can be evaluated, Fig. 33. 

• The preconsolidation pressure is evaluated according to Sallfors, 
(1975). The two straight parts of the stress - strain curve are extended 
and intersected. An isosceles triangle is inscribed between the lines 
and the stress - strain curve. The intersection point between the base 
of the triangle and the upper line represents the preconsolidation pres
sure o' . This construction is sensitive to scales and is therefore 
always pmade in a plot where the scales are such that the length repre
senting 10 kPa on the stress axis corresponds to the length representing 
1% on the strain axis. 

• After determination of the preconsolidation pressure, the stress 
strain curve for higher stresses is moved horizontally a distance c to 
pass through the point where o' was evaluated (Larsson 1981). With the 
low testing rates used accordin~ to Swedish practice, the value of c is 
usually small. As shown by Larsson and Sallfors (1985) the adjusted 
stress strain curve so obtained corresponds very well to the curve obta
ined from standard incremental tests. 

• The modulus-stress plot is now modified. The initial constant modulus 
M is extended too' . At o' the modulus is assumed to drop instantan
e8usly to the secoRd cons~ant modulus ML. The part of the curve where 
the modulus increases linearly with effective stress is moved c kPa to 
the left. The stress at the intersection with the constant modulus o'L 
is evaluated and the modulus number M' is evaluated as AM/Ao' for the 
part of the curve where the compression modulus increases linearly with 
effective stress. 

Thus the curve is divided into three parts: 

1 . 	 The part in the stress interva l o' - o' P where M=M
0 	 0 

2. 	 The part in the stress interval o'p - o' where M=ML 
3. 	 The part in the stress region where o'>o~L and where 

M=ML +M'(o'-o'L). 
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• The initial modulus from the first loading of a natural "undisturbed" 
sample in the oedometer is never used. It is a lways too low compared to 
in situ initial modulus due to sample disturbance, swelling, and inper
fect fit in the oedometer. In most cases M has been estimated from em

0
pirical relations such as M~250 "fu or M~5o op. To obtain a useful

0 0
value of M in the laboratory, the sample has to be unloaded when o is 
just excee~ed to the "in situ'' effective vertical stress o' • It s~ould 

0
then be allowed to swell before it is reloaded. M is then evaluated 

0
from the reloading curve. 

• The permeability is evaluated by simplifying the log permeability
strain curve to a straight line. The initial permeability ki is 
evaluated at the intersection of the straight line and the horizontal 
line £=0 and the decrease in permeability with compression is expressed 
by the parameter ~k = - 6 log k/6£. 

Test on dry crusts, silts and remoulded clays can be evaluated using the 
same parameters, although the patterns often differ (Larsson 1981). 

Recent investigations at SGI have shown that the compression parameters 
used for clay are useful also for peats. Lefebvre et al 1984 have 
suggested that natural strains should be used for peats and this may be 
a more accurate description of the compression characteristics. However , 
for the limited range of stresses that have been of interest in Swedish 
projects the difference is small . 

No information on the rate of secondary consolidation is obtained from a 
CRS-test. To obtain this soil property, either empirical relations have 
to suffice or suppl ementary incremental tests have to be performed. 

There was no obvious difference in evaluated preconsolidation pressure 
in the different types of test or the different samples . The evaluated 
stress - s train curves from incremental tests and tests with constant 
rate of stra in were also compatible. The stress-strain curves from dif
ferent samples of the peat indicated, however, that the samples taken 
with the standard piston sampler in this material were slight ly more di
sturbed (compressed) than the other samples. 

The results from the oedometer test s are l isted in Table 4. 
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Table 4. Results fran oedaneter tests (average values) . 

Depth 
m 

Test Sampler Number 
of tests 

I 

~8a 
ML 
kPa 

I

OL 
kPa 

M' a 
kPa 

k 
m/s 

fl k Cv 
m2 /s 

as 
% 

1.47-1.64 

1. 47-1. 64 

CRS 

Step 

$ 60 

$ 60 

5 

3 

14.8 

:::15 

122 31.8 6.8 13.9 1. 7-10-8 4.2 

10-6  10-8 2. 6- 2. O 

1.47-1.64 Step $ 100 3 "' 14 10-5 -10-7 2.9-2.3 

2.0 CRS $ 50 5 15 120 28 8. 1 13.0 1.7 · 10-8 4.2 

(JI 
(JI 

3.0 

4.0 

CRS 

CRS 

$50 

$50 

3 

2 

17 

23 

240 

382 

65 

50 

7.3 

8.9 

32 

7 

4-10-9 

4.10-10 

3.0 

2.1 

5.0 CRS $50 3 21 260 39 10. 5 14 5 · 10-10 2.2 

5.67-5.84 CRS $60 5 19.4 288 41. 2 11. 7 16.6 8.3-10- 10 2.2 

5.67-5.. 84 Ste~ $60 3 "'20 10-1-10- 9 2.0-1.4 

6.0 CRS $50 5 19.8 320 44 11. 9 17 8.8· 10-10 2.2 

7.0 CRS $50 2 23 145 40 9.3 24 1.6· 10-·9 3.4 



The preconsolidation pressures showed an unusual profile, Fig. 34. Down 
to 4 metres depth, the soil seemed to be normally consolidated for a 
ground water level about 1.5 m below the ground surface, while the soil 
in the bottom was normally consolidated for a ground water level on ly 
0.5 m below the surface. 

o;, kPo 
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0 

-0,5 Fictive ground water level 

6.' 
0E 2 

:r:3 

t-

Q. 

UJ 

0 


5 

6 

7 

' 
0~ oedometer test 

Fig. 34. Preconsolidation profile at Antoniny site, Bialosliwie. 

The results from the oedometer tests gave unusually large deformations 
up to the preconsolidation pressures and consequently very low recom
pression moduli. This is normally interpreted as a sign of disturbance, 
but the results were consistent for all samplers and tests. 

It was later found that the effective stresses in the ground were very 
low due to artesian water pressure and the soil was overconsolidated in 
spite of the low preconsolidation pressures. This usually means that the 
soil has swelled due to unloading and that the recompression modulus 
becomes relatively low. Recompression moduli calculated from overconsol
idation ratio and empirical swelling characteristics were of the same 
order as the measured values. 

The artesian water pressures also largely explain the unusual preconsol
idation in the profile. 

The compression rharacteristics measured in the oedometer tests can thus 
be expected to be fairly representative for the soil in situ. 
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The coefficients of consolidation evaluated from the different tests 
vary greatly in the peat. 

As the highest values are measured in the tests with the largest specim~ 
ens, incomplete saturation can be assumed to be the main reason for this 
inconsistency. The permeabilities and coefficients of consolidation for 
the peat measured in the oedometer tests are_thus not quite relevant for 
the field conditions . 

The coefficients of consolidation evaluated from the step-loaded tests 
on calcareous soil are consistently somewhat lower than the correspond
ing values from CRS tests, which indicates that a certain amount of 
creep occurred in the tests. 

The maximum coefficients of secondary consolidation ranged from 2.6 
-2.9% per log cycle of time in the peat and 2.0 - 2.1%/log tin the cal
careous soil. 

Tests have been performed at DG in order to measure the coefficient of 
earth pressure during consolidation K. Drained triaxial tests have then 
been performed to estimate ''moduli of

0 
elasticity" to be used in deforma

tion analyses. The samples in the tests have first been K -consolidated 
0

and then sheared with constant horizontal stress. The "modulus of elas
ticity" (Young's modulus) and its variation with deformation were mea
sured during the shearing phase on samples with different consolidation 
st resses. 

Ot her tests have been performed to measure the anisotropic consolidation 
properties in a triaxial apparatus equipped with an ultrasonic measuring 
device to measure lateral strains. (Wolski et al 1985) 

4.2 Shear strength characteristics 

The undrained shea r strength as measured i n the routine fal l cone tests 
conformed to the undrained shear strength from field vane test s , Fig. 
35. 

The strength of the soil was also investigated by drained and undrained 
direct simple shear tests and drained and undrained triaxial tests. The 
latter were performed as both active compression and passive extension 
tests . The equipments used are specially designed for soft soils and 
have been described by Larsson (1981). 
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Fig. 35. Initial. uzrlrained shear strength at Antoniny site as rreasured 

by field vane tests am fall cone tests. 

Drained direct simple shear tests were run on samp les from 1.5 and 5.8 
metres with vertical stresses from 15 kPa, which is the lower lim i t for 
the apparatus, and upwards . Peak failure was not obtained in any of the 
tests, but the drained shear strength was evaluated according to Swedish 
practice as the shear stress at 15% deformation . The drained shear 
strengths thus obtained were ~fd = 0.35 o' for the peat and ~fd= 0.34 o' 
for the calcareous soil. 

When the tests are corrected for dil atancy ef fec t s the int ernal ang le of 
frict ion at constant volume becomes just below 30° for both peat and 
calcareous soi l. 

Undrained direct s imple shear tests were also performed but due to the 
limitat i ons of the apparatus the samples had to be preconsolidated to an 
elevated effective vertical stress higher than the i ni tia l stresses as 
well as the initial preconsolidation pressure. A new preconso l idation 
press ure of 50 kPa was chosen. The undrained shear strength at this 
stress leve l was ~fu = 0.33 o 'p for peat and ~fu = 0.30 o'P for the 
calcareous soi l . 
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Drained triaxial tests were peformed as active tests. The tests were 
stopped at 15% axial deformation. At ~hat deformation shear failure was 
neither obtained nor approached. The tests followed the usual pattern 
for very soft soils with a rather stiff response for stresses up to the 
preconsolidation pressure . At the preconsolidation pressure, large volu
metric compressions started and the stress increased only slowly with 
increasing vertical deformation. The angle of internal friction correct
ed for volume change was found to be about 32° for the peat and about 
30° for the calcareous soil. 

Undrained triaxial tests were performed as active and passive tests on 
samples reconsolidated to very low "in situ" stresses. Active tests were 
also run on samples which had consolidated for stresses above the in 
situ stresses to investigate the increase in shear strength with precon
solidation pressure and the effective strength parameters. 

For the peat the undrained tests at in situ stresses gave an average 
active undrained shear strength of 6.8 kPa and a passive undrained shear 
strength of 5.0 kPa. The corresponding values for the calcareous soil at 
5.7 m depth were 8.8 kPa and 5.0 kPa . The failure deformations were for 
both soils about 5 - 7% axial strain. Typical stress-strain curves are 
shown in Fig . 36. 

The stress paths in the undrained triaxial tests gave effective stress 
parameters of c' = 2 kPa and 0' = 30° for the peat as well as for the 
calcareous soil, Fig. 37. 
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Fig. 36. Stress-strain a.u:ves in urrlrained triaxial tests on soil fran 

the Bialosl:iwie site. 
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Fig. 37. Effective stress paths in urrlrained triaxial tests on soil 

fran the Bialoslwie site. 
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A comprehensive series of tests, including triaxial tests as well as 
direct simple shear tests, has later been carried out at DG to investig
ate the effect of consolidation stress on the undrained shear strength. 
It was then found that the undrained shear strength depended on the ef
fective stress level before shear in the soil. The effective stress 
level ESL is related to the initial preconsolidation pressure in the 
soi 1 (o' ) and is expressed as 

p 0 

ESL = (o ' ) / o' p o V 

where o'v is the vertical effective stress before shear . The _normal
ized undrained shear strength was found to be a bilinear function of log 
ESL so that 

mnc 
o' ·S·(ESL) ESL i 1,:fu = V 

moc 
= o' 	 ·s· (ESL) ESL > 1,:fu V 

where 

S 	 ratio of normalized undrained shear strength in the 
initial normally consolidated state 
(-c:f/o' ). 
This ra~io varies with initial preconsolidation 
pressure . 

slope of the relation between log 
(-c:fu/o'v) and log ESL in the normally 
consolidated state (ESL i 1). 

slope of the relation between 
log(-c:fu/o'v) and log ESL in the 
overconsolidated state (ESL > 1). 

The results are in good agreement with t he pre l iminary investigations at 
SGI. They show, however, that the usual assumption that the undrained 
shear strength is a direct function of the preconsolidation pressure is 
an oversimplification for this type of soil. 

Taking all undrained triaxial and direct simple shear tests into account 
the initial undrained shear strength is evaluated as in Table 5. 
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Fi g. 38- Norma.l.ized urrlrained shear strength versus n:)rmaJ.ized 

effective sress level fran lalx>ratory tests. 

Tabl e 5 . urdrained shear strength fran triaxial tests an::l direct simple 

shear t ests. 

Und rained shear strength, kPa 

So i l ,:passive 

Peat 6 .8 5.7 5.0 5.8 

Calca reous soil 8.8 7.0 5.0 6 . 9 

The results from the more advanced laboratory tests are compared t o 
the re sults from vane shear tests and f al l cone tests in Fig. 39 . 
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Fig. 39. 	 Evaluated initial un:irained shear stren;Jths at the Antoniny 

site. 

The average shear strength (~AVERAGE) agrees closely with the corrected 
field vane and fall cone tests in the peat layer, but is about 20 per 
cent lower in the calcareous soil. This difference probably partly 
depends on sample disturbance but factors such as membrane corrections 
and measuring accuracy may also play roles when the materia l is so soft 
and has such a low strength as in this case. Furthermore, the correction 
factors for vane shear tests and fall cone tests originate from experi 
ence with more ordinary soils and their validity for an almost pure cal
careous soi l may be questioned. The field vane tests and the fall cone 
t ests gave unusually high shear strength values in relation to the pre
consolidation pressures. According to the SGI recommendations, there is 
then a cons iderable risk that the shear strength values will have to be 
reduced more than is done with the general correction factors. 

Further oedometer tests have been performed at SG I and DG to establish 
the preconsol idation pressures at the end of stages 2 aod 3. 
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4.3 Yield envelope 

To enable a prediction of deformations with an elasto-plastic soil model , 
the different stress ranges where e l astic strains occur and where the 
strains become plastic have to be separated. This is often done by de
fining a yield envelope in a q - p' (deviatoric stress - isotropic ef
fective stress) stress space which separates the two types of behaviour 
(Schofield and Wroth 1968). 

The most common theoretical soil model s assume yield surfaces whose lo~ 
cations are dependent solely on the void ratio of the soil and whose 
shape is independent of the stress history of the soil. Laboratory tests 
on natural soft clays, however, have shown that the shape of the yield 
surface 1s strongly affected by the stress history of the soil. Thus 
Tavenas and Leroueil (1977) suggest that the yield envelope for soft 
soils can be described by an ellipse centered around the K -line during

0 
consolidation and Larsson and Sallfors (1981) suggest that the yield 
envelope can be defined by the preconsolidation pressures in (usually) 
vertical and horizontal directions and the Mohr/Coulombian failure 
lines. 

In order to determine the yie ld envelope for the calcareous gyttja at 
the Antoniny site several triaxial tests were performed at DG (Lechow1cz 
and Szymanski 1987). 

Two series of tests were run. In the first series of tests, the samp l es 
were consolidated along a stress-path with K = 0.45 and in the second 

0
series with k =0.6. In both series, the samples were consolidated for a 

0
vertical stress of 205 kPa, whereupon they were unloaded. After unload
ing, the samples were reloaded in small drained steps along stress paths 
with constant q/p' ratios. 

The yield points were estimated from the stress- volume change curves as 
the points where large volume changes start, similar to the eva luation 
of a preconsolidation pressure from an oedometer test. 

The yield points and various yie l d envelopes are shown in Fig. 40. As 
can be seen in the figure, the yield points along stress paths with high 
horizontal stresses strongly deviate from the Cam-clay model. On the 
other hand, they rela tively closeby agree both to the shape suggested by 
Tavenas and Leroueil (1977) and the more closely defined shape suggested 
by Larsson and Sallfors (1985). The yield envelope for the calcareous 
gyttja at the Antoniny site can thus be described in the same way as the 
yield envelopes for natural clays and its shape is strongly dependent on 
the consolidation stresses. 
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4.4 Geodrain tests 

The low shear strength of organic soils often necessitates some kind of 
soil improvement or special construction procedure. One of the methods 
most often used in engineering practice is preloading and construction 
by stages. This method, however, requires that the soil is allowed to 
consolidate for the imposed loads before any improvement can be taken 
into account. The consolidation process often takes a long time, especi
ally in highly compressible soils with low permeabilities, such as 
gyttja and highly decomposed peat. As a relatively short construction 
time is often important, the consolidation process is often accelerated 
by use of vertical drains. Vertical drains, both sand drains aDd prefab
ricated drains of various types, have been used with good results in 
clays. Good results have also been obtained in Sweden by using sand 
drains in organic soils . 

In order to check the effectiveness and durability of prefabricated ver
tical drains in organic soils, a special investigation was made at DG in, 
addition to the installation of prefabricated drains with paper filters 
under one of the embankments. This investigation was made in order to 
find an answer to the following questions: 

• 	 What is the rate of deterioration of drains with paper and polyester 
filters in organic environments 

and 

• 	 How does this affect the discharge capacity of the drains? 

To study these effects, thin-walled perforated steel tubes were pushed 
into the soil outside the test embankment with vertical drains, Fig. 41. 
The steel tubes had a diameter of 320 mm and a length of 6 m. A prefab
ri cated drain was installed in each tube. Two types of drains were used, 
one with a polyester filter and one with a paper filter. The tubes with 
the drains were then left in the ground for some time and then the whole 
tubes containing soil and drains were pulled out. Fig. 42. 

The first tubes were pulled out 250 days after the installation of the 
drains and the following tubes were pulled out after 500 days and 1.000 
days in the ground. The tubes were cut in pieces and the outer steel 
tubes were then removed so that samples of soil with a central drain and 
dimensions 750 mm diameter and 300 mm length could be trimmed. 

''Undisturbed" samples prepared in this way were mounted in a special 
triaxial cell developed at DG to evaluate the discharge capacity of the 
drain , Fig. 43. 
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Fig. 43. 	 LaOOrarory eqw.i;;roent ror test:t.Iq of discharge capacity of 

prefabricated drains an:i pnto of a tested drain. This drain 

originally was equipped with a paper filter which has deterio

rated after installation in the grourrl. 
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The triaxial cell has specially designed base and top plates with slots 
for insertion of the ends of the drains. The slots are connected to a 
water flow system by large diameter tubes enabling transmission of water 
through the drains without interfering flow resistances in the measuring 
system. 

The samples were first consolidated to the in situ stresses and the dis
charge capacity of the drains was measured by unit hydraulic gradient. 
The consolidation stresses were then increased in steps up to 250 kPa 
and the discharge capacity was measured after each step. 

The values for initial discharge capacity were obtained by testing labo
ratory prepared samples. These samples were formed of remoulded peat or 
organic calcareous soil with drains in the centre. The samples were then 
consolidated for 10 days. 

The initial discharge capacities for the two types of drai n were almost 
equal. They were about 2.400 rn3 /year at very low confining pressures. In 
both cases, they dropped by about 40 per cent at very high confining 
pressures, fig. 44. 
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The discharge capacity for the drains that had been in the natural 
ground for some time decreased considerably. In the case of the polyest
er filters, the discharge capac ity at low confining stresses decreased 
by about 25 per cent during the first 250 days in the ground but the de~ 
crease thereafter was very moderate. In the organic calcareous soil, the, 
discharge capacity decreased with increasing confining stress in a way 
s imilar to the in it ial discharge capacity. In the highly decomposed 
peat, the decrease in discharge capacity with increas i ng confining pres
sure became higher, which indicates that some clogging of the drains may 
occur due t o organic matter being squeezed through the pores of the 
f ilter . 

The decrease in discharge capacity was much greater for the drains wit h 
paper f i lters. Already after 250 days in the ground, the di scha rge capa
city at low conf i ning stresses had decreased by 50 per cent and this de
crease continued wi th time. After 1.000 days, l ess than 10 per cent of 
the original discharge capacity remained. Furthermore, the discharge ca
pacity rapidly decreased with increasing confining stress and became 
very sma ll at higher pressures. 

The reason for the large environmenta l effects on the paper filters 
could readily be observed at a visual inspection of the fil t er s. After 
250 days in the ground, vi r tua ll y nothing remained of the paper filt ers. 
The remaining discharge capacity was due to the fact that the so i l had 
not been squeezed into the channels in the plastic core, which were 
mainly standing open. With time and increasing pressure, however, t hey 
became more and more clogged with soil. The polyester filters, on the 
other hand, seemed practically unaffected by the environmenta l condi
tions. 

The decrease in discharge capacity wi th time and i ncreasing pressure is 
normal ly not a serious prob lem, as the discharge capacity required for 
the drain to function is relatively small. It can thus be conc luded that 
drains with polyester filters should work as intended also in or ganic 
environments . 

However, the function of drains wit h paper filters in or gan i c environ
ments must be questioned. In the case descri bed here the paper was 
tota l ly destroyed in less than 250 days. Even i f some disc harge capacity 
remained in the tests, ·it shoul d be considered that the dr ains were pro
tected against mechanical actions and st ress increases similar to t hose 
occurring in a consolidation process under a loaded area. 
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5. GEOTECHNICAL CONDITIONS 


This chapter summarizes the geotec~nical conditions before the test em
bankments were constructed. The presentation is consciously simplified 
to give a general idea of the soil conditions . 

The upper two metres of the soil consists of amorphous peat wh1ch is 
very calciferous. The ground surface is covered with grass vegetation 
and there is an abundance of cracks and root channels in the upper parts 
of the peat. Further down, the carbonate content increases and the 
organic material decreases and occurs as gyttja . At 4m depth there is a 
yellow-white layer of almost pure carbonate soil (marl). Further down, 
the soil is calcareous with a content of calcium carbonates of 80 to 90 
per cent. The organic co ntent there is about 5 per cent . At 7 m depth, 
the organic content increases somewhat and the soil is classified as a 
calcareous gyttja. Below 7.8 m depth there is dense sand . 

5.1 Stress conditions 

The bulk density of the organic and calcareous soil is low. This fact, 
combined with a high ground water level and artesian water pressure in 
the underlying sand, has resulted in very low effective stresses in the 
natural ground. No extreme variations in the ground water situation have 
occurred during the construction period, even if the area has been sea
sonally flooded and the pore pressure in the sand layer has varied some
what. As an average cond ition , it can be assumed that the free ground 
water level is at a depth of 0.2 m below the ground surface. Down to 2 m 
depth the pore water pressure can be assumed to be hydrostatic from the 
free ground water level. In the underlying sand at 7.8 m depth the water 
pressure is artesian and has been measured as corresponding to a water 
head 1.0 to 1.5 metres above the ground surface. This means that there 
is an upcoming ground water flow. The gradient seems to be fairly co n
stant between 2.0 and 7.8 m depth. 

The initial effective stress situation is relatively unusual. The effec
tive vertical st resses in the comp ressible layers are only a few kPa and 
are almost constant with depth. The soil is overconsolidated, but the 
overconsolidation ratio varies depending on the fluctuations in ground 
water level and artesian water pressure in the underlying sand. Due to 
the low stresses, the degree of overconsolidation is very sensitive to 
the ground water situation. 

The site is usually flooded in the spring and at other periods the 
ground water level may be lower than the normal level. A ground water 
level at a depth of 0.5 m has been registered during the construction 
period. Owing to the short drainage paths and the high overconsolida
tion , the effects of changes in the ground water level will relative ly 
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quickly affect the stress situation in the peat. The effect of changes 
in free ground water level and artesian water pressure in the calcareous 
soil will take longer to penetrate the entire layer. The normal stress 
situation is shown in Fig. 45. 
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Fig. 45. Initial. soil properties at Antoniny site. 

5.2 Shear strength 

The undrained shear strength of the soil has been measured in a large 
number of vane shear tests in the field and by fall cone tests during 
the routine investigations in the laboratory. Series of active compress
ion and passive extension triaxial tests and direct simple shear tests 
were run on samples from two levels. The undrained shear strength 
profile is shown in Fig. 39. The evaluated undrained shear strengths are 
very low and only amount to 5 - 6 kPa in the peat and 7 - 8 kPa in most 
of the calcareous soil. There is no unique relation between the undrain
ed shear strength and the preconsolidation pressure in these soils. A 
better relation for the variation of shear strength with stress can be 
obtained by an exponential function. The parameters in this function 
change at the preconsolidation pressure. 

The undrained shear strength is strain rate dependent and it is there
fore important to follow standardized testing procedures. Shear strength 
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values obtained in field vane tests have to be corrected. Such correc
tion factors related to the liquid limit of the soil have been proposed 
by SGI (Larsson et al 1984). These correction factors are mainly based 
on experience from other types of soil but a comparison between the 
average undrained shear strength from qualified laboratory tests and the 
corrected strength from field vane and fall cone tests shows that the 
factors are of the right order also for the soils at the Antoniny site. 

The effective strength parameters for both the peat and the calcareous 
soil have been found to be c'= 2 kPa and 0'= 30° within the stress 
levels of interest. 

5.3 Compressibility 

The compression characteristics have been determined in a large number 
of incremental oedometer and compressiometer tests, as well as oedometer 
tests with constant rate of strain. Samples taken with different types 
of samplers have been tested. There is no obvious difference in evalu
ated preconsolidation pressures in the different tests or the different 
samples. The evaluated stress-strain curves from incremental tests and 
tests with constant rate of strain were also compatible. The stress
strain curves obtained from different samples in the peat indicate, how
ever, that the samples taken with the Swedish standard piston sampler in 
this material were slightly more disturbed than the other samples. 

The preconsolidation pressures corresponded to a soil normally consoli
dated for a ground water level 1.5 m below the ground surface down to 4 
m depth and a ground water level 0.5 m below the ground surface below 5 
m depth. The prevailing ground water conditions are a free ground water 
level only 0.2 m below the ground surface and artesian water pressures 
in the sand at 7.8 m depth. This means that in spite of the low precon
solidation pressures the soil is overconsolidated. 

The soil is highly compressible with moduli just after passing the pre
consolidat ion pressure of the order of 120 kPa in the peat and 300 kPa 
in the ca lcareous soil. Also the recompress ion moduli at stresses be low 
the preconsolidation pressure are fairly low. 

The initial permeabilities are low, ranging from 2·10- 8 m/s in the peat 
down to 4·10- 10 m/s in the calcareous soil. They decrease significantly 
with compression. The low moduli combined with the low permeabilities 
make the consolidation process time-consuming. 
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6. OBSERVATIONS OF THE TEST EMBANKM~TS 

6.1 Deformations 

The vertical movements in the soil were observed by four types of mea
suring devices; hose settlement gauges, sur face plates, screw plates and 
magnetic settlement gauges. The magnitude and the distribution of total 
vertical settlement was measured at the contact surface between the ori 
ginal ground and the embankment by hose settlement gauges. The total 
settlement distributions at various times for the two test embankments 
are shown in Fig. 46. 

The compressions of the peat layer and the calcareous soil have been se
parated by levelling the surface plates and the screw plates at the in
terface between the two types of soil, Figs. 47 and 48. 

The distribution of settlements with depth has been measured by the mag
netic settlement gauges and is shown in Fig. 49. Due to the large defor
mations problems with buckling of the tubes for the measuring device 
occurred with time and at the end of the observation period the device 
could not be lowered to the bottom in all the tubes. 

The horizontal displacements were measured by inclinometers in and 
outside the slopes of the embankments. The results are shown in Figs. 50 
and 51. 

The deformations in the soil developed largely as follows: 

• 	 In the FIRST STAGE, when 1.2 metres of sand had been in place for 
about 150 days, the vertical settlements for both fills were about 
0.4 metres. The maximum hor izo ntal displacements for the fill without 
drains were about 0.15 m while they were only about 0.05 m fo r the 
fill with vertical drains. The rate of consolidation seems to have 
been higher under the fill with drains in this stage. 

• 	 In the SECOND STAGE, the fil l without drains was increased by 1.3 m 
of sand and the fi l l with drains by 1.5 m of sand. The sett lements a 
year l ater had increased to 1.1 m for the fil l without dra i ns and to 
1.2 m for the fil l with vertica l drains. The ma xi mum horizonta l de
formations had increased to about 0.35 m for both fills. 

• 	 In the THIRD STAGE, the fill without drains was increased by another 
1.4 m of sand and the fill with vertical drains by 1.3 m of sand. Two 
years after the final load application, the settlements had increased 
to 1.8 m for the fill without drains and 1.9 m for the fill with 
drains. The maximum horizontal displacements had increased to abo ut 
0.55 m in both cases. 

74 



----------------

al Embankment No.1 It 

I 
3,6 3,9 4.2 11. 6 4.2 3.9 3.6 

.,,,..----L-----..
.,,,- · III ' 	 1.4 

\·.'>_,.....-""'- - - - - - 7 - - - - - - ~-..!_.-J 
___... 	 . II ......__ 1.3 

.,,,-L-------------------· >--..._ 
1. -0.2 

0,0 v, 
rn 
--t 

0.4 --t 
r 
rn 

0,8 ~ 
z 
--t 

1.2 
3 

1.6 

2.0 
0 5 10 15 25 30 35 40 45 (ml 

Sta ~ 

Data 

Symbol 

b) 	 Embankment No. 2 t. 

I 
> 3.6 r 4.5 ,, 3.9 " 11.0 3, 9 l' 4,5 t 3, 6 ,.1 

I 

1.3
\.3 _:::-_ - - - - - - fl~ -- -__ .::-:_.,,.___ 1.J_.___... -.II --..:.--....... 


1.5
,.r'. 	____ _______ ---- -------- ---

-	 I --....... 
 - 0.2 
o.o 

l/1 
rn

0.4 	 --t 
--t 
r 
rn

0.8 	3'. 
rn 
z 
--t 

1.2 

3 
1.6 

2.0 
0 5 10 15 20 25 30 35 40 1.5 !ml 

Fig. 46. Distrih.ztion of settlaoonts urrler the test anbankments. 

75 




--- -- ----- -----

---- ------

-----

• 3,6 ( 
3,9 4,2 .... 11,6m , 4,2 3,9 f 3,6 f 

1 ,' 14,0 , 3,0 6,0 11,5m ,...f 1 r 'I 

'\-.3. 

S-10 S6 S4 S2 
Peat 3,1 

S9 S7 S3 S1 

Calcareous soil / gyttja 4,7 

· ·Sand·· 

0,3,-----,-------,----,-- -----,-------.------.------.-- ----, 

...-~·:.·.:..~·--.-~:::.:.:. ·.·.·.:...:...:.::::.:.:..:. ·:.-~:--~ ::~·-·.·.::.:;..::.-~:: .:..:...:.=..:::;.;_;_:_:_:_·:.~::~, 

o~..:.::::.:_---------·"'·-~-----~------· 
~.... Peat 

0,3 ...::.: --- ---- -- ------~ --- -
0·51===TI1s~2f-1-]rsr1f1--t=====t=""""'-::::::p=~==F====f===~-~-t~~:·j

- 1S4)-1S3) 
0.9 -·-·· 1S6)-(S5) 

-··-··· 1S8l-1S7l 
.......... (S 1))-(S9) 


O~-:.... ...:._ . --· 
-.:::--- Calcareous soil/ gyt\ja0,3i------r---._;::--~-,.o;;-;-=:-_- _- _-t-_-_- _--+-....C....C.C..C..CC'--"-'-'r--=:..:.:....;_;,u_.:..:,c=------1-- ---l 

E 0.6t- - - + --- -t---=~..........._ ---lf-..:::..::.=.==-1:::.::=.=:.===1
--~s-=--1- :--+----+

~ S3 -- c 0,9 -·-·- S 5 
QI S7 

; 0,3t-- ---S::,.::.8----+- ---l----+-----+-----+-----+---- --1 

QI ..:.,;:::~:..:..:.-.-.:..~·-:~-=~.~=--~- .-.:...:.:..:. ·.: ~ :-.-~--=~ ·.·.:..:..:..:..:...-.·...:..:.~--·.:.:..:..:..:..:.-.· ~-.:.:..:..:.:;:.:. 
V) 

0 ~- _.----..__ .-1--· ·-1--- ·-. ·- • , 
~ -- -~ .------ ___,___. 

03 ' .... __ 

' ',\ , __ Total settlement 
0,6r------t...,~:---'-"--<at-::_- - -+---- t----+---+ - --+-- --..j 

0,9 r------t---"'-sa:-.... - +-- _-_-_ _ _ - -+----I±----- ---"".....-:b - - +_-_ _-_-1f--

1,2t-==--~;:'-;;-- -+ -j'-- --"...--t---- +-- - -+--__ -_ --l--- - -_- -...j-- --- ---- - - - _ _
S2 , 
S 4 

1.5 S6 

S8
1 8~:.:..:.:.:..::..:.:~S:!1DL_--:b---b-
· 0 160 320 480 

"--r---... 

-L- - -L---L===::jc:===d
640 800 960 1120 1280 

Time .days 

Fig. 47. Subsoil. settlaoon.t wrler Elnbankment No. 1. (settlaoon.t gauges) . 

76 



--

--- ----- ----

• 3.6m • 4.Sm • l9 m , 11.0 m f 3.9 m .( 4.5m ,r 3.6m l' 
_,. 5.0m ~ 6.o'm ,,. • 11.5'm 

1.3m 
1.Sm 

· .. : ·. . . . -~· . . 2m 
S-23 S-19 

3,1 m 

S-22 S-18 S-16 
CALCAREOUS SOIL /GYTTJA 4.7m 

PEAT 

....: . ··....~ ·... ·.. '." .· ,. .. _. . .._: .·· . . . . . ..... · SAND •: ·:. •:- · .: ._-. -· : · · ·...·, 

·Q3 

.. .. . --·· . 
. .. -....--:--··-··-··-·· ---·· 0 

\,_ PEAT 
0.3 

~ ---- ---.... ,... _____
Q6 ·
-- (S-17)-(S-16) "-.:: ----- ------· ----i-.... 
---- (S-19)-(S-18)

Q9 - • - (S-21 )·(S-20) 
- ··- (S-23)-(S-22)·0.15 .. - .. . .. .. - .. . . 

0 . ---·· . ··--·· .··-·-· . -· ·~ CALCAREOUS SOIL / GYTTJA 

0.3 


0.6 "---- ----- ----- .... ____-
--- S-16 -- ---- ~---- ----
---- S-18E 0.9 -·- S-20 ' -··- S·22 

·0.3 
i...... •• __/··-·· ·-··- ·-··- ··-···-··-· -·· 1-

z 0 -··-:--·. ,....__ . --· 
LJ.J 

~ 03 
~..... 

LJ.J • 

...J 
-l TOTAL SETTLEMENTS 

h 
1- 0.6 
I- "'........
·- . . w 0.9 
Vl ·-----...., ....~ 

1.2 
~ 

\ --- - -
1,5 --- S-17 " .......___ 


S-191.a --- -·- S-21 
-··- S-23 

1 
160 320 480 640 800 960 1120 1280 

TIME (days) 

Fig. 48. Subsoil settlarent wrler Embankment No. 2. (Settlarent gauges). 

71 



--

---- ----

-- - - --

0 

&0..--------,,-------r-----r-----.---..-,-- -----.,----.---,----.-,-----, 

"------............_ VERTICAL MeJVEMENT OF EMBANKMEtfl' CREST 


7,0 _ // 

.....___ 17\ --- 

~6~l--~J~c-==-==-~-:::::-;;,;---1;;;:ij"""'\.::,,1~4~~J::::t::::::::±::::::::=:t:====d
_J ;v ........_r----........ --- ~ 
~ --t---~----4----..J 
UJ 
...J 

s.: 

-M1 

4 4 --- M2peat 3,1
3,0 3 

;z ~ calc. soil p 
·. ·... ·-- ....• . . .. . . .. . - . ,/

~of:::=:~;;;::::;~~~\j_~:;:;~~~J~...._..l----+-~ 
~ '\. M-1 - TO BE BUCKLED 

'---- / 

100 320 480 640 800 960 1120 1280 
TIME , days 

&0 I I 

~ VERTICAL MOVEMENT OF EMBANKMENT CREST 

7{J II. 

E 

~ ,;-(4) ............
...J ~..... 
UJ .._
> ---= -- - ',UJ 
...J -- ---- --- 

s.:: 

I""---.. ~--- tfJ)
4,:  - - - .... -- 

H~ .. -. ':·• 
JJ: l)i_b','; N_i2~ .~--M-3 

3.0 4 4 peat 3,1 ---M- 4 
3 ~ 

cote. soil 4,71 1 . .. .... .. - .. . . . --- · . . 

L,L -\~ M-3 - TO BE BUCKLED 

1,0 r~~- - to-----·----
I 

0 160 320 480 640 800 960 1120 1280 
TIME, days 

Fig. 49. SUbsoil settleZE11t ur.der test anlJanknelts (magnetic gauge 

readings ) . 
78 




-----
-

--
---

.,.,...~_,,,....., . 
I-1 

..:::::::..- Stage 3 ____,, --
Notec River -· 

Stage 2 
,.3 ---- I-4 I-3 I-2 --~-

Stage 1 

2 2 2 	 2 

E 3 3 3 3
riPEAT 

4 4 I. 	 I. 

.._, 	 5 5 5 
1.0 	 Date Mark 

CALCAREOUS SOIL / 6 6 6 	 6 83.09.06. 0---0 

GYTTJA 
E 	 0-----084.03.27.7 7 7 	 7" ~

81..01..27. - 
8 8 8 8 

84.07. 03. 

81..12. 07. -SAND 0.20 o:o 0 0.20 0.'0 0 0.40 020 OJ() 0 0,60 Q40 0.20 0.10 0 8505.00. 
(m} Im) (m) (m) 

85.00.16.1 

86.06.12 : 0--0 

87.05.08 

Fig. 50. Horizontal displacarents urrler Test Embankment No. 1. 

http:87.05.08
http:86.06.12
http:81..01..27
http:84.03.27
http:83.09.06


----- --

--
--

---

..:::::-----Stage 
----

3I-5 --- ------
,..Notec River 

Stage 2 ,-.1~--I-7 I-6 
- Stage 1 

2 2 2 

E ,3 3 3PEAT ;;; 
4 4 4 

5 5
0:) 
0 Date Mark 

6 6 0------0CALCAREOUS SOIL / 83.09.06. 

GYTTJA E ~84.03. 277 7 ."· 
84.04.'Zl. 

~ --
8 8 

84.07.03. 

64.12.07. t,..--6 

SAND 0,20 0.0 0 _t.(J .20 0,10 .o 0,60 0!,O 0,20 0.10 0 85.05.00. ---+ 
(ml (m) (m ) 

85.09.16. 


86 .06.12 <>---<> 

87 05.08 


Fig. 51. Horizontal displacements under Test Embankment No. 2. 

http:85.09.16
http:85.05.00
http:64.12.07
http:84.07.03
http:83.09.06


A comparison between the two embakments shows no significant differen
ces, except for the first load stage where the horizontal movements 
became much smaller and the rate of consolidation settlements became 
higher for the embankment with vertical drains. In the second stage on 
the other hand, the horizontal displacements became larger for the em
bankment with vertical drains; 0.3 m compared to 0.2 m for the embank
ment without drains. However, this can be explained by the somewhat 
larger load increment for the embankment with vertical drains, combined 
with the very low factor of safety against undrained shear failure. ·The 
rates and magnitudes of settlements in stages 2 and 3 and the develop
ment of horizontal deformations in stage 3 were almost identical for the 
two embankments. There is thus some indication of an effect of the vert
ical drains during the first load stage but none thereafter . 

The horizontal deformations developed during the load application and 
shortly thereafter, but have practically stopped with time. The vertical 
deformations on the other hand have continued and in no loading stage 
has any kind of final settlement been obtained, Fig. 52. 

The horizontal deformations have caused a corresponding vertical deform
ation during and just after the uploading phases but their effect on the 
long-term vertical consolidation process has been limited, Fig. 53. 

The difference in maximum horizontal deformations that occurred during 
stage 1 was evened out in the second load stage under the middle of the 
slopes. The difference under the toes of the slopes has remained but not 
increased during stages 2 and 3. The slight ly different behaviour at the 
two locations can be attributed to the geometrical conditions. Fig. 54. 

The distribution of vertical and horizontal movements based on the sett
lement gauges and the inclinometer readings i s presented in Figs. 55 
58. 
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6.2 Pore pressures 

The pore pressures in the ground below and outside the embankments have 
been measured with BAT piezometers. The piezometer pipes were protected 
by outer pipes in order to follow the soil movements at the level where 
they were installed. However, the piezometer readings -showed obvious 
signs of pushing and later inspections of the positions of the filter 
tips have shown that almost all piezometers under the embankments have 
been dislocated . The lowest piezometers under the centre of the embank
ments have even been pushed out of the calcareous soil and are standing 
on top of the sand layer. The initial and final positions of the piezo
meters are shown in Fig. 59. 

The results of the total pore pressure measurements under and outside 
the embankment without drains are shown in Fig. 60. The corresponding 
measurements under the embankment with vertical drains are shown in Fig. 
61. 

The interpretation of the pore pressure readings is not straightforward 
as there are several factors that affect the readings. First, there is 
the pore pressure response to the applied load. Then there is the incre
ase in pore pressure as the piezometer follows the settlements to a 
lower level. This increase is complicated by the artesian water pres
sure. An assumption has to be made about the distribution of the artes
ian water pressures after the excess pore pressures have dissipated. 
Furthermore, there is the effect of pushing both in change in level and 
in pore pressure generation due to the pushing. The effect of the latter 
change in level is almost certainly non- hydrostatic because of the ar
tesian water pressures. Finally, there is the effect of varying external 
ground water conditions . Under the embankment with vertical drains there 
is a further complication as the drains, if they were functioning would 
affect the distribution of the artesian excess pore pressure. 

An attempt has been made to estimate the excess pore pressures at the 
changing levels of the piezometer tips. The excess pore pressures are 
ca lculated in relation to a changing "normal ground water condition'' 
where the artesian excess pore pressure has a constant gradient between 
the interface between the compressible layer and the sand and a point 
that was originally located 2.0 m below the ground surface, Figs. 62 and 
63. The estimated values should be treated with great caution. Much of 
the pore pressure dissipation is due to the fact that the pore pressure 
tips are gradually pushed out of the zones with maximum excess pore 
pressures. The lower filter tips are even pushed right out of the com
pressible soil and into contact with the underlying sand. A number of 
conc lusions can be drawn, however. 
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The greatest increases in pore pressure were observed under the centre 
of the embankments. Due to the pushing of the piezometers, pore pressure 
responses significantly higher than the vertical load increase were rec
orded during the loading phase. These peak pore pressures rapidly disap
peared after the loading was concluded. These effects are believed to be 
due to pushing alone, as they were most pronounced for the piezome~ers 
subjected to most pushing and considerably less in the zones where the 
shear deformations were greater but the pushing effects smaller. 

The excess pore pressures in the peat layer became relatively small and 
rapidly dissipated, indicating short drainage paths and a high permeabi
lity in the upper zone with cracks and root channels. 

The variation in the external ground water conditions clearly affected 
the pore pressures in the soil profile under as well as outside the em
bankments. 

No pore pressure equalization has been obtained in any of the loading 
stages. At the end of the first stage, there were remaining pore pres
sures of the order of 10 kPa. At the end of the second stage, which 
lasted for a year, there were excess pore pressures of the order of 20 
kPa and at the end of the third stage there remained high excess pore 
pressures two years after the final load application . In the middle of 
the calcareous soil layer, they were probably of the order of 20 30 
kPa, but there was no piezometer left at that level at that time. The 
pore pressure development during the first loading stage was not follow
ed in detail . For the subsequent two stages, there was no very signific
ant difference in the measured developments and dissipations of pore 
pressures under the two embankments. Minor differences cannot be inter
preted due to the uncertainty of the effects of pushing and the final 
ground water conditions to which the excess pore pressures should be re
lated. 
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6. 3 Shear strength 1ncrease 

The undrained shear strength of the soil was measured by field vane 
tests in situ. An investigation was first carried out in order to evalu
ate the influence of various factors in equipment and testing procedure 
on the shear strength values obtained in field vane tests. This investi
gation also comprised comparative tests according to both Swedish and 
Polish standard procedures and equipments (see Chapter 3.2). The differ
ences in results were small, but only results obtained in tests accordi
ng to the Polish standard method, which was most frequently used, will 
be considered here. 

During the consolidation process, vane shear tests were performed at 
different locations under the test embankments before each new construc
tion stage and also during the second and third stage (Figs. 2 and 3). 
At each location, tests were performed at every 0.5 m depth. The uncor
rected measured strength values under the embankments are shown in Figs. 
64 and 65 . 

The profiles of shear strength values obtained by the field vane tests 
show a considerable increase in undrained shear strength due to the 
loading and subsequent consolidation . The highest strength increase was 
measured under the centre of the embankment and the increase was most 
evident in the peat layer. A smaller increase in undrained shear streng
th was obtained under the slope of the embankment, while the measured 
shear strength values under the toes of the slopes and outside the em
bankments remained practically unchanged. 

The distribution of the vane shear strength values before the second and 
third stages of construction is shown in Fig. 66. It can be observed 
that at the beginning of the consolidation process, zones with increased 
shear strength are created close to the ground surface and at the sand 
layer. Due to the drainage conditions, these two zones do not expand 
towards the centre of the entire layer of soft soil but towards the 
middle of the layer of calcareous soil. The magnitudes and distributions 
of the shear strength increases are similar for the two embankments. 

The effective vertical stresses estimated from calculations of total 
stress distribution and measured pore water pressures under the embank
ment without drains are shown in Fig. 67, together with initial effect
ive stresses and initial preconsolidation pressures. 

The relation between estimated effective stresses and measured shear 
strength values shows large increases in shear strength values when the 
effective stresses exceed the initial preconsolidation pressures. A 
small increase in measured strength values may be detected also in the 
stages where the effective stresses increase but still remain below the 
initial preconsolidation pressures . 
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The increase in undrained shear strength is usually predicted from some 
relation where the normalized shear strength is a function of the nor
malized effective vertical stress. The normalized effective vertical 
stress is usually expressed by the overconsolidation ratio OCR=o' /o' . 
In the overconsol idated stress range, the overconsol idat ion pratYo 
changes with the current stress because the preconsolidation pressure is 
constant, but in the normally consolidated stress range OCR is always· ] 
as the preconsolidation pressure changes with the current effective ver
tical stress . 

For a better description of the change in stress. state, especially in 
the normally consolidated state , a normalized effective stress level ESL 
has been proposed instead of OCR, (Bergdahl et al 1987). The normalized 
effective stress level is calculated from 

where 

(o'p)o = initial preconsolidation pressure 


The shear strengt h values obtained in the field vane tests (FVT) have 
been normalized against the estimated effective vertical stresses . The 
same has been done with the undrained shear strengths estimated by cor
rection of the vane shear strength values with respect to the liquid 
limit (cFVT). The corrections have been made according to the SGI recom
mendations (Larsson et al 1984). The correction factors were thus 0. 5 
for values obtained in the peat and between 0.6 and 0.7 for values obta
ined in the ca lcareous soil. 

The relations between normalized shear strength values from field vane 
tests and normalized effective stress level for peat and ca l careous soi l 
are shown in Fig . 68 a. The relations between normalized undrained shear 
strengths from corrected vane shear tests and normalized effecti ve 
stress level for peat and calcareous so i l are also shown. 

The results from laboratory tests performed on peat and calcareous soil 
specimens have been normalized in the same way. The results from aniso
tropically consolidated undrained triaxial compression tests (CK UTC)

0 
and consol idated undrained direct simple shear tests (DSS) are shown in 
Fig. 68 b. 

The results indicate that the ratio between normalized undrained shear 
strength and normalized effective stress level changes not only in the 
overconsol idated state but also in the normally consolidated state . 
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a} field vane shear tests . 
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Fig. 68. Norma.lized uzrlrained shear strength versus mrma.lized 

effective stress level frc:m in situ and lalxJratory tests. 
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The field vane test cannot be considered a very good tool for measuring 
shear strength increases under embankments with limited widths . The 
measured strength values are mainly influenced by the horizontal 
stresses which do not increase as much under narrow embankments as 
under wider loadings. The current embankments, however, were relatively 
wide in relation to the thickness of the compressible layers. The trend 
in the field vane tests is also confirmed qualitatively, if not absol
utely quantitatively, by the results from the laboratory tests. 

The prediction of increase in undrained shear strength with effective 
stress level can be made according to the following relations (Bergdahl 
et al 1987) : 

mnc 
= o' S(ESL) ESL<=1LfU V 

moc 
= o' S(ESL) ESL>1LfU V 

where: 
S = Undrained shear strength at ESL=1 normalized against the 

initial preconsolidation pressure . Thus S varies with 
change in initial preconsolidation pressure. 

mnc= 	 Slope of the relation between log (Lfu/o'v) 
and log (ESL) in the normally consolidated s tate (ESL <=1). 

m c= Slope of the relation between log (Lf /o' )
0 

and log (ESL) in the overconsolidatedusta¥e (ESL>1). 

The parameters S, mnc and m c have been evaluated from the laboratory
0

and field tests for both types of soil. The value of m c was about 0.8 
0 

for both types of soil. The values of S were fairly high and were about 
0.4 - 0.5 for peat and 0.35 - 0.45 for calcareous soil. The decrease in 
normalized undrained shear strength with decreasing normalized effective 
stress level (i.e . at increasing preconsolidation pressure) is most pro
nounced in peat with a value for mnc of about 0.15 - 0.3. The corre
sponding value for calcareous soil is about 0.1 - 0.2. 

The variation in undrained shear strength with stress level for a soil 
with strength parameters S=0.5, m c=0.8 and mnc=0.2 is shown in Fig 69. 

0
A comparison between predicted shear strengths calculated from the rela
tions suggested by Jamiolkowski et al (1985) , Larsson (1980) and the 
present relation shows that up to the initial preconsolidation pressure 
the undrained shear strength predicted from the relation of Jamiolkowski 
et al and the present relation is the same. 
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For stresses increasing above the initial preconsolidation pressure, 
however, the undrained shear strengths calculated by the present re
lation become lower than those which the previously suggested relations 
would have given. The relative difference increases with the increase in 
stress. The present relation is in accordance with the curved relation 
between shear strength and normal stress found for most soils. 

4 1 - SGI - DG ( Bergdahl et al } 

S=0,5 . m0 c=0,8 , mnc =0.2 


2 -Jamiotkowski et al 

3 3- Larsson 

..:5
::J 2 ' 
~ 

1 and 2 

0 

0 0,5(6'p}o 1,0(6'p}o 2(6'p}o 3(6'p}o 
 0, I 

V 

5 2 0,8 0,5 0;4 0,3 
a, 

ESL 

5 2 ..co OCR 

Fig. 69. Predicted urrlrained shear stren;Jth versus effective vertical 

stress. ,:fi=urrlrained shear strength at the initial 

preconsol:iilation pressure, refererx:::e strength. 

102 



6.4 Influence of vertical drains 

Under one of the embankments vert1cal prefabr1cated dra1ns had been in
stalled in a 1.2 m square gr1d. Dra1ns with paper f1lters and plastic 
cores were used. As shown by the spec1al laboratory investigation (Chap
ter 4.4) the paper f1lters deteriorated rather quickly and the long-term 
function of this type of drain 1n the actual environment could be quest
ioned. 

The field observations showed a pronounced effect of the vertical drains 
during the first load stage where the horizontal deformations became 
smaller and the settlements became faster under the embankment with 
drains as compared to the embankment without drains. In this load stage 
the applied loads were exactly the same. In the following load steps and 
for most of the consolidation process, however, there was no significant 
effect of the dra1ns and it seems likely that they have been clogged 
after a short time . 

Th1s 1s not a measure of the effect1veness of vertical drains as a 
method. That sand dra1ns work very well 1n sim1lar soils has previously 
been found 1n projects carr1ed out at SGI and drains with polyester fil
ters would, according to the special investigation, have functioned well 
for the whole construction period. The limited effects obtained by the 
drains in this particular case can be attributed to the choice of drains 
with paper filters in combination with the long construction period due 
to loading in stages. It is quite possible that even the paper filters 
would have worked suff1cient ly well in a more normal loading case where 
the loading is applied in a single step. The choice of the particular 
drains, however, was made deliberately as the durability of paper 
filters in severe environmental conditions has been debated for a long 
time. 

The results show that although drains with paper filters have been found 
to function very well in many soft clays they should rather be avoided 
in the harsh environmental conditions in organic and calcareous soils. 
In these soils more resistant filt ers, such as polyester filters or sand 
drains, should be used. 
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7. PREDICTION OF DEFORMATION AND STABILITY 

7.1 Prediction of deformations and course of consolidation 

7.1.1 General 

Predictions of deformations and stability can be carried out with diffe
rent degrees of sophistication depending on the nature of the problem. 
In the simplest forms of settlement analysis, the soil conditions are 
simplified to one or a few layers with uniform and constant deformation 
properties. The deformations are then calculated as purely elastic shear 
deformations or as vertical compression disregarding horizontal deforma
tions. The two types of deformation can also be calculated separately 
and thereafter added. 

The elastic parameters are often estimated by an empirical relation 
coupled to the undrained shear strength of the soil. Alternatively they 
can be determined by more elaborate field or laboratory tests. 

In peat, the compression characteristics are often estimated from an em
pirical relation which is usually related to the natural water content 
of the soil. For more accurate calculations and in all other types of 
soft soils the compression parameters are usually evaluated from oedome
ter tests. 

Elastic deformations are here considered to be instantaneous and the ef
fective stress-strain relations in compression are independent of time. 
As compression entails pore water being squeezed out of the pores, the 
consolidation process takes a certain time due to the hydraulic flow 
resistance. This time is often calculated by assuming that the modulus 
of compression is constant and that the permeability of the soil is con
stant. (Terzaghi 1923,1924). These types of calculations are usually 
called 'conventional settlement analysis'. 

The calculations can then be made more detailed taking soi l variavaria
bility i nto cons i deration by dividing the soil profile into more sublay
ers and a l so by taking the variation in deformat i on propert ies with 
stress leve l into account. In the latter case, the modu l us of e l asticity 
is not assuassumed to be a constant. but a variable where the modulus 
decreases with increasing shear stresses. The compression modulus also 
varies with stress, so that there is a higher modulus at vertical stres
ses lower than the preconsolidation pressure, a drop in modulus at the 
preconsolidation pressure and a gradually increasing modulus at even 
higher stresses. The stress-strain relation in compression is usually 
evaluated from oedometer tests. 

When large deformations occur, there are more aspects to take into con
sideration. The applied load may vary as parts of it or the upper crust 
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become submerged into the ground water due to the settlements. The dra~ 
inage paths change as the geometry changes during consolidation and the 
permeability changes as the void ratio and porosity change. An analyt
ical solution of this complicated process requires very complicated 
mathematical equations. 

Improvements of the Terzaghi equation has been suggested by Gibson et 
al (1981) and Young and Ludwig (1984), among others. 

The consolidation analysis can be improved by performing the calcul
ations in time steps. The initial modulus and permeability are used in 
the first step and these parameters, together with load and geometry, 
are then updated for the actual stresses and deformations after each 
time step (Helenelund, 1951). 

Further theoretical elaboration is possible taking two- and three-dimen
sional water flow into account, (e.g. Biot, 1941, Tan, 1961). 

The division of the deformations into immediate shear deformations and 
time-bound ver tical compression is artificial since they are both compo
nents of a continuous process where shear deformations occur also during 
consolidation . There are a number of more elaborate ways of estimating 
the magnitude and distribution of deformations in different directions 
under constructions. 

The deformations can be estimated by using finite elements and theory of 
elasticity, whereby also elasto-plastic soil models can be used. The 
soil models can be linear elastic, linear elastic-plastic, hyperbolic
strain hardening (or softening) depending on the degree of sophistica 
tion. 

The soil models can also be of the critical state type (Schofield and 
Wroth, 1968) with a stress-space within a yield envelope where the de
formatins are elastic. When passing this yield envelope, the strains 
become plastic and strain hardening or softening depending on the combi
nation of shear stresses and normal stresses at which the yield surface 
was passed. The plastic volume strains can then be estimated using the 
compression characteristics of the soil and the shear strains by an 
associated flow rule. 

In most critical state models, the soil is assumed to have isotropic 
properties but also anisotropic models exist (e.g . Runesson, 1978, Lars
son, 1981, Magnan and Lepidas, 1987). 

The consolidation process with time can be calculated assuming one, two 
or three-dimensional water flow, with constant or varying permeability 
and with constant or changing comp ressibil ity. An elaborate calculation 
method using finite differences and an anisotropic soil model has been 
described by Runesson et al (1980). In this method two and three-dimen
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s1onal water flow 1s accounted for and the calc~lat1ons are made in 
small steps w1th cont1nuous updat1ng of all so11 parameters as well as 
the geometry of the problem at the end of each step. 

Such calculation methods, however, require a large amount of input data 
on soil characteristics that are relatively difficult to determine. Nor
mally, the present programs of this type do not account for creep eff
ects . (Recently finite element programmes taking two and three-dimensio
nal consolidation, anisotropy and creep into account have been developed 
at Laboratoire des Ponts et Chaussees and Ecole National des Ponts et 
Chaussees 1n Paris (Magnan 1987)). 

The assumption of stress-strain relations that are independent of time 
is a gross oversimpl1cation, especially in soft soils. The stress-strain 
relations are highly dependent on the strain rate and the deformations 
1ncrease with time even after the hydraulic flow resistance has ceased 
to be of importance. Moreover, the stress-strain relations are time
dependent also during the time for so-called primary consolidation when 
there are still excess pore pressures due to the hydraulic time lag. The 
simplest way to account for the creep deformat1ons, which is to add them 
after the excess pore pressures have dissipated, is thus inadequate in 
an elaborate analysis. 

An accurate descr1pt1on of the consol1dat1on process tak1ng time effects 
on compressibil1ty 1nto account, leads to very complex differential 
equations which can only be solved by numerical methods (e.g. Garlanger, 
1972, Szymanski et al, 1983). 

The creep effect can be taken 1nto account by us1ng calculat1ons 1n 
short t1me steps with updating of the compressibility of the soil with 
cons1derat1on to time effects as well as all other properties and load 
and geometry after each load step. Such calculation programs have been 
developed by Magnan et al (1979) and Mesri and Cho1 (1985). 

The CONMULT-program developed by Magnan et al has been revised at SGI to 
take new models of soil compressibility and empirical observations into 
account (Larsson, 1986). 

Calculatiohs of settlements taking creep effects into account have so 
far been almost restricted to one-dimensional consolidation. Calculation 
programs of the CHALFEM C type (Runesson et al, 1980) have the capabil
ity to incorporate creep effects, (and the new French programmes do) but 
the soil models and the determination of soil parameters are complex and 
not fully developed. 

Consolidation of soils with vertical drains is predicted by assuming 
one-d1mens1onal vertical settlements and two-dimensional ax1-symmetr1cal 
horizontal pore water flow. Well-known theories of this type were put 
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forward by Kjellman (1949, Barron (1949) and Hansbo (1979, 1981), among 
others. All these theories assume linear sterss-strain relationships and 
constant soil parameters in the consolidation process . The combined 
effect of horizontal water flow towards the drains and vertical water 
flow towards horizontal drainage boundaries (and in the case of drains 
with limited depth also the additional water flow towards the lower ends 
of the drains) can be calculated by integration or with finite element 
programs. Effects of aspects such as disturbance at insertion of the 
drains (smear effects) and well resistance due to limited discharge ca
pacity in the drains can be taken into account in the calculations, but 
not changing soil parameters and time effects. Calculation programs with 
short time step and updating of all parameters similar to the programs 
for one-dimensional consolidation without drains are reportedly under 
way but not yet at hand. 

A special form of settlement prediction is often used in connection with 
stage-loading and preloading with surcharge. In both cases, the settle
ments are followed up during the consolidation process and the predicted 
course of consolidation can be checked and improved. For this purpose, a 
method developed by Asaoka (1978) has often been used. The method is, 
however, very sensitive to measuring errors in the early stages of the 
consolidation process (Eriksson and Fallsvik, 1984). I also assumes that 
Terzaghis' theory for consolidation is valid. As all changes in para
meters during the consolidation process are thereby neglected, the pre
diction changes depending on the length of the observation period . This 
period has to be fairly long if a prediction of any use is to be obtain
ed. 

In very special cases where not only the settlements but their distribu
tion and the pore pressures and sometimes al so the horizontal deforma 
tions are measured, the initial assumptions on preconsolidation pres
sure, modulus of elasticity and drainage boundaries etc. can be checked. 
The initial, more elaborate predictions can then be adjusted according
ly. 
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7 .1.2 Predictions for the embankments at Antoniny 

Predictions of settlements and courses of consolidation for the embank
ments at Antoniny have been made at both DG and SGI and according to 
different methods with varying degrees of sophistication. In the one
dimensional consolidation analysis, the settlements have been calculated 
as initial shear deformations and settlements due to consolidation. The 
total settlements are the sum of these two parts . 

The INITIAL SETTLEMENTS have been calculated according to the theory of 
elasticity. The equations for a rectangular load on a layer with limited 
depth according to Steinbrenner (1936) have been used. The moduli of 
elasticity for the different soil layers have been evaluated with 
consideration to the undrained shear strength and plasticity of the soil 
and to the shear stress level in terms of calculated factor of safety 
against undrained shar failure . The following formula has been applied: 

-cfu 215 ln F
E = 

Ip 

where E = Modulus for initial deformation 

-c = Undrained shear strength from vane shear 
fu tests or direct simple shear tests 

F Calculated factor of safety against shear failure 

I = Plasticity index 

p 


This formula has been derived from the results presented by Foott and 
Ladd (1981) coupled with Swedish and international empirical experience 
(Larsson, 1986). The harmonic mean of the moduli for the different sub
layers has been used in the predictions of initial shear deformations. 

The initial settlements calculated with this empirical correlation be
tween undrained shear strength, plasticity and safety factor against un
drained shear failure were 0.10 m, 0.17 m and 0.13 m for stages 1, 2 and 
3. 

The initial settlements were measured indirectly by measured settlements 
after load application and by measurements of horizontal movements by 
inclinometers some time after load application. Both types of measure
ments include some movements due to time-dependent consolidation and the 
elastic deformations should therefore be somewhat smaller. The "mea
sured" and calcul~ted initial deformations are compared in Table 6. 
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Table 6. "Measured" am calculated initial deformations. 

Initial deformations, m 

Stage "Measured"by hose Calculated from Calculated 
settlement gauge horizontal move- empirical 

ments 

1 - < 0. 11 0. 11 
2 0. 15-0.20 < 0 . 18 0. 17 
3 0.08-0.10 < 0.09 0. 13 

The total calculated settlements i~ the three stages amount to 0.40 m. 
The measurements indicate that the calculated values are of the right 
order of size, but the initial settlements seem in all three stages to 
have been somewhat smaller than calculated. The initial settlements had 
a distribution which reflected the lower factor of safety in the outer 
parts of the embankment. The maximum settlements in stage 1 thus occur
red halfway between the toes and the centre of the fill. This picture 
has largely remained in later stages but the maximum has moved inwards 
during stage 2 and 3. 

The "FINAL" DEFORMATIONS have been calculated with a number of the 
simpler methods for one-dimensional consolidation analyses.The soil has 
thereby been divided into two main layers with uniform properties. The 
settlements have been calculated separately and added to the elastic 
deformations: 

• With application of various empirical methods for estimations of 
settlements in peat (Ostromecki, 1956, Niesche, 1977 and Drozd-Zajac, 
1968) . Only Polish relations have been used, as such relations normally 
are of use onl y locally. The type of peat found at Antoniny thus is 
outside the l imits for applicability of corresponding relations used in 
Scandinavia. 

• On the basis of results from oedometer tests performed on samples 
from the middle of the peat layer and the layer of calcareous soil re
spectively . 

• On the basis of the field observations using Asaoki's method. 
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The results of these calculations are shown in Tables 7 and 8." The small 
differences between the two embankments are related to the slightly dif
ferent loads in stages 2 and 3. 

Table 7. Predicted "final" settlEf!Ellts of subsoil. un:ier 

Embankrrent No. 1. 

Standard Niesche 	 Ostro- Drozd- Asaoka 

mecki Zajac 

(m) (m) 	 (m) (m) (m) 

Stage 1 0.28 0. 56 0.49 0.12 0.27 

Peat Stage 2 0 . 80 0. 84 0.80 0.48 0.72 

Stage 3 1.09 1.14 1.03 0.66 0.96 

Stage 1 0.24 - - 0.17 0.24 

Gyttja 	 Stage 2 0.57 - - 0.36 0.60 

Stage 3 0 . 85 - - 0.56 1.03 

Stage 1 0.52 - - 0.29 0.51 

Total 	 Stage 2 1.37 - - 0 . 84 1.32 

Stage 3 1.94 - - 1.22 1.99 

The results obtained with the empirical methods in the peat differ among 
themselves and in relation to the other two methods, especially at the 
smallest load . The initially predicted settlements using oedometer 
results and the calculations using field observations agree fairly well. 
It should be observed, though, that the settlements calculated from the 
field observations using Asaoki's method are by no means a final result. 
Thus, at the end of stage 2, the total settlements amounted to 85X of 
the predicted values, while the pore pressures indicated that only about 
50X of the excess pore pressures had dissipated and the settlements con
t inued at an apprec iable rate. At the end of stage 3, the settlements 
amounted to 95X of the predicted values, 40X of the excess pore pres
sures remained and the settlements showed no sign of a slowdown. 
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Table 8. Predicted "final" settlerrents of subsoil unier 

Embankment No. 2. 

Standard Niesche 	 Ostro- Drozd- Asaoka 

mecki Zajac 

(m) (m) (m) (m) (m) 

Stage 1 0.26 0.52 0.46 0 .10 0.26 

Peat Stage 2 0.82 0.86 0.80 0.50 0.60 

Stage 3 1.09 1.14 1.03 0.66 0.91 

Stage 1 0.24 - - 0.16 0 . 24 

Gyttja Stage 2 0.62 - - 0.36 0.78 

Stage 3 0.82 - - 0.52 1.05 

Stage 1 0.50 - - 0.26 0.50 

Total 	 Stage 2 1.44 - - 0.86 1.38 

Stage 3 1.91 - - 1.18 1.96 

The change in the parameters in the Asaoka method during parts of the 
consolidation process can be studied in Figs. 70 and 71. 

Corresponding changes in predicted COURSES OF CONSOLIDATION can be seen 
in Fig . 72. Further changes would occur if the field observations were 
made for an even longer period of time. 

One-dimensional consolidation analyses have been performed at DG using 
Terzaghi's method (conventional analysis) and the cv values from the 
oedometer tests. 
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Fig. 70 . 	 Change in consolidation parazreters in Asaoka 's meth:Jd during 

consolidation (Embankment No. l) 
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Fig. 71 . Change in consolidation parameters in Asaoka 's zrethcd during 

consolidation (Embankirai.t No. 2) 
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PREDICTION OF CONSOLIDATION using Young and Ludwig's (1984) approach to 
account for large strains has also been made at DG. 

The governing equation is: 

6 I k 5ul + 1 de Du I _ 
5(. y 5(. 1+e do I ITf X - O 

w 

where k = coefficient of permeability 

= unit weight of water -Yw 

e = void ratio 

u excess pore water pressure 

o' = effective pressure 

S, = convective coordinate 

Dul = material derivativeBT X 

t = time 

For application of this method to prediction of settlement and excess 
pore pressure dissipation, a numerical method i s required to solve the 
equation because of the non-linear nature of the parameters. A piece
w~se linear iterative calculation procedure is required. In the piece
wise linear iterative analysis, the derivation for finite difference 
consolidation is performed with respect to a convective coordinate 
system. The excess pore pressure is updated explicitly and proper ac
counting for surcharge loading and updating of stresses and soil proper
ties is required during the calculation process. 

Calculation of the course of consolidation under embankment No. 1 (w i th
out drains) has been made with the numerica l programme LSCA (Large 
Strain Consolidat ion Analysis). This programme was originally created 
for calculation of one-dimensional consolidation of waste ponds at the 
Geotechnical Research Centre at McGill University, GRC, (Young and 
Ludwig, 1984). It was further developed for prediction of settlements of 
embankments together with DG in conjunction with the joint research 
between GRC and DG, (Szymanski and Lechowiz, 1987). The soil parameters 
used in the calculations are the specific gravity of the solids, the re
lationships between void ratio and effective stress and the void ratio 
and coefficient of permeability. These parameters were obtained from the 
laboratory investigations performed at SGI and DG. 
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The calculated courses of settlement using conventional analysis and the 
LSCA programme are shown together with the measured settlements in Fig. 
73. The calculated initial settlements have been added to the calculated 
consolidation settlements. 
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Fig. 73. Measured azn calculated subsoil settlerrents of 

Embarikrrent No. 1. 

The course of settlement predicted by the LSCA programme is fairly close 
to the observed settlements during the period for observation. However, 
at the ends of the load stages almost all predicted settlements had oc
curred, but there still remained large excess pore pressures and the 
settlements continued at appreciable rates . The settlements predicted 
by conventional analysis only amounted to about 6OX of the measured set
tlements at the ends of the load stages. None of these methods accounts 
for time dependency of the compression characteristics. 

The COURSE OF CONSOLIDATION of the embankment WITH VERTICAL DRAINS was 
predicted with the method originally developed by Barron (1949) and ela
borated by Hansbo (1979, 1981). The calculations were made with and 
without regard of the effects of smear and well resistance. Figs. 74 
76. The calculated effects of smear and well resistance were relatively 
sma ll in this case, but both effects would slow down the consolidation 
process . There is relatively good agreement between the settlements 
predicted with the plain method without any smear or well resistance ef
fects. 
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However, a comparison between the courses of settlements under the two 
embankments with and without drains shows that the settlements under the 
embankment with drains were almost identical and only marginally larger 
than the settlements under the embankment without drains . The applied 
load was also slightly larger for the embankment with drains . As in the 
case of the .embankment without drains, almost all predicted settlements 
had occurred at the end of the load stages, while there were still large 
remaintng excess pore pressures and continuing settlements. 

These additional observations show that, instead of being a good predic
tion of the real behaviour, the prediction of the consolidation with 
drains is a striking example of the pitfalls of back analyses that may 
occur unless all aspects of the behaviour are accounted for. Such pit
falls have explicitly been pointed out by Leroueil and Tavenas (1981) . 

The SETTLEMENTS and the CONSOLIDATION PROCESS under the embankment with
out drains have also been calculated as one-dimensional consolidation 
at SGI. 

The consolidation process has been calculated with the computer program
me CONMULT (CONsolidation of MULTilayers) . In this programme, the soil 
can be divided into a large number of layers and the compression and 
permeability characteristics of each layer can be described in detail. 

The calculations are made in small time-steps using Terzaghi's equation 
for one-dimensional consolidation 

ou M ~ (k· ou 
ot = g·gw oz oz 

where u = excess pore pressure 
t time 
M modulus 
Qw = density of water 
z = vertical distance to draining surface 
k = permeability 

The compression characteristics of the soil are often time-d~µendent due 
to CREEP EFFECTS. Thi s can be taken into account in the calc~lations by 
calculating the creep settlements that would have occurred during the 
time-step if there had not been a hydraulic flow resistance preventing 
them from developing. To allow for flow resistance these calculated 
creep settlements are converted to a corresponding pore pressure in
crease ~uc by using the compression modulus . The consolidation equation 
then chang~s to 
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0 (k· ~)oz oz 

The equatlon is solved using finite differences with small time steps. 
Continuity between the layers demands that the rate of water flow across 
the interface between the layers be constant 

In each time step, the rate of deformation in each layer is calculated 
and compared to the reference rate for which the compressibility of the 
soil has been determined. The pore pressure is then changed according to 
the creep characteristics . The compression characteristics, the permea
bility and the applied load are updated for the changes due to the de
formation during the time step. The consolidation process during the 
next time step is then calculated. 

The STRESSES are calculated according to the theory of elasticity and 
the IMMEDIATE PORE PRESSURES resulting from the load increase are calcu
lated using three empirical findings . The first is that, within the 
"elastic stress range", i.e. before the soil is overstressed by shear 
stresses or a yield stress such as the preconsolidation pressure is 
reached, the change in pore pressure under undrained conditions is 
approximately equal to the change in total octahedral stress. The second 
finding is that, once the effective vertical st ress amounts to the yield 
stress in a vertical direction, i.e. the preconsolidation pressure, the 
pore pressure response will be such that the preconsolidation pressure 
is not exceeded under undrained conditions. The third finding is that 
this limiting effective vertical stress encountered at full scale 
l oading in the field is equal to the preconsolidation pressure evaluated 
from oedometer tests in the laboratory, provided that the established 
procedures for evaluation are used. The immediate pore pressure response 
at loading (or unloading) is thus calculated as 

when o'v < o'p 

when o' = o' 
V p 

The computer programme CONMULT and the soil model used are described in 
detail together with their backgrounds by Larsson (1986). 
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The CONSOLIDATION SETTLEMENTS for the undrained test fill att Antoniny 
have been calculated with the CONMULT programme ACCOUNTING FOR AS WELL 
AS DISREGARDING CREEP EFFECTS. The division of the soil into layers 
follows the oedometer tests. The division and the key consolidation 
parameters are shown in Fig . 77 . 
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Fig. 77. 	 Pararreters used for calculation of consoli dati on at Antoniny 

site, Bialosliwie. 
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The consolidation parameters are as evaluated from the oedometer tests. 
The initial moduli are usually not taken from oedometer tests, but as it 
becomes extremely difficult to estimate an empirical modulus when the 
effective stresses in the ground are close to zero, an unusual degree 
of reliance has in this case been put on the results from the oedometer 
tests. 

The total "final" settlements disregarding creep settlements but includ
ing initial settlements are calculated to be about 0.5 m, 1.3 m and 1.8 
m for the three stages. However, no full pore pressure dissipation has 
occurred in any of the stages , but stages 2 and 3 were applied when 
there were still relatively high remaining excess pore pressures. The 
pore pressures dissipation in stage 3 was still in progress when the 
load stage was ended. The total settlements at the end of stage 1 and 2 
were 0.4 m and 1.1 m respectively and the continuing settlements in 
stage 3 amounted in May 1987 to 1.8 m. 

In the calculation of the concolidation process, the upper one and a 
half metre of peat with vegetation, cracks and root threads has been 
considered as free draining. This assumption was made first after the 
piezometers at 2 m depth had shown that the pore pressure dissipation 
during stage 1 was very rapid and that the piezometers were close to a 
free draining surface. The assumption of free drainage in the entire 
layer of 1.5 m is of course exaggregated, but measurements of permeabil
ity in the homogeneous amorphous peat had shown that the permeability of 
the homogeneous peat was ten to one hundred times grater than the perme
ability of the other layers. The infusion of root threads and cracks 
would further greatly increase t hi s difference, but to what extent 
cannot readily be estimated. As there are practical limitations to the 
vari~tions in permeability that can be put into the C0NMULT programme 
used, the upper layers have been assumed as free draining for simplici
ty. It should be considered, though, that this is an oversimplification 
and that the permeability in these layers probably decreases very much 
with compression as cracks are closed and channels cease to stand open. 

The conso lidation process has been calculated on the assumption that the 
initial artesian water pressure in the sand remains constant and that 
the fin al pore pressure in each layer will deviate from the hydrostatic 
pressure i n the same way as in the in i tia l stage. 

The lo ad reduction due to settlements has been assumed to be 6 kPa per 
meter of settlement . Here, this corresponds to as load reduct ion of 
10-15X of the total applied load at the end of stages 1 and 2 and at the 
last observation in stage 3. 

The measured and calculated (initial plus consolidation) tota l settle
ments are shown in Fig. 78. 
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embarikment at Antoniny. 

The calculated time-settlement curves have been smoothed for the first 
fifty days after each load application to roughly compensate for the ex
aggerated assumption of free drainage in the top layers . A comparison 
with the measured time-settlement curves shows that this compensation 
was not quite enough for the early stages just after load application. 
The discrepancy in measured and predicted behaviour in these stages is 
also part l y due to al l l ateral movements being predicted to occur in
stantaneously at loading, whereas in reality t hey are smal ler than pre
dicted in the uploading phase but continue for a short period thereaft 
er. 

A comparison between calculated settlements with and without creep 
effects shows that in the relatively short periods of time studied, the 
creep effects have little influence. The differences incrase with time, 
though , and the trend is that with time the measured time-settlement 
curve more and more connects to the curve calculated to include creep 
effects. 
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The calculated settlements in stage are larger than the measured 
settlements . In this stage, however, the calculated consolidation i s 
almost entirely based on the rather roughly estimated recompression 
moduli . Considering the fact that the initial deformations are somewhat 
overpredicted, the agreement is surprisingly good. 

Nevertheless , the discrepancy in this stage affects the comparisons 
between measured and calculated total settlements in the further stages. 

The DISTRIBUTION OF SETTLEMENTS has been measured by special magnetic 
markers. The course of the settlements with time has been studied only 
from stage 2 and onwards . Fig. 79 shows the settlements for the two main 
types of soil; the peaty soil on top and the calcareous soil below. The 
settlements are shown as further settlements after stage 1. 
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Fig. 79. Increase of settlement s in Stages 2 an:i 3 under the 

embankment with::.ut drains. 

Apart from the discrepancies in the earliest stages already discus sed , 
there is good agreement between the measured and calculated settlements 
in magn i tude as well as distribution. Four magnetic settlement marker s 
are installed under the centre of t he embankment and the settlement di s
tribution versus depth at the end of stage 2 is shown in Fig. 80. Pro
bl ems with buckling of the guiding tubes occurred in stage 3. 
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Stage 2 at the centre of the embankment without drains . 

The PORE PRESSURE DISSIPATIONS in plezometers located 2 m below original 
ground surface have been rapid, which indicates a very high permeability 
in most of the very compressible overlying soil. The excess pore pres
sure measured at a point which was originally 4.5 m below the ground 
surface is shown in Fig. 81. This point was located approximately in the 
middle of the layers with low permeability. 

The measured and calculated pore pressures agree quite closely. There is 
practically no difference 1n the calculated pore pressures, whether 
creep is considered or not. The higher rate of dissipation that has been 
measured in the l ater stages can, at least partly, be attributed to the 
fact that the pore pressure tip has been pushed closer to the lower dra
inage boundary. 

At the end of stage 2 and stage 3, new samples were taken close to the 
centre of the "undrained" embankment and oedometer tests were performed. 
The preconsolidation pressures measured in these tests are shown in Fig. 
82. 
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of the lav permeable soil urxier the Embankment without drains. 

The PRECONSOLIDATION PRESSURES measured in oedometer tests correspond 
very well to those calculated with CONMULT including creep effects. The 
calculated quasi preconsolidation pressures are the pressures on the o
riginal oedometer curves that correspond to the calculated deformations. 

Except at the very boundaries, the effective stresses that had acted in 
the profile were much lower than the "final" stresses would have been if 
there had been no excess pore pressures. In the centre part of the layer 
with low permeability, the effective stresses had not even exceeded the 
original preconsolidation pressures at the end of stage 2. In those 
parts of the profile where the preconsolidation pressure had been exce
eded, quasi preconsol1dation pressures had developed that were consider
ably higher than the maximum effective vertical stresses. On the other 
hand, there was no measured increase in preconsolidation pressure in 
those parts of the profile where the vertical stresses were stil l lower 
than the original preconsolidation pressures. At the end of stage 3, the 
relations between maximum effective stresses and developed preconsoli
dation pressure was very similar. The original preconso lidation pressure 
had been exceeded in al l parts of the profile, but the degree of consol
idation in the centre parts of the profile with low permeability is l ow 
as large excess pore pressures remained. 

According to the calculations, there was no increase in preconsolidation 
pressure below 4 m depth in stage 1. The calculated increase in quasi 
preconsolidation pressure above this level in stage 1 is also shown in 
Fig. 82. 
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The calculations with CONMULT have tpus qual1tatively a~count~d for the 
observed behaviour of the soil under the embankment. The assumption 
about the drainage srtuation used in th~ calculat1ons could hardly have 
been made beforehand , but 1s a result of the observat1oris dur1ng the 
early loading stages. The effect of creep ·was comparatively small dur1ng 
the relat1vely short periods of observat1on 1n terms of total settle
ments and pore pressures . The effect of creep on the 1ncreas~ of quasi 
preconsolidation pressure and undrained shear strength was pronounced in 
some parts of the profile. 

The init1al "elast1c" deformat1ons pred1cted w1th empirical relations 
were of the r1ght order of size but somewhat too large. 

The limited EFFECT OF CREEP is not general for this type of soil. The 
effect of creep is most pronounced at relatively small load increases 
and settlements and becomes more evident with time . The creep effects 
can only be a part of the total settlements. In this particular case 
where the average settlements amounted to about 25 per cent of the 
thickness of the compressible layer and occurred within 4 years, the 
effects during this period were limited. The settlement process, how
ever, was not concluded and if allowed to continue the differences 
between taking creep into account or not would have become larger. 5 
years after the final load applicat1on the predicted settlements would 
have amounted to 2.2 metres. After 10 years they would have been 2.5 
metres and after 50 years 2.7 metres The final settlements calculated 
without creep effects would have been .reached w1thin 25 years and 
amounted to 2.0 metres. 

The discrepancy between the latter figure and the 1.8 metres estimated 
by more approximate calcu lations using the same soil parameters is due 
to the calculation procedure. When the co urse of consolidation for the 
various part s of the soi l profile is followed, the effect of load re
duction due to settlements affects the different layers in different 
ways. The end result thus differs from a crude ca l culation where the 
load reduction is assumed to affect the whole profile by the same 
amount. 

TWO-DIMENSIONAL FINITE ELEMENT CALCULATIONS for the case of plane
strain consolidation have also been made at DG . The calculations have 
been made for the embankment without drains with the computer programme 
COPRESS developed at DG by Kami nski(1986). The calculations are made on 
the following assumptions about the compressibility of the soil: 
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• 	 piece-wise linear stress-strain relationship for the soil skeleton 

o'i .=G(W ..+W .. )+(K- 3g G)WK K6 ..
J 1,J J,1 , lJ 

where o' ij= the effective stress tensor 

W..= component of the displacement gradient
l I J 

Wj= the 	displacement vector 

6ij= Kronecker's delta 


K- __E_ d G E 

- 3(1-2v) an = 2(1+v) 


E= deformation modulus 


v= Poisson's ratio 

The following equations are used for calculation of the consolidation 
process: 

• 	 Darcy's law for the pore water flow 

q.=k·u.
J J 

where qj= the component of the specific discharge vector of 
pore water 

uj=gradient 	of pore water pressure 

k = coefficient of permeability 

• Terzaghi's formula 

o.. =o' ..+u6 .. 
lJ lJ lJ 

where o ..= total ·stress tensor 
l J 

• the de 	 Josselin de Jong storage equation 

where 	 £=vol ume strain 
n 

0 
= porosity 

~=compressibility of the pore water 
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The calculation procedl!re in the COPRES"S programme is schematically 
shown in Fig. 83. 

Calculations have been made with values of modulus of elasticity, Pois
son's ratio and permeability selected with guidance from the laboratory 
tests. Calculated excess pore pressures and deformation patterns are 
shown in Figs. 84 and 85. 

The calculated DISTRIBUTIONS OF EXCESS PORE PRESSURES AND DEFORMATIONS 
resemble the measured values, but the calculated horizontal movements 
and the calculated excess pore pressures under the outer parts of the 
embankment become too large. This can partly be attributed to the as
sumption of a constant Poisson's ratio used in the calculations. 

Another calculation of the deformations under this embankment has been 
made at DG with the FINITE ELEMENT programme COVEPP. This programme was 
also developed at DG by Kaminski(1983). The programme uses an ELASTO
PLASTIC SOIL MODEL AND A YIELD ENVELOPE to distinguish the different 
phases of soil behaviour. Two dimensional plane-strain conditions are 
assumed. An isotropic yield surface has been assumed and the parameters 
have been selected with guidance from the laboratory tests. 

Fig. 86 shows the finite element mesh and the calculated deformation 
pattern together with the measured deformations. Also in this case, the 
calculated horizontal deformations became too large. This may partly be 
attributed to the type of yield surface that is used in the programme. 
Yield surfaces for natural soils are highly anisotropic and usually 
also change their shape during this type of consolidation process. 
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DATA INPUT 

- description of elements 

- boundary conditions 

- time specification 

- l oading schedule 
l q=f (tl I 

- soil paramet ers 
[ Y =const. (. E, k = f ( q l 1 

MATRIX EVALUATION 

- st iffness matrix 
- geometric matrix 

- permeability matrix 

NUMERICAL SOLUTION OF EQUATION SYSTEM 

- substitution of boundary conditions 
into matr ices 

- calculation of loading increments 

- solution of continuity equation 

CALCULATION OF NODAL POINT DISPLACEMENTS 

CALCU LATION OF EXCESS PORE PRESSURE AND 
EFFECTIVE STRESSES 

yes 
new load increment 

no 

I END I 

Fig. 83. Flavchart of the calculations in COPRESS. 
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7.2 	 Stability analyses for embank~ents on soft soils 

7 .2.1 	 General 

Stability analyses for embankments on soft soils can be carried out 
with different degrees of sophistication. For rough calculations in 
order to make sure that the stability is sufficient, an undrained total 
stress analysis using circular slip surfaces (Fellenius 1926) is 
usually used. The total stress analysis almost always gives the lowest 
factors of safety in soft soils, but in stiff and highly overconsoli 
dated soils an additional effective stress analysis may be required. 

The circular slip surface usually corresponds fairly well to the criti 
cal slip surface. The assumption of a circular slip surface also makes 
the calculations fairly simple. In soil profiles containing weaker 
layers , the critical surface may significantly deviate from the circul
ar shape and this has to be accounted for. 

The undrained analysis is often based on undrained shear strengths ob
tained from corrected vane shear tests . The estimation of undrained 
shear strengths can be further elaborated by using an ADP-analysis, 
whereby the slip surface is divided into zones of active shear, direct 
simple shear and passive shear. The values of the shear strengths in 
the different zones are then obtained from corresponding tests in the 
laboratory. Fig. 87. 

\c==]-0-
I -I \. 

0 
+ 

Pass ive zone Zone of direct Active zone 
Passive shear Active 
trioxial test Direct shear test triaxial test 

Fig. 87. 	 Relevance of laboratory shear tests to shear strength 

in the field. 
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The ADP analysis was originally developed by Ladd (1969) and has been 
extensively used since then, especially at Massachusetts Institute of 
Technology and at the Norwegian Geotechnical Institute. It becomes 
especially useful in stage-construction of embankments where the in
crease in shear strength, which is different in different zones, is 
taken into account. 

In rough estimates of stability, the shear strength in the fill ma
terial is often neglected. In more elaborate analysis, it has to be 
taken into account. It then has to be considered that the strength 
properties in the fill, which usually consists of granular material may 
change due to the deformations in the soil below. It is very doubtful 
whether any strength significantly higher than the strength at critica l 
density (i .e. no dilatancy effects) can be accounted for in fills on 
soft soils, even if the fill material has been compacted to some 
degree. This is especially valid when the stability is low and the 
initial deformations become large . 

In stage construction, the increase in shear strength due to consolida
tion can be utilized. A procedure for taking this shear strength in
crease into account, which was originally outlined by Aas(1976), was 
recommended by SGI in 1984, (Larsson et al 1984). 

In this procedure, the assumed shear surface is divided into three 
parts. In the part of the shear surface under the embankment where the 
inclination is steep, i.e. the active zone, the increase of the shear 
strength is assumed to correspond to the increase in shear strength due 
to consolidation in plane-st rain or triaxia l compression. This increase 
in shear st rength is actually larger than that normally evaluated from 
the vane shear tests. For a la rge number of Scandinavian soft soils and 
also for many other soft soi l s, the increase in act i ve compression 
shear strength amounts to about one third of the increase in preconso l
idation pressure. Similar values were found for the soils at the Anton 
iny site. 

In the part of the assumed shear surface under the embankment which is 
horizontal or almost level, the increase in shear strength is assumed 
to correspond to the increase in shear strength due to consolidation at 
direct simple shear. The shear strength at direct simple shear i s norm
ally close to the shear str ength evaluated from vane shear tests. 

The shear strength va lues measured by vane shear tests are mainly in
fluenced by the horizontal stresses in the ground and increases in 
shear strength under narrow embankments are therefore not measured 
fully by the vane t est , (Law 1985). 
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According to the SGI recommendations, the increase in shear strength is 
assumed to be confined to the extent of the embankment and the shear 
strength outside this li mit is assumed to be unchanged. The embankment 
area is here norma l ly assumed to end at the middle of the slope, Fig. 
88. The comprehensive shear strength testing in the l ater stages at the 
Antoniny si te has confirmed the genera l valid ity of this assumption. 

As an alternative to the ADP analyses the corrected shear strength 
va l ues from field vane tests can be used, but the full shear strength 
increase is thereby often not uti li zed. 

Fig. 88. Simplified estimation of increase in shear strength due to 

consolidation belCM an anbankment. 

More elaborate stability analysis normally use some method where the 
soil above the assumed s l ip surface i s divided int o sl i ces. All forces 
acting on the individual slices; external forces, i nterslice forces and 
normal and shear forces on the slip surface, are taken into account, as 
well as the interaction between the s li ces. The simplest and internati
onally probabl y most commonly used method is the s implifi ed Bishop 
method, (Bishop 1955). A large number of other sl i ce methods ha ve been 
proposed, e.g. Morgenstern and Pr ice (1965) and Janbu (1973). Normal ly, 
the safety factors ca lculated with the different methods differ only 
ma rg inally. The most commonly used method in Scandi navia is Janbu's 
"General Procedure of Slices" , which a l so enables a closer study of the 
interaction between forces and stresses in the so il mass (e.g. Svano 
1981, Lar sson 1983). The sl i p surfaces can be of arbitrary shape and 
can thus be assumed to fol l ow weaker layers in the soil. The calcula
tions with the slice methods can be performed as undrained, partly 
drained or drained analyses. 
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For calculation of stability of embankments on soft soils,_ the normal 
procedure is that the fill material is assumed to be drained and the 
soft soil undrained. Partial drainage during load application may occur 
in overconsolidated soils, but practically stops when the effective 
stresses reach the preconsolidation pressures , (Tavenas 1979). The 
effect of this partial drainage on the shear strength is very limited, 
except for heavily overconsolidated soils. 

As also the shear strength in the undrained cases is due to effecti~e 
stresses, it may be advocated that it would be more correct to predict 
the pore pressures and use an effective stress analysis for all parts 
of the slip surface. However, the undrained shear strength is simply 
the net result of the effective strength parameters, the original eff
ective stress in the soil, the stress changes and the pore pressures 
resulting from these at failure for a given undrained loading case. At 
low factors of safety, there is therefore no significant difference in 
the calculated safety factors for embankments on soft soils calculated 
with total stress analysis or effective stress analysis taking pore 
pressure responses into account. This assumes that both the undrained 
shear strengths are relevant and that the pore pressures have been cor
rectly predicted. 

At higher safety factors, differences occur as the total stress analys
is takes the pore pressures at failure into account, while the effect
ive stress analysis only considers the pore pressures developed at the 
actual stress level. The calculated safety factors using effective 
stress analysis thereby generally become higher in soft soils and their 
physica l significance is rather a measure of the current stress state 
in the soil.It is more difficult to interpret from these "safety fact
ors" how close the embankment is to failure .The safety factors calcul
ated assuming drained conditions in the fill and using undrained total 
stress analyses in the soft soils, on the other hand, are direct compa
risons between the shea r stresses that can be mobilized at failure and 
the actual shea r stresses, (Svano 1981, Larsson 1983, 1984, Ladd 1985). 
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7.2.2 Predictions of increase in shea~ strength 
due to consolidation 

To predict the increase in shear strength due to consolidation, the 
stress distributions and courses of consolidation have to be accurately 
predicted as the shear strength is a function of the preconsolidation 
pressure and the stress level. 

The most commonly used relations for prediction of shear strength 
assume that the shear strength in normally consolidated soil is a 
direct function of the preconsolidation pressure 

For MINERAL SOILS, it has been found that c is about 0.23!0.04 (Larsson 
1980). In laboratory tests it has been found that the undrained shear 
strength at unloading decreases with increasing overconsolidatin ratio. 
Ladd (1977) and Jamiolkowski et al (1985) suggested the relation 

~fu = c o'v (OCR)m 

Also in this expression c is 0. 23!0.04 and the va lue of m found in lab
oratory tests is about 0.8. 

The c values of 0.23!0.04 are valid for the average of the strengths at 
direct simple shear and active and passive shear. This average shear 
st rength i s close to both the shear strength at direct simple shea r and 
the corrected shear strength from field vane tests. These c values have 
also been found in back-calculation of a number of full scale f a il ures 
of constructions on natural soft clays. 

The corresponding constant for the shear strength at active shear in 
mineral soils is about 0.33, while the constant for passive shear is 
much lower and highly variable with the plasticity of the soil. Data 
for these relations can be found in Larsson et al (1984) and Jamiolkow
ski et al (1985). 

In field vane tests, the value of m has been found to be close to 1, 
which for this type of test makes the relation 

~ fu =Co' p 

valid also in overconsolidated clays. 

These relations have been obtained for mineral soils and the investi 
gations of the soils at Antoniny have shown that they have to be modi
fied for ORGANIC SOILS and possibly also for other soils with very low 
initial preconsolidation pressures. 

138 

http:0.23!0.04
http:0.23!0.04


The predictions of increase in undrained shear strength can be made 
from the increase in effective stress and preconsolidation pressure due 
to calculated increases in total vertical stress and dissipation of 
excess pore pressures. The pore pressure dissipation can be checked by 
pore pressure measurements. The values thus calculated do not account 
for the increase in shear strength due to creep effects. The creep 
effects create quasi preconsolidation pressures that are higher than 
the maximum effective vertical stresses and thereby also corresponding 
increases in undrained shear strength, (Bjerrum 1972,1973, Larsson 
1986). These effects can be calculated but verification usually re
quires that samples be taken and tested in the laboratory. 

Calculated and measured quasi preconsolidation pressures are presented 
in Chapter 7.1.2. 

The undrained shear strengths were measured by corrected field vane 
tests at various stages during construction of the embankments. 
Measurements were performed under the centre of the embankment, under 
the middle of the slopes and at the toes of the slopes. 

The effective stresses calculated for the same times as the field vane 
tests were performed have been used to predict the field vane strengths 
that would be measured. The predicted and measured values are shown in 
Figs. 89 and 90. 

The predictions using relations normally used in mineral soils yield 
higher strengths than predictions with the relations found in the 
present investigation when the initial preconsolidation pressures are 
exceeded. The measured values are of the same order as the predicted 
values. The shear strength under the embankment would have been some
what overpredicted in the later stages if the shear strength is assumed 
to be related to the preconsolidation pressure only. Considering the 
normal scatter in the vane results, no further conclusions can be drawn 
from this comparison. 

139 



Al EMBANKMENT CREST EMBANKMENT SLOPES 

Shear strength, Tfu (kPal Shear. strength, r1• lkPal 
0 10 20 30 0 ~ 20 30 

./ 1,-o 
2 

l! 	
2 

• 'I. .~ 

E 	 E I ['.__ 

t. 	
\, 

_,:: 	 _,:: t. 17 
i:i. V 	 i:i. k 
QI QI

0 0 

'' 
6 	 6 

. 

7,8 	 7,8 

Fig. 89. 	 Corrected vane shear strength am predicted shear strength 

values under Einbankment No. 1, before Stage 2 (April , 1984) . 

~gend: 

o - corrected field vane test 
-"' - Jamiolkowski et al ( 1985 I • -SGI-DG IBergdahl et al • 1987 I 

BI EMBANKMENT CREST 	 EMBANKMENT SLOPES 

Shear strength , 'l'f• (kPal Shear s t rength , Tf.( kPal 

0 10 20 30 0 10 20 30 

2 	 2 

~ 
 -~ 

E 	 E l 

~1J 

t. JV_,:: 	 _,:: t. /i:i. 	 i:i. 

QI QI 
0 0 

I
6 	

11, 
6 

I 

\\ 	 ~ k 
7,8 	 7,8 

Fig. 90. 	 Corrected vane ~ strength am predicted ~ strength 

values Uirler Einbankment No. 1, before Stage 3 (May 1985). 

140 



7.2.3 Predictions of stability for the embankments at Antoniny 

The stability of the embankments in the various stages has been calcul
ated taking into account the initial shear strength and the increase in 
shear strength due to consolidation. The sand in the embankment has 
been assumed to have a friction angle of 30°. This relatively low value 
was chosen because of the low density and the expected large deforma
tions. At large deformations, only the frictional forces corresponding 
to the friction angle at critical density can be mobilized. 

Rough estimates of the stability in Stage 1 using undrained shear 
strength and circular slip surfaces and ignoring the shear strength in 
the fill material yielded safety factors between 2 and 3. Because the 
geometry with wide embankments placed on soft soil with limited thick
ness and with dense sand underneath, the lowest safety factors were ob
tained for local slip surfaces in the outer parts of the embankments. 

The stability has then been calculated at DG with the simplified Bishop 
method using a computer programme designated SSA-1. The soil was 
divided into three zones with different magnitudes of shear strength 
increase; A - below the part of the embankment with full height, B 
below the slopes of the embankments and C - outside the embankments. 
Fig 91. The soils in these zones were divided into layers with charac
teristic undrained shear strengths and the shear strength in the fill 
material was also taken into account. 

The change in geometry, bulk density and shear strength during the con
solidation was taken into account at calculation of the stabilities i n 
stages 2 and 3. 

Calculations were made using the corrected shear strengths obtained 
from the field vane shear tests and also with the predicted shear 
strengths using the relations between undrained shear strengths and 
stress levels found in the present investigation, (Chapter 6.3). Here 
the calculated stresses and the measured pore pressures at the end of 
each stage were used. 
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For embankment No. 1 (without drains) the stability calcu lations with 
corrected vane shear strengths yielded the following safety factors: 

Stage F = 2.30 

Stage 2 F = 1.49 

Stage 3 F = 1.35 

In the stability analyses using strengths estimated from the stress 
levels the safety fa ctors became somewhat lower : 

Stage F = 1.96 

Stage 2 F 1. 18 

Stage 3 F 1.22 

The location of the critical circular sl ip surfaces is also shown in 
Fig. 91. In stage 1 the critical surface is a local slip surface at the 
outer parts of the embankment. In stage 2 it comprises most of the em
bankment, but mostly due to the l imited thickness of the soft l ayers 
not quite all of the embankment crest. In stage 3 the embankment crest 
has become narrower and the critical s li p surface passes through the 
back of the crest. 

The . resu lt s of the calculations for embankment No. 2 were very similar. 

Stabi li ty analyses have also been made at SGI using Janbu's "General 
Procedure of Slices". The calculations have been made for stages 2 and 
3. The soil has been divided into four zones with consideration to mode 
of shea r and shear strength increase. Circular and non-circu l ar slip 
surfaces have been assumed. In accordance with the procedure recommend
ed by SGI, the steepest part of the shear surfaces under the emb ankment 
has been assumed t o be a zone of active shear. The almost horiz onta l 
parts of the shear surfaces have been assumed to be zones of direct 
simp le shear and the st eeper parts of the shear surface where it goes 
up outside the embankment to be zones of passive shear. The increase in 
shear s trength has been assumed to be co nfined to the so il below the 
emba nkment within the centres of the slopes. Quasi preconsolidation 
effects on the increase 1n shear strength have been accounted for . The 
calcu l at ed factors of safety against undrained fai lu re in stages 2 and 
3 were both about 1. 2. 

The shape of the critica l shear surface deviated from the circular in 
that i t was steeper down to the weakest layer located about 2 m above 
the sand layer. I t then followed this layer to below the centre of the 
slope, where i t started to go upwards. 
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The formation of a distinctly weaker layer in the later stages at about 
2m above the sand layer originated from the lack of consolidation 
there. 

The stability has also been calculated by DG using effective stress 
analyses . The effective strength parameters for both types of soil had 
been measured to be c'=2 kPa and 0'=30°. 

The initial pore pressure pattern had been measured with a large number 
of piezometers and the excess pore pressures due to the loading were 
measured in selected points under and outside the embankments. The pore 
pressure distributions at various times were thus estimated and the 
safety factors in terms of effective stresses were calculated. 

The safety factors were calculated just after full load application for 
stages 2 and 3. In stage 1 the corresponding measurements of excess 
pore pressures were lacking. For comparison, the safety factors at the 
end of stages 1 and 2 and one year after load application in stage 3 
were calculated. The calculations were made with circular slip surfaces 
and Bishop's simplified method of slices. The same slip surfaces as in 
the total stress analyses were used. The geometries, pore pressure 
distributions and locations of the piezometers are shown in Figs. 92 
and 93. 

The calculated factors of safety in stages 2 and 3 just after full load 
application were 1.07 and 1.12 respectively. The total stress analyses 
had given the corresponding factors of 1.18 and 1.22. In general, this 
confirms that there is no great difference between safety factors cal
culated with undrained total stress analyses or effective stress analy
ses considering excess pore pressures in such cases and if the safety 
factors are low. On the other hand, the safety factors calculated with 
undrained total stress analyses should normally be lowest. The measured 
ekcess pore pressures, however, are probably somewhat too high due to 
the pushing effects at loading. The artesian water pressure and very 
low effective stresses outside the embankments also have some influence 
on the relation between the calculated safety factors. 

This can also be observed in the calculation of the safety factor in 
terms of effective stresses at the end of stage 1, which was 2.3. This 
is practically identical with the safety factor in the undrained total 
stress analyses after load application. In this load step the load was 
low and the critical shear surfaces located to the outer parts of the 
embankments , so that the effect of the artesian water pressure and the 
stress conditions outside the embankments had a large influence on the 
results. 
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The calculations for the end of stage 2 and one year after load appli 
cation in stage 3 showed that the safety factor in terms of effective 
stresses rapidly increases with the dissipation of excess pore press
ure. 
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8. SUMMARY AND CONCLUSIONS 

Two test embankments have been built on top of 8m of soft organic and 
calcareous soil. The embankments have been constructed in stages and the 
increase in shear strength due to consolidation in the different stages 
has been utilized in the construction of the subsequent stages. Vertical 
prefabricated drains were installed under one of the embankments. 

A comprehensive programme of field and laboratory tests was carried out 
before the construction of the embankments. A large amount of monitoring 
equipment was also installed in the ground under and outside the embank
ments . The behaviour of the embankments in terms of settlements, hori
zontal displacements and pore pressures has been followed and the 
changes in soil properties have been measured. The behaviour and the 
changes in properties have been compared to predictions using various 
methods of prediction. Special investigations have been carried out con
cerning the increase in shear strength at consolidation and the dura
bility of prefabricated drains in harsh environmental conditions. 

THE MONITORING EQUIPMENTS were selected with consideration to the soft 
soil, the large expected deformations and the long period of obser
vation. 

The deformations were very large. The settlements amount to almost 2 
metres which is half of the thickness of the fills and corresponds to 25 
per cent of the thickness of the compressib le layer. The horizontal 
displacements were up to 0.55 metres. This amount of movement proved to 
be the limit for the equ i pments with vertical tubes, which were buckled 
or else deformed in such a way that the measuring devices could not be 
inserted. This was the case for one of the inclinometer tubes and the 
magnetic settlement screws. Th e piezometers used were of the BAT type 
with filter tips connected to a pipe going up to the ground. Thi s type 
of equipment i s excellent for long-term observations as the electronic 
parts are removed between the measurements and can be checked. The pipes 
to the ground, however, entail a risk for pushing of the piezometers 
further into the soil due to se ttlements in the layers above . In spite 
of precautions, there was considerable pushing of the piezometers under 
the embankments at Antoniny. It can thus be concluded that: 

• All equipments with vertical tubes under embankments have limitati ons 
as to their working range. Any studies of further movement would require 
these equipments to be dup l icated with new equipments installed when the 
working range for the first equipments was approached. 

• The se lection of piezometers is often a compromize between the desire 
to measure rapid processes at loading and long term stability and accur
acy. To measure a rapid process the piezometers should be free from 
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rigid connections to the ground and to ensure long term stability and 
accuracy they should be provided with some means for check of the cali
bration and preferrably the meauring device should be retractable. There 
is also an economical aspect as filtertips that can be measured by the 
same retractable instrument become relatively cheap when a large number 
of piezometers are installed. However, when piezometers with pipes to 
the ground are installed the risk for pushing must be observed and even
tual displacements must be measured and accounted for. 

Apart from these aspects all the monitoring equipments functioned very 
well . 

THE SITE INVESTIGATIONS showed the necessity of careful documentation 
not only of the layering of the soil and its mechanical properties, but 
also the ground water conditions and in this case also the environmental 
conditions. 

The ground water pressure in the sand layer below the compressible 
layers proved to be artesian, which resulted in an upward pore pressure 
gradient and extremely low effective stresses in the soil profile. The 
conditions also varied seasonally. The environment with organic and cal
careous soil also proved to be very aggressive to some types of filter 
material. Different samplers were used and it was observed that, al
though the peat was highly decomposed, a special peat sampler had to be 
used to obtain "undisturbed" samples . The Swedish standard piston 
sampler compressed the peat so much that it clearly showed in the oedo
meter tests in the laboratory. The only difference that could be observ
ed between samples taken with the Borro 60 mm diam. piston sampler and 
the peat sampler was a small difference in natural water content. The 
field vane tests yielded high strength values. After correction with 
respect to the liquid limit acc_ording to SGI, the shear strengths 
reduced considerably and became similar to the shear strengths obtained 
in laboratory tests. 

The shear strength values obtained in the field vane tests proved sensi 
tive to the testing rate. In peat, the results also proved sensitive to 
the size of the vane. The cone penetration tests showed very low point 
resistances that were highly affected by the measuring accuracy. Pore 
pressure"'soundings were made, but the measured excess pore pressures 
were very low or negative. 

From the results the following conclusions can be drawn: 

• It is very important to measure the ground water conditions and their 
variation in detail. 

• The chemical environment may be important for installations in the 
ground. 
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• Sampling in peat requires special samplers even if the peat is highlj 
decomposed. 

• Field vane tests in organic and calcareous soils have to be correc
ted. The corrections recommended by SGI yield reasonable results also in 
these types of soil. 

• It is important that the standard procedure is followed in field vane 
tests. 

• The relevance of field vane tests in peat is questionable as the 
results are sensitive to the size of the vane. 

• Cone penetration tests in peat do not give any detailed information 
when standard equipments designed for stiffer soils are used. 

• Pore pressure soundings in overconsolidated soft soils do not yield 
any information, except possibly that the soil is overconsolidated. 

THE LABORATORY TESTS showed that some but not all methods and equipments 
used for soft mineral soils could be used for determination of the 
properties in the organic and calcareous soils. 

In the routine tests it was found that the organic content could not be 
estimated with any accuracy by loss on ignition, due to the high content 
of carbonates. The relatively simple colorimetric method (Schollenberger 
1945, Larsson et al 1985) or some more advanced method should be used 
for this type of soil. 

The compression characteristics of the soil were determined in incremen
tal oedometer tests and oedometer tests with constant rate of strain. 
The results in terms of compressibility were equal for the two types of 
tests. Tests on samples taken with different samplers indicated that in 
the peat the samples taken with the special peat sampler and with Borro 
60 mm diam. sampler were less disturbed than samples taken with the 
Swedish standard piston sampler. Tests on specimens with different sizes 
also indicated that the upper peat layer was not completely saturated. 

The shear strengths were measured in triaxial tests and direct simple 
shear tests. The averages of the shear strengths measured in active and 
passive (compression and extension) triaxial tests and direct simple 
shear tests were of the same order as the corrected strengths obtained 
in field vane tests. 

The effective strength parameters in undrained tests could be expressed 
as c' = 2 kPa and 0'= 30° for the stress range of interest. Similar para
meters were obtained in drained tests corrected for dilatancy effects to 
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correspond to the case of no volume change. The effective stresses in 
the ground and the 0 preconsolidation pressures were very low and below 
the working range of some equipments. Some tests were therefore run at 
elevated stresses and the test results were normalized towards the pre
consolidation pressure according to the SHANSEP-procedure (Ladd and 
Foott 1974). In the following investigation on the increase in shear 
strength due to consolidation, however, it was found that the increase 
in shear strength was not linear with the preconsolidation pressure. A 
more complex function had to be used, taking the current stress level as 
well as the initial preconsolidation pressure into account. This was 
found in all types of tests . 

The shape of the yield envelope was investigated and was found to be 
highly anisotopic. The isotropic Cam-clay model poorly fitted the real 
shape and an anisotropic model as suggested by Tavenas and Leroueil 
(1977) or Larsson and Sallfors (1981) has to be used. 

In a special testing programme, the discharge capacity of prefabricated 
drains which had been subjected to the environmental conditions in the 
ground for different periods of time was investigated. It was found that 
paper filters completely deteriorated within 250 days. Some discharge 
capacity remained as the channels in the plastic core had not been 
filled with soil , but also this rapidly decreased with time and increas
ing horizontal stresses. The discharge capacity in drains with plastic 
filters also decreased with time and increasing stresses, but by a much 
smaller degree. 

The following conclusions can be drawn from the laboratory tests: 

• Most of the testing methods and equipments used for soft mineral 
clays can be used also for organic and calcareous soils. 

• Loss on ignition is not a satisfactory method for determination 
of organic content in soils containing carbonates. 

• Peats are often not completely saturated and the parameters measured 
in the laboratory to estimate the time for consolidation may not be 
relevant unless the degree of saturation can be accurately measured. 

• The procedure for estimating undrained snear strength properties by 
normalization towards the preconsolidation pressure alone cannot be used 
in organic and calcareous soils with very low initial preconsolidation 
pressures. 

• In these soils, a normalized effective stress level has to be used. 
where both the initial preconsolidation pressure and the current precon
solidation pressure are taken into account. 
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• The shape of the yield surface in natural soils is a function of the 
consolidation stresses and is normally highly anisotropic. 

• Paper filters can deteriorate rather quickly in harsh environmental 
conditions and should be avoided in organic and calcareous soils. 

THE OBSERVATIONS OF THE TEST EMBANKMENTS showed that large settlements 
as well as large horizontal displacements occurred. The behaviour of the 
two embankments was almost identical, except for the first stage, where 
the horizontal deformations were smaller and the vertical compressions 
somewhat larger and faster under the embankment with vertical drains. 
The observations support the findings from the special investigation on 
the durability of prefabricated drains that paper filters quickly deter
iorate in this type of environment. The horizontal deformations were not 
immediate, but continued for some time after full load application, 
whereupon they practically stopped. The vertical settlements were large 
and continued at the end of all three stages. 

The measured pore pressure responses in the ground were often larger 
than the total vertical stress increase. This can be attributed to 
dynamic excess pore pressures as the piezometers were pushed further 
into the soil. The pore pressure dissipation in the middle layers was 
slow and in spite of the fact that most or all of the settlements pre
dicted with conventional analyses had occurred, there were large remain
ing excess pore pressures at the end of all load stages. The measured 
pore pressures in the soft soil were clearly affected by variations in 
the water pressures in the sand layer below and the position of the free 
ground water level in the upper peat layer . The increase in shear 
strength measured by field vane tests confirmed the laboratory test s in 
that the shear strength values increased relatively slower than the in
crease in effective vertical stress. 

The following conclusions can be drawn from the field observations: 

• The deterioration of the paper filters and the subsequent reduction 
in effect of the drains, as well as the conclusion that this type of 
filter should rather be avoided in harsh environmental conditions, was 
conf i rmed. 

• This finding does not reflect on the usefulness of vertical drains 
which has been repeatedly proven in other projects and also in organic 
soils. 

• Horizontal deformations in embankment construction are not quite im
mediate but practically stop after some time. 
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• Excess pore pressures of the same magnitude as the total vertical 
stress i ncrease are developed at load application when the soi~ is in a 
normal ly consolidated state. 

• Large excess pore pressures remain when all settlements predicted 
with a conventional analysis have occurred. 

• Vertical deformations continue at an appreciable rate also when all 
settlements predicted with a conventional analysis have occurred. 

• At observations of pore pressure dissipations also the variation in 
boundary conditions at the ends of the drainage paths have to be observ
ed and taken into account. 

• The pattern of shear strength increase due to consolidation found in 
laboratory tests was qualitatively confirmed by the field vane tests. 

PREDICTIONS OF DEFORMATIONS were carried out by a number of methods. In 
most calculations t he predicted deformations were divided into initial 
"elastic" deformations and one-dimensional consolidation settlements. 

The initial settlements and horizontal displacements were somewhat lower 
than the predicted movements. On the other hand, the horizontal move
ments continued for a short time. The final settlements corresponding to 
the horizontal displacements therefore became close to the predicted 
values, even if they did not occur quite instantaneously at the load 
application. 

Various empirical methods were used to estimate the "final" consoli
dation settlements in the peat layer. The spread in the results was 
large. The final settlements calculated by conventiona l analyses and 
using the results from oedometer tests were close to those later pre
dicted by Asaoka's method. This method uses field observations during 
the consolidation process to estimate the further course of consoli
dation and the "end result". These pred i ctions of "final" deformation 
appeared reasonable, but for the fact that high excess pore pressures 
remained and the settlement rates in the field were still cons i derable 
when a lmost all predicted settlements had occurred. I t was also observed 
t hat the parameters in Asaoka's method change during the consol i dat ion 
process and a long observation period was required to obtain a "reason
able" prediction. Asaoka's method is based on Terzaghi's consolidation 
theory where all parameters are constant and independent of time and de
formation. 

Conventional analyses of the course of consolidation using the Terzaghi 
equation a l so showed that the course of conso l idation predicted in that 
way deviated widely from the field behaviour. 
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Two types of analysis were performed, where the variation of consoli
dation parameters, load and geometry during the consolidation process 
was taken into account. Both types of analysis predicted the observed 
time-settlement processes fairly well. 

A third type of analysis was also carried out, where all the above men
tioned factors and also the effect of time on the compressibility of the 
soil was considered. The predicted settlements thereby became slightly 
larger and the excess pore pressures marginally larger within the period 
for observation. All observations of the soil behaviour in the field 
such as settlements with time, settlement distribution with depth, pore 
pressure generation and dissipation and even the development of quasi 
preconsolidation effects due to creep processes could be accounted for. 

The differences in the predictions when taking creep effects into 
account or not were relatively small within the time period for obser
vation. They increased with time, however, and would have become of im
portance for the long-term behaviour of permanent embankments. The div
ision of the deformations into initial shear deformations and one-dimen
sional consolidation is artificial. A correct method of prediction 
should account for the continuous two- dimensional (or three-dimen
sional) shear and consolidation process . 

Two types of finite element analyses for the case of plane-strain have 
been carried out. In one calculation, an elastic soil model was used and 
in the other calculation, the soil was assumed to be elasto-plastic with 
an 1sotropic yield surface. For both types of calculation it was found 
that the soil models used were too simple to account for all aspects of 
the soil behaviour. 

From the predictions and the observed soil behaviour can be concluded 
that: 

• For the embankments which were wide in relation to the thickness of 
the compressible layers the behaviour could be predicted by dividing the 
deformations into "elastic" initial deformations and following one
dimensional consolidation. 

• The "elastic" shear deformations could be calculated with reasonable 
accuracy using empirical correlations between undrained shear strength, 
plasticity and calculated factor of safety against undrained shear fail
ure. 

• The course of consolidation can be estimated only if the variability 
of the consolidation parameters, the load and the geometry during the 
consolidation process is accounted for. A "conventional" analysis does 
not give satisfactory predictions. 

153 



• The effect of creep processes cannot be ignored, especially not in the 
long-term perspective. 

• The method of predicting "final" settlements from field observations 
during the consolidation process suggested by Asaoka requires a long 
period of observation to yield "reasonable results". 

• Finite element calculations taking two-dimensional (or three-dimen
sional) deformations and water flow into account are desirable. They 
require very sophisticated soil models, however, to give better results 
than the combination of initial shear deformations and one-dimensional 
consolidation. 

PREDICTIONS OF STABILITY were carried out using total stress analysis 
as well as effective stress analysis. The calculated factors of safety 
in the total stress analysis differed somewhat, depending on whether 
corrected vane shear strength was used or an ADP-analysis using results 
from triaxial tests and direct simple shear tests was made. The safety 
factors calculated with corrected vane shear strengths were about 20 per 
cent higher. This can be attributed to the uncertainty of the relevance 
of vane shear tests in peat and how adequate the correction factors are 
for the organic calcareous soil. 

Calculations were made with the simplified Bishop method with circular 
slip surfaces and with Janbu's "General procedure of slices" with slip 
surfaces of arbitrary shape. In the latter case, the strength increase 
due to creep was included. This effect, like the effect of non-circular 
slip surfaces, was small and the two effects counteracted each other. 
The results of the two types of calculations thus became equal. 
Calculations were also made in terms of effective stresses using the 
measured pore pressures after load application. The safety factors cal
culated in this way were compatible with those calculated with total 
stress ADP-analyses. 

No failure occurred, but the initial deformations at loading in the 
second and third stage indicated that the embankments were close to 
failure. The calculated safety factor was then about 1.2. The methods 
used for calculation of stress increase due to consolidation and for 
calculation of stability thus seem to have been fairly relevant. 

Calculations of stability at various stages after the load applications 
showed that the safety factors in terms of effective stresses rapidly 
increased with the dissipation of excess pore pressures. 
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The following conclusions may be drawn from the results of the calcu
lations 

• The suggested method for prediction of shear strength increase under 
embankments, coupled with one of the ca l culation methods with slices and 
using an undrained ADP-analysis, yields reasonable results. 

• The safety factors in terms of effective stresses rapidly increase 
with dissipation of excess pore pressure . This is probably the · main 
reason why the horizontal deformations practically stopped after a short 
time. 
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