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PREFACE 

This research report deals with the consolidation of soft soils. The 

topic has been of mayor concern in the research activities at the 

Swedish Geotechnical Institute since it started in 1944. The first 

test fill was constructed in 1945 and this, and successive fills, have 

been under observation since then. Parallell to this, the techniques 

and equipments for testing, instrumentation and sampling in the field 

as well as testing in the laboratory have been developed. The results 

have served to increase the understanding of soi 1 behaviour during 

consolidation and to increase the ability to predict it. 

The report includes results from a number of interrelated research 

and development projects at the Swedish Geotechnical Institute as well 

as experience gathered from consulting activities. 

It also includes updating of the long-term observations at the old 

test fields at Ska-Edeby and Lilla Mellosa. 

The report contains results obtained in ongoing joint research between 

the Department of Geotechnics at the Agricultural University of Warsaw 

and the Swedish Geotechnical Institute. 

The ea 1 cul ati on method CONMULT ori gi na tes from Laboratoi res des Ponts 

et Chaussees in Paris. It was modified at Universite Laval in Quebec 

and this version came to the Swedish Geotechnical Institute as part 

of the research cooperation between the Institute and Universite Laval. 

Further modifications have been made at the Institute. 

The research has been supported by grants from the Swedish Counci 1 

for Building Research and the Swedish Road Administration and by 

internal funds at the Swedish Geotechnical Institute. 

The author wishes to thank these institutions and all colleagues who 

have taken part in the investigations and discussions preceding this 

report. 

Linkoping in April 1986 

Ro1f Larsson 
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SUP91ARY 

Consolidation characteristics for soft soi l are normally determined 

in small-scale oedometer tests in the laboratory. The technique for 

such tests has been developed and continuous stress-strain and strain

permeability relat i ons can be obtained . The stress-strain relations, 

however, are time/st rain rate dependent as the soft soils exhibit creep 

effects. 

The creep effects in terms of coefficients of secondary consolidation 

have empirically been found to be a function of the void ratio. In 

mineral soils, the coefficient of secondary consolidation and its va ri

ation with compression can for most applications be calculated from 

the natural water content with sufficient accuracy. In a similar way, 

the creep effects in peat can be eva1uated from the degree of humifi

cati on. Calculation of settlement and the course of consolidation has 

classically been made according to Terzaghi 's (19 23) theory for one

dimensional consolidation. This theory assumes, however, that the modu

lus of compression and the permeability are constants and are indepen

dent of time. 

Bjerrum ( 1967 and 197 2) deve1 oped a genera1 mode1 for the effect of 

creep in terms of settlements and development of quasi preconsolidation 

pressures and increase in shear strength. This type of soil behaviour 

was experimentally demonstrated by Berre and Iversen (1972 ) and a math

ematica l solution for a single uniformly loaded layer was worked out 

by Garlanger (1972). 

Today, advanced multilayer computer programmes are available which 

can take into account time effects as well as the variation of t he 

compression characteristics during the consolidation process. 

Initia l "elastic shear" deformations have usually been estimated by 

crude empirica l relations based on the undrained shear strength. Based 

on the invest i gations by Foott and Ladd (1981) an improved empirical 

re l ation for the modulus of elasticity is proposed. 
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In this relation, the modulus of elasticity is estimated from the plas
ticity of the soil, the undrained shear strength as determined by field 

vane tests and the factor of safety against undrained failure. 

The field observations at the old test fields at Mellosa and Ska Edeby 

have been updated and new samp1 i ngs and 1 abora tory tests have been 

performed. Results from an instrumented embankment on a peat bog and 

test embankments on organic soil have also been studied. 

These studies have shown that the behaviour of the soi 1 is in general 
agreement with the behaviour postulated by Bjerrum in that creep ef

fects occur during the process of conso lidation and that quasi precon

solidation pressures and related increases in shear strength develop. 

A simple approach is used to apply the results from small scale and 

relatively rapid oedometer tests to full-scale field conditions. In 

this way, the empirical observation that the pore pressure development 

in the field is directly related to the preconsolidation pressure 

measured in the laboratory is used. 

A revised version of the multi 1 ayer computer programme CONMULT has 

been used to calculate the courses of consolidation for the different 

cases. It is fou nd that the course of conso 1 i da ti on and a11 measured 

factors such as settlement distribution, pore pressure dissipation, 

horizontal deformations and development of quasi preconsolidation 

pressure and shear strength can be est imated with fairly good accuracy 
in the actual extensively investigated cases. 

I t is found t hat the largest remaining difficulties in the predictions 

of settlement are associated with the estimation of permeability in 

nonhomogenous layers and determination of the drainage paths. Another 

problem is to define what the relevant "normal" ground water conditions 

are and how to account for the changes and fluctuations in ground water 

level. 

It is also found that the permeabilities and drainage conditions are 

very importa nt also for the development of creep deformations. This 

may not be sufficien tly apparent from the usual simplified presentat ion 

of Bjerrum's model where the creep effects are related to time for 
sustained load only. 
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NOTATIONS AND SYMBOLS 


c' 

CRS-test 

E 

e 
e 
eo 
f 

g 

H 

Ip 

Kone 

s 

St 
t 

u 

Swelling index 

Load factor 

Compression index 6e/6 log o' 

Secondary compression index 6e/6logt 

Correction defined in Fig. 7 Secondary swelling parameter. 

Effective cohesion intercept 

Oedometer test, constant rate of strain 

Modulus of elasticity (Young's modulus) 

Void ratio 
Rate of void ratio change 

Initial void ratio 

Function 

Gravity (9.81 m/s2) 

Degree of humification. Height 

Plasticity index 

Coefficient of earth pressure in normally consolidated 
state 

Permeability 

Initial permeability 

Oedometer modulus 

Oedometer modulus in linear range defined in Fig. 7 

Initial oedometer modulus 

Oedometer modulus at reloading 

Oedometer modulus at swe lling 

Modulus number 

Modulus number 

Isotropic effective 

Swelling 

Second 

Sensitivity 

Time 

Pore pressure 

stress ( o1 + o2+ 0 3)/3 

Pore pressu re at undrained end of oedometer specimen 

Pore pressure due to creep effects 

Initial water content 
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Liquid 1 i mit 

Natural water content 

Plastic 1imit 

Depth 

Coefficient of secondary consolidation. 6E/6 logt 
Stress exponent 

Coefficient of permeability change, - 6 l og k/6 £ 

Coefficient of change in secondary compression, 
6as/6e 

E Compressive strain 

Compression index 

Compression due to creep effects 

Critical compression 
V Poisson's ratio 
p Unit weight 

Pw Unit weight of water 

0 Total stress 

0 oct Octaehdral stress (01 + 02 + 03)/3 

Ov Verti ea l stress 

0 
I Effective stress 

Initial effective stress 

Preconsolidation pressure 

Effective horizontal stress 

Reference stress 

Effective s tre ss defined in Fig. 7 

Effective vertical stress to which unloading has 
been made 

Ov I Effective verti cal stress 

Tfu Undra i ned shear strength 
<j, ' Effective angle of friction 
CONMULT Mult i layer computer programme for calcu l ation of 

consolidation 
DG Department of Geotechnics, Agricultura l University

of Warsaw 
SGI Swedish Geotechnical Institute 
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1. INTRODUCTION 

One of the major t asks in soi l mechanics is the prediction of settle

ments and their development with time. The classical theory of one-di

mensional consolidation was developed by Terzaghi in 1923. In this the

ory, the relation between vo id ratio and effective stress is considered 

as a unique function independent of time. Other soil properties such 

as compressibility and permeability have often been treated as 

constants independent of stress leve l and change in void ratio. 

That the assumption of an effective stress-strain relation independent 

of t i me is often a rather crude assumption can readily be observed in 

laboratory tests on hi gh pl astic clays wh i ch exh i bit large amounts of 

time-dependent creep. Numerous observations have also been made in the 

field of creep settlements continuing after complete pore pressure 

equal i zation has occurred and thus at constant effective stress. Long

term observations in Sweden also show settlements and pore pressures 

that widely deviate from the classical Terzaghi teory in terms of mag

nitude as well as their course with time, even when changes in 
compressib i lity and permeability are accounted for. 

The time-dependency of the effective stress-strain relation has been 

gi ven many names, such as creep, secondary compression, plastic resist

ance to compress i on, time-resistance or strain rate effects, which are 

all used to describe the same phenomenon. Many attempts have been made 

to incorporate these time effects in the ca l cu l ations of settlement. 

In the simplest forms, Terzaghi's theory has been assumed to be valid 

during primary consolidation, i.e. until all excess pore pressures 

caused by the load increment have dissipated. Secondary compression has 

t hereafte r been ass umed to commence and proceed at a continuously 

decreasing rate as the secondary settl ement is assumed to be a linear 

function of the logarithm of time. (Buisman 1936, Haefeli and Sc ha ad 
1948, Koppejan 1948). 

The first theory where secondary creep effects were at l east partly in

volved in the process of primary consolidation was presented by Tayl or 

and Merchant (1940) and a first model for a general variation of void 

ratio versus effective stress and time was outlined by Taylor in 1942, 
Fig. 1. 
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log p 

F,i,g. 7. 	 Void ~a;t,i__o - e66ect.i.ve htAelih ~eia,uonA 60~ di66~en:t 
timeli, TaylM ( 7942). 

A more general model, where the void ratio - effective pressure rela

tion continuously changes with rate of deformation, was presented by 

Suklje (1957). In this model, there is no distinction in nature between 

the primary and secondary compressions other than the hydrodynamic de

lay during the primary phase Fig. 2a. Another presentation was made by 

Bjerrum ( 1967, 1972) in order to i 11 ustrate the effect on void ratio 

of loads sustained for long periods, partly to explain overconsolida

tion effects in natural clays due to geological "ageing" and partly 

to explain creep effects occurring with time under constructions in 

spite of the fact that the preconsolidation pressure had not been 

exceeded, Fig. 2b. 

Bjerrum's model of 1972 also includes increase in undrained shear 

strength due to creep effects as the ratio between undrained shear 

strength and preconsolidation pressure is assumed to remain constant 

also when the preconsolidation pressure is a "quasi preconsolidation 

pressure" created by creep. 

Theories for calculation of consolidation with different kinds of rheo

logical models attempting to incorporate varying compressibility, per

meability and creep have been presented by Tan ( 1957) McNabb ( 1960) 

Gibson and Lo (1961), Wahls (1962), Barden (1965) and Garlanger (1972), 

among others, while theories for 3-dimensional consolidation have been 

proposed by Biot (1941 and 1956), Tan (1957) and Gibson et al (1970), 

among others. 

http:e66ect.i.ve
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The practi ea l use of these methods seems to have been l imited as much 

of the input data in many cases has been difficu l t to determine and the 

ca l cu l ations have been rather complex. Corroboration for the theori es 

f rom field cases has in most cases also been lacking. A method of esti 

mating settlements, including creep effects on the basis of primary 

compression from oedometer tests and an empir i ca l relation between sec

ondary and primary consolidation, wh i ch depends on load increment 
ratio, was suggested by Leonards (1968) . This or other empirical 

methods may have been in wider use among engineers. 

Computer development during the last decade has diminished the diffi

culty of complex calculations and the need for simplifications of the 

soil models. The soi l can thus today be divided into a great number of 

layers with detailed descriptions of a number of varying parameters and 

the consolidation process can still be calculated in a few minutes . 

This has also brought a swift development in advanced numerical methods 

for calculation of consolidation, e.g. Runesson (1978), Runesson and 

Booker (1982), and Sma11 and Booker (1982) . Advanced multi-1 ayer com

puter programmes for one-dimensional consolidation allowing for time 

effects and variations in soil parameters during the consolidat i on 

process have al so been developed (Magnan et al 1979, Mesri and Choi 

1985). 

At the same time, the models for general soil behaviour have been im

proved. (Schofield and Wroth 1968, Tavenas and Leroueil 1977, Larsson 

1981). New testing techniques to accurately determine consolidat i on 
parameters in the laboratory have been introduced (e .g. Larsson and 

Sallfors 1985) and emp irical knowledge of creep behaviour has improved 

(e.g. Mesri 1973, Mesri et a l 1983 and Larsson 1981). The actual f i eld 

behaviour of clays at loading has been stud i ed in a number of 

well-instrumented cases , e .g. Sallfors (1975), Leroueil et al ( 1978) 

and Tavenas (1979). At SG I, long-term observations of t he behav i our of 

instrumented fills, the oldest now 38 years, have cont inued (Chang 

1981, Hansbo 1960, Holtz and Broms 1972, and Holtz and Lindskog 1972). 

Results from new field cases have also been obtained. 

The present study has been performed in order to evaluate the accuracy 

with which the actual field behaviour can be predicted using modern 

computer programmes, results from modern testing techniques and incor

porating empirica l knowledge of soil behaviour. 
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2. 	 DETERMINATION OF CONSOLIDATION PROPERTIES BY OEDOMETER 

TESTS 

Calculation of settlements is usually based on results from oedometer 

tests. These can be performed either as incrementally loaded tests or 

as continuously loaded tests. 

The conventional test procedure with incremental loading, each incre

ment being equal to the previous load and a new increment every 24 

hours, was suggested by Terzaghi in 1925 and has been widely used since 

then . During the test, the sample is drained from both ends and 

readings of the compression are taken in a time sequence enabling a 

plot of the time-settlement curve for each increment . 

The results from incremental oedometer tests are usually presented in 

a diagram where the strain at the end of each step is plotted against 

the consolidation pressure. In this plot the vertical effective press

ure is in log-scale, Fig. 3. 

For determining the precon so1i da ti on pressure oc the Casagrande method 

illustrated in Fig. 3 has been widely used (Casagrande, 1936). 

'"> ... 
J " 
'" "' 

F-<.g . 3. The. Ca1.>ag1tande. method 601t evaluating .the. p1te.c.on/2ou
dalion pJz.V..f.>u.Jz.e. . 
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In this method, a horizontal line and a tangent to the oedometer curve 

at the point with the smallest radius of curvature are drawn. The angle 

between the horizontal line and the tangent is bisected. The straight 

portion of the oedometer curve is extended and the preconso lidation 

pressure is evaluated as the pressure at the intersection of this line 

and the bisectrix. 

Apart from the preconsolidation pressure, the compression index Cc or 

c2 is also evaluated from the oedometer curve. The presentation of the 

oedometer curve in a diagram with strain in linear scale and pressure 

in log scale was chosen as the curve then appeared to be a straight 

line after the preconsolidation pressure. 

The compression index Cc is determined as 

or 

log o' + t:,o' /:, (log O I ) 


I 
0 

To avoid the determination of the vo id ratio, the compression index E2 

is used in Sweden where c 2 is the relative compression of the sample 

at a doubling of the vertical pressure, Fig. 4b. 
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The relation of these compression indexes is 

Unfortunately the assumption that the oedometer curve should be a 

straight line for stresses higher than the preconsolidation pressure 

in this plot is not valid in soft Swedish clays and this method of de

scribing the compressibility is therefore an approximation valid within 
a small stress range only. 

Soil compressibility is therefore often expressed by tangent modulus 

M, 0dhe (1951), Janbu (1967), Brinch-Hanssen (1966) and others 

M = mJ· a ' j (~) l- B 
a J 

where 

mj = modulus number 

B = stress exponent 
a' = effective verti ea 1 stress 
C1j reference stress (usuall y 100 kPa) 

Th is method of describing compress ibility of soft cl ays is not general 

either, but the approximation can be used for a larger stress inverval 
than the compression index. 

Alternatively, the compression index can be expressed as a function of 

the effective stress (Mesri and Godlewski 1977). The results from in

cremental oedometer tests can also be expressed by the same parameters 
as t hose used for the constant rate of strain test. 

The different time - settlement curves for each load increment are 
pl otted wi th deformation versus the logarithm of t ime. Fi g. 5. 
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The coefficient of secondary consolidation can then be evaluated from 

the s l ope of the curve after t he excess pore pressu re has disappeared 

and thus the hydrodynamic delay of the deformations has ceased. The 

coefficient of secondary consolidation can be expressed as either 

CtS = dE/dlOgt 

or 

Ca = de/d l ogt 

Prev iously, a coefficient of consol idation has been evaluated from the 

time - settlement curves and from this coefficient a l so , indirectly, 

the permeabil ity. This has, however, been done under t he assumption 

that Terzaghi's theory of consolidation i s valid . Comparisons of per

meabi li ties indirectly eval uated in this way from time-settlement 

curves and directly measured permeabi liti es have shown that the former 

are often grossly in error (Tavenas et al 1983) . 

The oedometers for incremental tests shou l d therefore be modif i ed to 
enable direct measurements of permeability at different stages of the 

test if thi s property is to be measured in this type of test . 

The coefficient of consolidation is not a separate property but the 

product of compression modulus and permeab i lity divided by two 

constants, and has thus not to be determined. 
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In Sweden, the incremental tests have mainly been replaced by automatic 

cont inuous consolidation tests which are performed with a constant rate 

of stra i n, CRS- tests. CRS-tests are in reality performed with a 

constant rate of deformat i on, but the notation CRS- test for this type 
of test is international ly used. 

In the CRS-test, the sample is placed in an oedometer where drainage 

is allowed at the top surface on ly. The oedometer is placed in a com

pression test machine and the sample is compressed with a constant rate 

of deformation. During the compression of the sample the deformation, 

the applied load and the pore pressure at the lower undrained end of 

the sample are continuously recorded. Fig. 6. 

I 

PRESSURE TRANSD 

COMPRESSION 

MACH INE 

Fig . 6. Oe.dome.tVt 6Oil. CRS-.te..o.t. 
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From the tests, continuous curves are obtained for the re lations effec

tive vertical stress versus deformation and permeability versus defor

mation. From the first relation, a continuous curve for variation of 

the 
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compression modulus with effective stress can be evaluated, Fig. 
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The results from CRS-tests in terms of stress-strain relations are de

pendent on the rate of deformation at which the test has been 

performed. For tests performed at rates lower than a critical rate, the 

results can be evaluated with consideration to rate effects as fol l ows 

(Larsson and Sallfors 1985): 

The preconsolidation pressure is evaluated according to Sallfors, 

(1975). The two straight parts of the stress - strain curve are 

extended and intersected. An isosceles triangle is inscribed between 

the lines and the stress - strain curve. The intersection point between 
the base of the triangle and the upper line represents the preconsoli 

dation pressure oe,. This construction is sensitive to scales and is 

therefore always made in a plot where the scales are such that the 

length representing 10 kPa on the stress axis corresponds to the length 
representing 1% on the strain axis. 

After determination of the preconsolidation pressure, the stress strain 

curve for higher stresses is moved horizontally a distance c to pass 

through the point where Oc was evaluated (Larsson 1981). With the low 

testing rates used according to Swedish practice, the value of c is 

usually small. As shown by Larsson and Sallfors (1985) the adjusted 

stress strain curve so obtained corresponds very well to the curve ob

tained from standard incremental tests. 

The modulus-stress plot is now modified. The initial constant modulus 

Mo is extended to Oe,- At Oc the modulus is assumed to drop instantane

ously to the second constant modulus ML. The part of the curve where 

the modulus increases linearly with effective stress is moved c kPa to 

the left. The stress at the intersection with the constant modulus al 
is eva l uated and the modulus number M' is evaluated as IIM/M ' for the 

part of the curve where the compression modulus increases linearly 
with effective stress. 

Thus the curve is divided into three parts: 
1. 	 The part in the stress interval Oo- Oc where M=Mo 

2. 	 The part in the stress interval oe,- o 'L where M=ML. 

3. 	 The part in the stress region where a' > o 'L and where 

M=ML+M' (o '-o 'L). 
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The initial modulus from the first loading of a natural "undisturbed" 

sample in the oedometer is never used. It is always too low compared 

to in situ initial modulus due to sample disturbance, swelling, and im

perfect fit in the oedometer. In most cases M0 has been estimated from 

empirical relations such as Mo ~250 Tfu or Mo ~50 Oc, To obtain a 

useful value of M0 in the laboratory, the sample has to be unloaded 

When Oc is just exceeded to the "in Situ" effective Vertical Stress ob, 
It should then be allowed to swell before it is reloaded . M0 is then 

evaluated from the reloading curve. 

The permeability is evaluated by simplifying the log permeability

strain curve to a straight line. The initial permeability ki is 

evaluated at the intersection of the straight line and the horizontal 

line E=0 and the decrease in permeability with compression is expressed 

by the parameter Bk= - 6log k/6E. 

Tests on dry crusts, silts and remoulded clays can be evaluated using 

the same parameters but the patterns often differ (Larsson 1981). 

Recent investigations at SGI have shown that the compression parameters 

used for clay are useful also for peats. Lefebvre et al 1984 have 
suggested that natural strains should be used for peats and this is 

probably a more accurate description of the compression 

characteristics. However, for the limited range of st resses that have 

been of interest in Swedish projects the difference is small. 

No information on the rate of secondary consolidation is obtained from 

a CRS-test. To obtain this soil property, either empirical relations 

have to suffice or supplementary incremental tests have to be 

performed. 

The results in terms of stress-strain relations from all types of tests 

are rate-dependent. At incremental loading tests, the results depend 

on the load increment ratios used, the duration of each load increment 

and the time during this period at which the stress-strain relation is 

evaluated. In CRS-tests, the measured stress-strain relation is a func

tion of the rate of deformation at which the test was performed. The 

evaluation used in Sweden compensates for these effects down to acer

tain rate but the stress-strain relations at even lower rates become 
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different. In the conventiona l evalua t ion of incremental tests, the de

format i on 24 hours after load application is pl otted against effective 

stress. At this stage, all excess pore pressure has normally 

d i sappeared and the sample is deformed at a rate governed by the coef

ficient of secondary consolidation as· Considering the concept of 

Suklje (1957) that each vo i d ratio- effect i ve pressure relation corre

sponds to a certain rate of deformation, the stress-strain relation 

evaluated from 24-hour values in incremental tests corresponds to a 

rate of deformation of as·5·10-61;s, where as is expressed as a decimal 

number. 

The stress - strain curves from CRS-tests evaluated according to Swedish 

practice have been shown to be practically identical to curves from 

conventionally evaluated standard incremental tests. This means that 

the stress-strain relations evaluated from CRS-tests also correspond 

to a strain rate of as·5·1Q- 6 1/s. The coefficient of secondary 

consolidation is not a constant during the test but varies with 

deformation/effective stress level and the stress-strain relations from 

both types of oedometer tests thus represent a correspondingly varying 

strain rate. 

The swelling properties of a clay at unloading are best determined by 

stepwise unloading test. These properties are even more time dependent 

than the compression characteristics as the rate of secondary swelling 

is much higher in relat i on to the swelling modulus than the correspon

ding relat i on in compression (Mesri et al 1978). The procedure in the 

stepwise unloading tests is principally the same as in incremental 

l oading tests, but instead of doubling the applied load as in loading 

tests the load is reduced to half of the previous load. 

Other decrements may be used and when on l y the recompression modulus 

is of interest the load is reduced t o the lowest " i n situ" effective 

stress at un loading in a single step. 

Readings of the deformation are taken in a time- sequence enabling a 

plot of the time-deformation curve for each unloading step. The resu l ts 

are then plotted as deformation versus the logarithm of time. Swelling 

after 24 hours and the rate of secondary swelli ng are evaluated in the 

same way as the corresponding values in compression. The permeability 

of the so i l is a function of void ratio only and can be taken from the 
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relation determined in CRS-tests during compression or determined by 

permeability tests before and after the swelling process. The permea

bilities during the swelling procedure can then be interpolated using 

nlog k = - Bk · nE. 

Swe11 i ng tests may al so be performed in advanced automatic oedometer 

tests where the vertical stress can be kept constant. 

The recompression properties of the soil are determined in the same way 

as in first loading, but the test starts at the pressure to which the 

soil has been unloaded and has been allowed to swell for. 
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3. EMPIRICAL SOIL BEHAVIOUR 

3.1 Observed behaviour in laboratory tests 

3 . 1.1 Secondary consolidation 

The coefficient of secondary consolidation a s is not a constant. 

From incremental oedometer tests it can be observed that as varies 

from load step to load step and also in some stress intervals varies 

significantly within the load step . This is illustrated in Fig. 8 . 
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The first two curves in Fig. 8 represent loads well below the precon

solidation pressure and the values of cx5 are very small. The third 

curve represents a load slightly below the preconsolidation pressure. 

Here the coefficient of secondary consolidation has a low value just 

after the pore pressure equalization has occurred but this value does 

not remain constant and increases with time. The fourth curve 

represents a load where the preconsolidation pressure is reached but 

not much exceeded. In this curve, there is no typical reversed s-shape 

but the curve bends downwards more and more. Pore pressure equalization 

occurs somewhere along the curve, but this cannot be seen from its 

shape. With standard increments, curves 3 and 4 never appear in the 

same test and sometimes, if the preconsolidation pressure happens to 

be in the middle between two loads , neither of them will occur . The 

curves representing loads well over the preconsolidation pressure be

come the reversed s-shape, but cx s is not a constant and decreases with 

time and further compression. 

From tests on Swedish clays, it has been shown that the coefficient 

of secondary consolidation can be related to the relative compression, 

or void ratio, whereby a unique curve is obtained, Fig. 9. (Larsson 

1981). 

The coeff icient of secondary consolidation is very low until a certain 

compre ssion i s reached, after which it increases very rapidly up to 

a maximum value and then slowly decreas es with further compression . 

The critical compression where a s s tarts to increase corresponds to 

an effective vertical stress of about 0.8 ac for clays. 

The variation of the coefficient of secondary consolidation with defor

mation resembles the inverse to the relation between compression modu

l us and deformation. Mesri and Godlewski (1977) proposed that the coef

ficient of secondary consolidation could be expressed as a constant 

relation to the compression index Cc. This is a fairly good approxi

mation, but the relation varies somewhat with stress level within the 

test and it varies considerably between different soils. 

Mesri (1973) collected results from reported tests and showed that 

the coefficient of secondary consolidation is mainly dependent on water 

content, Fig. 10. 
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Th is finding was further supported by tests on Swedish clays (Larsson 

1981) and data have systematically been collected since then . The ac

cumulated data for maximum coefficient of secondary consolidation 

evaluated from oedometer tests and associated water contents at the 

actual deformations are shown in Fig. 11. 

4.5 

4.0 

J, 

3,0 

..... 
en 2. 
0 	 ..
' ';;l. 	 : 

• 0 

1.5 	 !:.ggend 

• Clay 
o Sul phide soils 

1.0 	 • Organic clay , gyttja 
v Organic soil ( dy- bearing very amorphous peat H 10) 

0 • + Calcareous soil 
• d' 

0.5 

o.o.1------- -~------------~------~-------,-- 
o 100 	 200 300 400 SOO 

WATER CON TENT. % 

Fig. 11 . 	 Rela,.tlon be.tween madmu.m coe66icien..t 06 Jecondo.Jr.y 
coMoLi.da.,,ti_on and waA:eA con.tent. 



31 

From Fig. 11 it can be seen that there is a clear relation between 

the coefficient of secondary consolidation and the associated water 

content. This relation, however, varies with different types of soils. 

A correlation with void ratio instead of water content may give a more 

unified relation, but the void ratio is seldom determined in Sweden 

and especially not for organic soils. A relation between void ratio 

and coefficient of secondary consolidation was proposed by Wahls (1962) 

and this relation agrees well with the values found for inorganic 
Swedish clays. 

If the decrease in coeffic ient of secondary consolidation with further 

compression after the maximum value is studied for the different tests, 

it is found that the decreasing coefficient follows the same relation 

for as versus water content (void ratio) as the maximum values. The 

variation of as during compression can be written as 
a = a - 8 nEsmax(E) Smax as· 

where 

coefficient of secondary consolidation at relative 
compression E 

maximum coefficient of secondary consolidation 

= constant = "'as/"'E 

re l ative compression between the actual compression 

and the compression where asmax was measured. 

For peats, however, the maximum coefficient of secondary consolidation 

seems to be related to the degree of humification rather than the water 
content, Fig. 12. 

The decrease in as with compression follows the decrease in water con

tent also for peats. 

A fairly good idea of the magnitude of the coefficient of secondary 

compression and its variation during the consolidation process can 

thus be obtained on the basis of the type of soil and its water con

tent. 
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At first loading in the oedometer of a soil sample exhibiting a precon

solidation pressure, the stress-strain relation becomes almost linear 

up to a certain deformation where a break occurs in the curve. The 

pressure at this point depends on the loading procedure but the defor

mation seems to be the same for "identical" samples (Leonards 1979). 

This critical deformation, however, is not a unique value but depends 

on the load and deformation history of the soil (Larsson 1981). In 

a wider aspect, it also depends on what stress-path is followed 

(Tavenas and Leroueil 1977). 

It has al so been observed that secondary compressions a re very sma11 

up to a deformation somewhat l ower than the critical deformation. From 

this deformation, the coefficient of secondary consolidation as 

increases linearly with increasing deformation to reach a maximum at 

the critical deformation. When modelling soil behaviour, consideration 

thus has to be taken to the stress and deformation history of the soil 

in situ. 



33 

Soils exist in situ with varying degrees of overconsolidation from 

practically normally consolidated soils, which are frequent some dis

tance below the ground surface in Sweden, to heavily overconsolidated 

soi 1s. The overconsol idation often depends on a reduction of previous 

effective stress due, for example, to erosion, deglaciation, removed 

constructions or rising ground water levels. The overconsolidation 

effects may also depend on chemical bonding or "ageing" due to second

ary consolidation (Bjerrum 1967). 

Other causes of overconsolidation are drying-out of the soil, fluctuat

ing ground water levels, suction from roats, cyclic loads and for 

coarser soils, compaction and vibrations. There are still many soils 

for which the overconsolidation effects cannot be readily explained. 

3.1.2 Swelling 

If the effective stresses in a soil without bonding effects are 

decreased sufficiently, the soil starts to swell. If a clay has just 

consolidated for a load increase over the previous preconsolidation 

pressure, secondary compression will proceed at a relatively high rate. 

A small reduction in load will halt this compression for a while or 

there may be a smal 1 swel 1 ing before compression starts again at a 

reduced rate. If the load reduction is large enough, secondary 

compression stops completely and for even larger load reductions the 

clay will swell. Like compression, this swelling is time-dependent. 

At unloading, the pore pressure in the clay drops. There is a time

lag in the swelling while there is a hydraulic gradient in the clay 

and water is absorbed as fast as the permeability and access to water 

permits. After the gradient has evened out, there is secondary swelling 

at unloading similar to secondary compression at loading. 

This is illustrated in Fig. 13, where two oedometer tests with stepwise 

loading and unloading are shown. The time-swelling curves can be seen 

to show the same shape as the time-settlement curves. The swelling 

modulus is high close to the preconsolidation pressure, but decreases 

as the effective stress decreases and is very low at low effective 

stresses. 
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No detailed study of the secondary swelling rates has been performed 

for Swedish clays but Mesri et al (1978) have reported a comprehensive 

study on shales. Certain similarities between the results from this 

study and observed behaviour for Swedish clays can be seen and a tenta

tive model for deformations during unloading and swelling can be out

lined. 

The swelling modulus at unloading decreases continuously with decreas

ing effective stress. The swelling modulus Ms can be written as 

Ms= o'/as 

where 

Ms swelling modulus 

o' effective vertical stress 

as swelling index 

When a normally consolidated soil is unloaded by only a small load 

increment. the secondary compression wi 11 continue but at a reduced 

rate. When the load reduction becomes large enough the direction of 

the secondary deformations will change and secondary swelling starts. 

The load at which this turning point occurs can be written as b·oc 

where b is the load factor. The secondary swelling at effective 

stresses lower than b·o c can be expressed as c·S where C is a constant 
and Sis the accumulated swelling. 

The net effect of these processes for the 24 hour reading in the oedo

meter test is that for small load reductions there is a small 

compression in spite of the unloading. The deformation at the load 

b· oc is often about the same as when the unloading started and for 

larger l oad reductions the soil wi ll actual ly swe l l. Fig. 14. 

From tests on Swedish soils, the following simple equation can be 

suggested for swelling in incremental oedometer tests for the first 

unloading cycle with 24 hours' duration of the decrements. 
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b· oc: 
S = as ln - ,

ou 

where 

s total relative increase in sample height 

as swelling index 

Oc 
I = preconsolidat i on pressure 

b load factor when swel ling overcomes secondary compression 

Ou 
I effective pressure after pore pressure equalisation 

This equat i on has been used for a variety of soils and found to fit 

the laboratory test results satisfactori ly. 

For soft c l ays, the swelling index as has been found t o vary between 

0.007 and 0 . 012 and the l oad factor b is about 0.8. as decreases with 

increasing grain size and is about 0.001 for sand and gravel and b 

in creases with increasing gra in size to become 1 for gravel. 

as-values for a number of Swed i sh so il s a r e plotted against average 

gra i n s i ze d50 in Fig . 15. 
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This method of calculating swelling is confined to what actually occurs 

in an oedometer test with a certain loading-unloading sequence. The 

deformations in an actual case will, among other things, depend on 

how long the soil was allowed to develop secondary deformations before 

it was un1 oaded, the un 1 oadi ng sequence and what amount of secondary 

swelling the soil has developed. 

To calculate these deformations, information is required on how the 

secondary deformations vary with stress and deformation. A tentative 

assumption can be made that the rate of secondary compression during 

unloading decreases linearly with decreasing stress within the stress 

interval Ge to b·oc according tO 

a = a . a ' - ba ' c 
S SmaX(E:) (1-b)oc 

where 
= rate of secondary compression 

rate of secondary compression during compression 

at loading 
a' effective vertical stress 

b load factor 
preconsolidation pressure 

Secondary swelling rates at effective verti cal stresses lower than 

b· c can be assumed to be governed by 

as = - c·S 

where 
ra t e of secondary swelling 

constant 

s total relative swelling 

3.1.3 Recompressi on 

The modulus at recompression after swelling is dependent on the magni

tude of the swelling. Samples that have had only a small load reduction 

have not swelled at all and have a relatively high recompression modu

1us. 
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A characteristic feature of samples that have undergone swelling is 

that when they are reloaded they will show an almost constant 

compression modulus up to the effective pressure b· ac' and the 

compression at this pressure wi 11 be equa l to the previous maximum 

compression. bis the same load factor as the factor b that determines 

at which pressure the sample starts to swell. 

This is illustrated in Fig. 17, where a number of tests on the same 

clay have been preconsolidated for the same effective stress and then 

unloaded to different loads. The curves have been slightly adjusted 

along the e: -axis to give the same compression at the end of the first 

loading. 

VERT ICA L PRESSURE kPa 

30 

Fi g. 17 . 	 E66ec;t 06 ~we,U,i,ng on ~eQomp~u~ion. CUJtvU ~U gh:Uy 
adjw.,,ted in -the v~c.al ~euion. 
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Fig. 18 shows results from a number of tests on the same clay where 

the samp l es have been consolidated to different effective stresses, 

unloaded to low stresses and reloaded after swelling. The curves have 

been slightly adjusted along the £-axis to fa ll on the same virgin 

compression curve. The tests all start to swell at the same b-value 

and the recompression curves all i ntersect the swelling curve at o' " 

b·oc. 
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The modulus at recompression Mrl in the stress interval ou to b· oc 

thus becomes 

http:SweLu.ng
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where ou is the effective pressure to which the sample was unloaded 

and as and b are the swelling parameters. This formula is also a sim

pl ifi cation va li d for the standard procedure in the oedometer. 

I f the effect of secondary swelling is incorporated , the modu lus at 

recompression becomes 

s 
where S is the total swelling. 

The modulus at recompression for soils which have been unloaded only 

to stresses higher than b· oc is more difficult to evaluate. If the 

soil unloaded to stresses in the inte r val b· o ' to o ' is assumed to r e
c C 

spond in a way similar to soil unloaded to lowe r stresses, the modulus 

of recompression for these cases can be written as 

The modulus of recompre ssion calculated without regard to secondary 

swelling becomes a function of overconsolidation ratio, swelling index 

and load facto r . The modulus at recompression calculated with a typical 

value of as =l % and b=0. 8 is shown i n Fig. 19 . 
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From Fig. 19 it can be seen that empirical values of recompression 

modulus of Mr] ,,50 oc (or Mr] :::250 Tfu) are averages of a wide range 

of values. This range becomes even wider considering that as and b 

vary with type of soil and that the amount of secondary swelling 

varies. 

The compression modulus in the stress interval o~ to et' might be dif

ferent if the overconsolidation is an effect of bonding (cemented 

clays, structured clays) or "ageing" due to long-term secondary con

solidation. In Scandinavia, however, the same type of empirical 

relations for compression modulus at stresses lower than the precon

solidation pressure have been used regardless of the cause of overcon

solidation. 

0verconsolidation effects in clays in eastern Canada are often attri

buted to cementing or "structure" and extreme care has to be taken 

to preserve these effects during sampling. Still, careful 

investigations have given values of compression modulus for the actual 

stress range that are of the same order as for Scandinavian soils which 

have been unloaded (Leahy 1980). 

The creep effects vary during reloading. The secondary swe11 i ng does 

not stop immediately a small load increment is applied, but continues 

within a small stress range at rates that depend on how much secondary 

swelling had developed before the load was increased. This may somewhat 

affect the modulus at recompression. Within the stress interval where 

this swelling process continues at reloading, the net effect of com

pression and secondary swel 1 ing may be that no significant deformation 

or even a small swelling occurs. 

At further re l oading there are no significant creep effects unti l the 

effective stress b· oc is reached . From this stress and associated 

deformation, the rate of secondary deformation increases linearly with 

increasing deformation until the maximum value, which is identical 

to the value for the actual deformation at first l oading, is reached. 

3.1.4 Tentative model for moduli and creep 

A tentative mode l for the variation of modulus and creep during loading 

- unloading - reloading can be summarized as in Fig. 20 and Table 1. 
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COEFF. OF SECONDARY 
EFFECTIVE VERTICAL PRESSURE COMPRESSION MODULUS 

o~a~ 	 - ex, 0 Ml 

b · d~ -0~ 
M,1"' S 

F-<-g. '2.0 . Schema.,t,i.c vaJU.O...:t,i,on 06 modul.w., and C.11.eep dwung load-<-ng, 
unload-<-ng and 11.eload-<-ng. 

Table 1. 	 Schema.,t,i.c vaJt-<-Cl-U.on 06 moduli.v., and C.11.eep dwung load-<-ng , 
unload-<-ng and 11.eload-<-ng . 
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a·< b ·O· -o· - ba· M, I:::.(b0~ -0~)/S Negl ig ib le u <2 u <2 2
Reloading  £- £ b0·,2 

5 ex,b0~2- 0 ~2 	 ()( •max (E "2). d e, (1-b)/M,1 max IE) 

cc . £-E o·u 5 ex 
o>b ~ 2 

a~ - 0~2 
M,I = o·ula5 •mox (Ec,2 ) (o,2- Ou)IM ,1 •mox (E) 

http:vaJt-<-Cl-U.on


44 

In this model, the modulus M0 should preferably be determined by oedo

meter tests with unloading from oc to oo and reloading. M0 should then 

be evaluated from the reloading curve. Alternatively, is estimatedM0 

taking the stress-history and swelling-compression characteristics 

into account. 

The critical deformation £CR1 is calculated as (oc1-oo)/Mo. Oc.1 is pre
consolidation pressure of the soil as measured in the oedometer test. 

o!:2 is the new preconsolidation pressure developed if the soil is com

pressed more than £CR1·o!:2 is the pressure on the oedometer curve for 

first loading corresponding to the maximum compression (minimum void 

ratio) that has been reached. o!:2 thus increases with prolonged second

ary consolidation. 

The new critical deformation £CR2 depends on the previous deformation 
history and can be calculated from 

and 

= £ • + (a ' - a ' ) • a / o ' if o ' .: b·o'
OU C2 U S U U C2 

Deformations calculated by the various moduli, except Ms in the 

interval ocrb· oc.2 and Mr] in the first small stress interval where 

secondary swelling may occur, include secondary consolidation 
occurring at deformation rates faster than as ·5·1Q-6 1/s. For slower 

processes, the effects of secondary consol i da t ion or swelling have 

to be taken into account. In the stress intervals where deformations 

from moduli and from secondary conso lidaton occur in opposite 

directions, the deformations from moduli can be consi dered as instant

aneous and independent of time, except for the hydrodynamic time lag, 

while the creep preocess goes on as before the stress change, but at 
a reduced rate . 
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3.1. 5 "Undrained" modulus 

When a l oad with limi ted lateral extension is applied , there wi ll be 

shear deformations and lateral defor mations in the so i l. These defor

mations are assumed to occur instantaneously when t he load is appli ed. 

The soil is further assumed to be undrained during the time for load 

application and the deformations are often calculated by using v == 

0.5 and an undra i ned modulus of elasticity. This modulus is often est i

mated from empirical correlations with the undrained shear st r eng t h. 

Values for E from "'80 Tfu to "'2000 Tfu have been suggested. There 

is a clear trend that the highest values have been suggested for l ow

pl astic cl ays and the lower values for organic soils. 

Tavenas (1979) has pointed out that the soil during norma l l oad appli

cation usually does not respond in a totally undrained way. Partial 

dra i nage can be expected until the effective stresses i n the soi l reac h 

the preconso l i da t ion pressures. For soils with some degree of overcon

so l i da t ion, it is therefore diff i cult to distinguish between initia l 

defor mations and consolidation. Poulous (1972) has shown t hat t he in

itial horizontal movements a r e far less than what corresponds to the 

vertical movements for stiff, overconsolidated soi l s. This disc repancy 

i s reported to di min i sh when the so i l becomes softer and more norma l ly 

consolidated. Tavenas ( 1979) showed that once the normally conso l idat ed 

stage is reached, the further initial horizontal deformations corre

spond to the furt her initial settlements. If Tfu and E are determi ned 

from triaxia l tests the effect of anisotropy must be considered. If 

the values are obtained from direct simple shear tests or the shear 

strength is obtained from field vane tests , this effect is probably 

smal l er. An undrained modulus of e l ast i city is not a consta nt but t he 

stress- strai n cur ve is a hyperbolic f un ction . Nor are the deformations 

elastic, but become more and more plastic as fai l ure is approac hed . 

Foott an d Ladd (1981) presented moduli determined in direct simple 

shear apparatus for a wide variety of soils and also recommendations 

for how the calc ulated initial deformations shou l d be corrected for 

pl astic deformat i ons. The results from t his study , comb i ned with t he 

recommendation, indicate that the modulus for initial deforma t ions 

E for normally consolidated or slightly overconsolidated soil can be 

written 
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Tfu · 215 • l n F 
E 

I 
p 

where 

E = Modulus for initia l deformat i on 

Tfu = Undrained shear strength from vane shear tests or direct 

simpl e shear tests 
F Calculated factor of safety against shear failure 

Ip = Plasticity index 

In this formula, the introduction of Ip takes the effect of plasticity 

into account and the factor l n F accounts for the hyperbolic stress

stra in relation . The formula is also in general agreement with the 

suggested empirical relations. 

The initial deformations are calcu l ated using theory of elasticity 

with v = 0.5 and E as an elastic Young's modulus. 

When the soil is unloaded, the swelling causes a softening of the soil. 

The values indirectly determined in direct simple shear tests by Foott 

and Ladd (1981) indicate that the modulus for overconsolidated clays 

within a limited range (l.25<0CR<8) could be written as 

Tfu · 215 · l n F 
E (1,08 - 0,37 ln OCR) 

I 
p 

In these cases, however, it should be considered that the soil usual ly 

does not respond in a totally undrained way and that v is probab ly 

less than 0.5. In Swedish practice, the elastic modul i for overconsoli

dated soils are usually assumed to be 50 to 70% of the empirical re

lations for normally consol idated so il s (Ha nsbo 1972). The settlements 

thus ca l culated are, however, assumed to include long-term 

consolidation settlements and no real reduction of the e l astic modulus 

is normally made for overconsolidation. 

A certain reduction occurs indirectly, though, as the elastic modulus 

is based on results from vane shear tests and the strength values ob

tained in these tests decrease somewhat when the over burden pressure 

decreases and the soil swe ll s. 
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3.1.6 Penneabi l i ty 

The permeability of a soil is a function of its void ratio. Tavenas 

et al (1983) found that for the working range of compressions the per

meability, as in Swedish practice, could be simplified to a straight 

line in the log permeability - compression plot . The logari thm of the 

permeability can thus be written as 

log kE: = log ki- llk'E: 

where 

kF: permeability at relative deformation E: 

ki initial permeability 

Il k = permeability change index 

E: = actual relative deformation 

The permeability change index is a simple function of natural void 

ratio, while the inital permeability was found to be a complex function 

of a number of soil properties (Tavenas et al 1983). 

No difference between horizonta l and vertical permeability has been 

observed for homogenous soft clays in Sweden or eastern Canada (Larsson 

1981, Tavenas et al 1983). In many cases, the soil is layered which, 

apart from variations in vertical permeability, also entai l s large 

differences between vertical and horizontal permeabilities. This may 

also be the case in some non-layered soils where particle orientation 

creates the same effect. Clays that have been subjected to very high 

stresses often have a significant particle orientation. 

Anisotropy of permeability has been found for Swedish peats (I nganas 

1978) where peats with a low degree of humification had very high hori

zontal permeabilities as compared to vertical permeabil i ties. This 

difference decreased with increasing degree of humification and became 

negligible for highly decomposed peats. 

Also in Swedish gyttjas with pronunced horizontal orientation of the 

organic particles the permeabilities have been found to be higher in 

the horizontal direction than in the vertical direction. 
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Even the most homogenous soils have natural variations in water content 

and void ratio. For the very homogenous Backebol clay, a variation 

in initial permeability in oedometer samples of ~ 25% has thus been 

found (Larsson and Sallfors 1985). The corresponding scatter for hom

ogenous clay from eastern Canada is about~ 40% (Tavenas et al 1983). 

In both cases, the scatter can be directly related to the natural vari

ation in void ratio. This means that accurate measurements of the 

permeability for a natural clay that can be applied to the field 

conditions cannot be obtained from a single test on a small sample 

in the laboratory. For homogeneous soils, a number of tests may be 

performed to give an average or tests on large samples may be 

performed. For layered or varved soils, the measurements of 

permeability should be performed on large samples, include effects 

of anisotropy and preferably be performed in situ. 

3.1.7 Pore pressure response at loading 

A number of methods have been proposed for predicting the pore pressure 

response in a clay mass when the stresses are changed under undrained 

conditions (e.g. Skempton 1954, Henkel 1960, Hoeg et al 1968). These 

early methods have been based on combinations of the responses to 

changes in compressive stresses and in shear stresses. 

A more rational method of predicting the pore pressure development 

was created by the introduction of the concept of Critical State Soil 

Meehan i cs (Schofield and Wroth 1968). This concept has been further 

developed to include the behaviour of natural soft clays and anisotropy 

(e.g. Wong and Mitchell 1975, Larsson 1977, Tavenas and Leroueil 1977 

and 1979, Larsson and Sallfors 1981). 

It has been established that natural clays have a yield surface that 

is a combination of normal stresses and shear stresses at which the 

behaviour of the material changes from elastic to plastic, Fig. 21. 

The shape of the yield surface can be estimated from the preconsoli

da t ion pressure oc, the coefficient of effective earth pressure in 

the normally consolidated stage Kone and the effective strength para

meters c' and ~ ·. 
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In undrained conditions, the pore pressure response in the elastic 

range will be such that the isotropic effective stress 

P = (a1 + a2 + 0 3)/3 

remains constant. When the yield surface is reached, the further pore 

press ure development will be such that the yield surface is followed 

up to the po in t of undrained s hear failure, Fig. 22. 

The yield stresses and the pore pressure deve l opments are somewhat 

time-dependent. Prolonged undrained conditi ons wi l l cause the yield 

s urface to shrink and the pore pressures to change. On the other hand, 

tota l ly undrained conditions do not prevail indefin itely in the f i eld. 

http:e;i;t,i,c.a1
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3.2 Observed beha viour in situ 

The actual behaviour of clay under embankments has been summari zed 

by Tavenas (1979). It has been found that the pore pressure deve l opment 

during the loading process is considera bly sma l ler than that predicted 

from total ly undrained behaviour unt i l the yie l d stresses are reached . 

For stresses within the elastic range where the compression modul us 

is high, a significant degree of conso l idation can thus be expected 

to occur within the time for load application. 

For soils with an overconso l idation ratio lower than 2. 5 there will 

be a drastic change in the pore pressure development when the effective 

vertical stress reaches the preconsolidation pressure. From this stage, 
the pore pressure will respond directly to the additional increase 

in vertical load (6u = 6a) and thus keep the effective vertical stress 

constant and equal to the preconsolidation pressure, Fig. 23. 
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This behaviour was first observed by Sallfors (1975) who used the pore 

pressure development at large-scale field loading tests to establish 

the preconsolidation pressure in situ. The values of the preconsoli

da ti on pressure obtained in this way in s i tu were used as references 

to the preconsolidation pressures evaluated from CRS-test by Sallfors' 

method. This method is thus calibrated versus the pore pressure devel

opment under large-scale field loading test. This approach was taken 

up by Leroueil et al (1978) in their investigation on pore pressure 

development at embankment construction. They found that the critical 

pressure where a direct response in the pore pressure to additional 

load occurred was equal to the preconsol idation pressure determined 

from standard incremental oedometer tests using the 24 hour values, 

except for soils with an overconsolidation ratio of 2.5 and higher, 

Fig. 24. 

The difference between the critical pressure and the preconsolidation 

pressure for soils with a high overconsolidation ratio is caused by 

the stress-path for these soils being such that the yield surface is 

reached at critical shear stresses instead of a limiting vertical 

stress. The same approach to comparing preconsolidation pressures in 

the field and from laboratory tests has later been used by Leroueil 

et at (1983) and Samson ·et al (1983) with the same result. In the 

latter investigations, other criteria for the preconsolidation pressure 

in situ such as observed settlements were al so used with the same 
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result, i.e. that the preconsolidat i on pressu res evaluated from 

standard i ncremental tests are direct ly applicable to field conditions. 

In the invest i gat i on by Samson et al (1983) a large number of CRS tests 

were also performed. 

If the preconsolidation pressures from these tests are evaluated ac

cordi ng to the Swedish procedure, they become eq ual to the preconsoli 

dation pressures from standard incremental tests and t hose evaluated 

from the f i eld studies (Larsson and Sallfors 1985) . It is thus well 

established that preconso l i dation pressures from oedometer tes t s with 

the estab l is hed procedures for evaluation correspond to the preconsoli 

dation pressures in the field when t hese refer to yield stresse s where 

pore pressure development and settlements become drastically changed. 

Tavenas (1979) also showed that there is a pronounced difference in 

the latera l disp l acements of soil measured beneath the toes of the 

embankments, depending on stress level. Under undrained conditions 
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and v =0 . 5 the lateral displacements would theoretically correspond 

to the vertica l settlements. This, however, is not the case until the 

soil becomes norma ll y consolidated. Until the yield stresses have been 

reached, the lateral deformations are small in re l ation to the 

settlements. On the other hand, the vertical and horizontal movements 

correspond very well once the soil has entered a normally consolidated 

state. Figs. 25a and b. 

Tavenas (1979) furthermore showed that lateral deformations occur a l so 

during the consolidat i on process. The relative importance of these 

movements increases with increasing steepness of the s l apes and de

creasing factor of safety. The only long-term observations available 

indicate that the horizontal disp l acements decrease in relation to 

the vertical settlements with time. Th is would be in accordance with 

the increasing factor of safety with time. 

Long-term settlements for l oads below the preconsol i dation pressure 

have not been studied in detail in Sweden. In the l arge study of 

settlements of buildings in Drammen by Bjerrum (1967) the overconsol i

dation was attributed to secondary consolidation and ageing . Fr om this 

study, it has been concluded that 50% of the difference between o~ and 

oc could be used without causing any significant creep sett lements. 

In Drammen, the average overconsolidation ratio was 1.6 and the safe 

effect i ve Vertica l Stress thus about Q.8 Oc· 

The settlements of the buildings after 10 years are plotted aga inst 

the stress level in the most compressive layer in Fig. 26. 
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THE KILTILAYER CONSOLIDATION PROGRAMME CONKILT, SGI-VERSION 

4.1 History 

The programme CONMULT (CONsolidation of MULTilayers) for calculation 

of one-dimensional consolidation of soils was initially developed in 

France at Labora toi res des Pon ts et Chaussees ( Magnan et al 1978). 

The programme was further developed in conjunction with the Laval Uni

versity of Quebec in Canada. As part of the research cooperation be

tween SGI and the Laval University, a copy of the programme including 

modifications made at Laval was given to SGI in 1981. In that version 

of the programme the compressibility of the soil was expressed by com

pression indexes Cs and Cc-

Creep effects were accounted for by the adoption of the simple form 

of Bjerrum's model where each void-ratio relation was valid for acer

tain time after load application and the void ratio change with time 

at constant load was calculated with a constant coefficient of second

ary compression. 

Canadian experience of the programme was that it was a very good tool 

for evaluating the processes in small-scale laboratory tests but less 

satisfactory in applications to field cases where the creep function 

seemed to become erroneus (Tavenas and Leroueil 1981, personal communi

cation). 

At SGI, the programme was rewritten for the compression parameters 

evaluated from CRS-tests which are used in Sweden and the creep func

tion was omitted. Load reduction due to settlements was also incorpor

ated. 

As a start, a consolidation programme was obtained where the soil pro

file could be divided into a large number of layers with different 

properties and where the variation of these properties as regards 

compressibility and permeability, and also the change in applied load 

during the consolidation process, could be accounted for. 
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Later, a new creep function based on the empirically observed behaviour 

of soils, in the laboratory as well as in the field, and adapted to 

be valid for field cases has been added. 

4.2 Soil Model 

The model of the soil used in the ea l cul at ions corresponds to the ob

served behaviour of the soil in the field and laboratory. The compress

ibility of the soil is expressed by the parameters M0 , oc, ML, o'L and 

M' as previously described. The permeability of the soil is expressed 

by its initial permeability ki and the permeability change index Bk-

The immediate pore pressure response to a stress-change is calculated 

by 

n u = nooct when ov < oc 

and when o' = ac 
V 

which entails that the effective vertical stress in undrained 

conditions can reach the preconsolidation pressure but not exceed it. 

The creep process is expressed in analogy with the model previously 

described. The compression parameters used incorporate creep effects 

occurring at deformation rates fas ter than a 5 .5.10-6 1/s. This 

reference rate is compared to the calculated rate of deformation and 

when the calculated rate becomes lower t he creep effects start. In 

compression, the creep effects will create a larger deformation for 

a given effective pressure than what is calcula ted by the compression 

parameters. To achieve this deformation, the soil has to consolidate 

further and a corresponding amount of pore water has to migrate out 

of the soil. As this is a time-dependent process, the immediate result 

of the creep effect is an increase of the pore pressure corresponding 

to the creep deformation and current modulus, Fig. 27. 
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The increase in pore pressure may actually lower the effective stresses 

so that the rate of the creep process decreases. If the decrease in 

effective stress is large enough, the compressive creep process wi 11 

stop altogether. 

At swelling, the creep effects will correspondingly create a negative 

pore pressure in the soil. 

The creep effects i n this model are thus dependent on the rate at which 

the permeability and drainage conditions a llow them to develop and 

are not only related to the t ime after load a ppl i cation . 

4.3 Calcul ation method 

The soi l profile is divided into a number of main layers with given 

propertiel for the middle of the layer. These properties are assumed 

to be valid for the entire layer. The programme then automatically 

divides -these layers i nto a number of sublayers. The distribution of 

the sublayers depends on the consolidation properties of the main 

layers. 
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The programme uses Terzaghi 's equation for one-dimensional 

consolidation 

au M a au
(k. ·-) 

at g• PW az az 

where 

u = excess pore pressure 

t = time 

M = modulus 

Pw = density of water 

z vertical distance to draining surface 

k permeability 

When creep effects create add it i ona1 pore pressures auct , whi eh a re 

also subject to Darcy's law for equalization, the consolidation 
equation changes to 

au aM (k -~)
at g • p w az az 

The equation is solved by using of finite differences with small t ime 

steps. Continuity between the layers demands that the rate of water 

flow across the interface between the layers shall be constant 

kn· q~ )n = kn+l (:~ )n+l 

In each t ime step, the rate of deformation in each layer is calculated 

and compared to the reference rate. The pore pressure i s then changed 

according to the creep process. The compression characteristics and 

the applied load are updated for the deformation during the time step 

and the conso lidation process during the next load step is calculated. 

During the ca l culations, certain records on stress history and which 

creep effects have been accounted for have to be kept and checked to 

control the ca l culated creep process as intended. The stress and defor

mation history is also required for the updating of swelling and recom

pression characteristics. 
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Data input 

Calculat ion of in situ conditions 

Calculation of coefficients for further 

calculation of stresses and pore press

ures imposed by the load 


Calculation of stresses and pore 
pressures 

Calculation of effective stresses 
modulus - permeability - time step 

Check of continuity at the interfaces 
between layers 

6 u _ ~I 6 ( 6u ) Calculation 
6t gPw oz k oz 

Calculation of settlement 

Adjustment of pore pressure 

YES 

NO 

Updating of modulus function 

Updating of modulus function 

Cha!vt 1. 
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"Elastic" shear deformations during load application and eventual de

formations due to lateral movements during consolidation have to be 

ca l culated separate ly. 

In the calculation of stresses in the soil, two models can be used. 

Either the stress is calculated by a slightly modified Bouss inesq- pro

cedu re (Brucy 1977) or it is assumed that the increase in vertical 

stress is equa1 to the app1ied surface 1oad throughout the profi 1e . 

( tiav = tiq) 

Pore pressure changes at an increase of load are calculated 

' andas 	 t. u = tiooct when a~< ac 
t, u = tiav when a~ ac· 

At 	 unloading, the pore pressure changes are calculated as t, U = l!.aoct. 

In cases with high ground water levels, settlements will reduce the 

load as some masses wi 11 be submerged and this can be accounted for. 

In this case, the difference in effective density above and below water 

of the submerged masses is given as an input to the programme and the 

load reduction after each time step in the ca l culat i ons is taken into 

account. The ca l culations are shown schematically in Chart 1. 

4.4 	 Input to the prograrrme 

General data 

• 	 Number of ma in layers 

• 	 Suggested number of sublayers 
(The programme will automat i cal ly adj ust this ·number and distribute 

the sublayers according to the consol i dation characteristics) 

t 	 Number of points where the excess pore pressures are to be recorded. 

(The programme se1ects the interfaces between the main 1ayers and 

a few points within these layers.) 

• 	 Code for how the degree of conso l idation should be calculated 

• 	 Alpha which is 



62 

used for selection of thickness of sublayer and the time step. The 

value of Alpha should be less than 0.5 to ensure convergence in 

the calculations. Usually a value of 0.4 is used. 

Properties of the main layers 

• 	 Thickness of the layers 

• 	 Code for the drainage conditions in the layers; normal, impermeable 

or free draining. 

• 	 Effective density of the soil in the layer (used to calculate the 

effective stress in situ). 

• 	 The compression characteristics at the middle of the layers; M0 , 

a~, ML, aL_, M• as and b. 

• 	 The creep parameters at the middle of the layers; a smax' Bas and 

c. 

• 	 Initial permeability ki and permeability change index Bk for the 

layers. 

• 	 Information whether the lowest boundary should be considered as 

impermeable or free draining. 

(Not all compression and creep parameters may be relevant to the 

act ual loading case and some can in that case be omitted. In fact, 

the parameter for secondary swe11 i ng c has so far not been used). 

The compression and permeability parameters are usually determined 

in CRS-tests, while the creep and swelling parameters are in most 

cases taken from empirical relations. 

Initial pore pressure 

• 	 The initial pore pressures are given as excess pore pressures at 

a number of points at different depths. 

• 	 Load corresponding to the initial pore pressure. 

(Used to modify the "total stress" and thereby from an actual load

pore pressure condition enable a ca lculation of the further develop

ment with time.) 
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Load description 

o 	 The external l oad is described by a number of l oad stages and first 

the number of load stages is given. 

o 	 The change in effective density due to settlements submerging some 

masses (if any) is given. 

o 	 Type of geometry of the load (e.g . circular fill, long embankment). 

For each load stage the following data are given Fig. 28 

o 	 change of load 

o 	 time for load application 
o 	 total time for the load stage (load application+ sustained load) 

o 	 width of the part with full load change and width of the slope. 

Additional input includes the type of calculation of stress 

distribution that should be used and the distance from the centre of 

the loaded area for which the consolidation process should be 

calculated. 
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5 	 THE TEST FIELD AT LILLA MELLOSA. UPPLANDS VASBY 
UNDRAINED TEST FILL 


5.1 	 General 

The test fills at the farm of Lilla Mellosa near Upplands Vasby were 

constructed by SGI shortly after the Institute was founded. They were 

constructed in connection with the search for a suitable site for a 

new airfield outside Stockholm. 

At Lilla Mellosa there was a large, almost flat, area with only scat

tered farms. The subsoil conditions, however, were less ideal with 

ten to fifteen metres of highly compressible soils. 

On the initiative of the Director of the Institute, Dr Kjellman, a 

test fill was constructed in 1945 in order to investigate if an air 

field could be built on the site using preloading and prefabricated 

verti ea l drains. 

The technique for installing prefabricated vertical drains was not 

very advanced at the time and only five metre long paper-drains could 

be i n s ta11 ed . 

The fill was partly unloaded about two hundred days later. 

In the meantime, Dr Terzahghi had been invited to Sweden to give his 

opinion on the suitability of the method. His recommendation was that 

although the method in itself was sound, there were too many 

shortcomings in the technique at that time and, as too little was known 

about the effects of secondary con sol i da t ion, the site ought not to 

be considered for the new airfield for the time being. 

Terzahghi also predicted that this type of problem would be recurrent 

in Sweden and he recommended that the field tests at Lilla Mellosa 

should continue and be extended. In analogy with this recommendation, 

a new test fill was constructed in 1947. The new fill had the same 

load, time for load application and dimensions as the first fill but 

no drains were installed. The main reason for this fill was to enable 

an evaluation of the effects of the vertical drains. 
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Measurements on the fills were made periodically, but after new test 

fills had been constructed at Ska-Edeby to enable a close r examinati on 

of the effects of vertical drains, the interest in the fills at Mellosa 

waned. 

In 1966, the test fie l d at Mel losa came into focus again as Chang 

(1969) compiled the available earlier data and started up new investi 

gations regarding soil compressibility, pore pressures and sett l ements 

using newer and more accurate equipment. 

This investigation was completed ten years l ater when Chang (1981) 

was invited as a guest researcher to SGI. The report from 1969 was 

then updated with the accumulated measurements, new pore pressure 

measurements and further laboratory investigations. From these investi 

gations, Chang concluded that the observations in terms of settlements, 

decrease in water content, pore pressures and undrained shear strength 

~,ere completely incompatible with each other on the basis of conven

tional concepts of the process of consolidation. 

The measurements at Me l losa are continu ing, even if most of the orig

inal instrumentation has ceased to funct i on and the routine measure

ments are therefore confined to total settlements and a few settlement 

markers at various depths that still appear to function. 

The test field has al so been used for a number of other invest i gations 
concerning the properties of soft clays. It was thus one of the sites 

used when the new vane apparatus was tried out (Cadling and Odenstad 

1950). Later research concern ing the vane shear test (Wiesel 1975), 

undrained shear strength and creep ( Larsson 1977), quality of "undi s

turbed" samples (Larsson 1981) and permeability (Carlsten and Eskilson 

1984) has been carried out at the Mellosa test fiel d. Sampl es from 

Me ll osa were also inc l uded in the study on the permeabil ity of natural 

soft clays performed at Lava l Un iversity (Tavenas et al 1983). 

5.2 Soil profile 

A generalized soil profile at Mellosa is shown in Fig. 29. 
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At the top, there is a layer of about 0.3 m of organic topsoil which 

was scraped off before the fills were constructed. The dry crust is 

unusually thin and consists of organic soil. The dessicated crust is 

limited to 0.5 m and underlain with soft clay. The clay has an organic 

content of about 5% just under the crust which decreases with depth 

and is less than 2% from 6-7 metres depth and downwards. The colour 

changes from green to black and becomes grey with depth. The black 

colour is the result of the presence of sulphides which between 2.5 

and 6. 5 metres amount to about 0. 5% of the dry weight of the soil. 

The natural water content is about equal to the liquid limit and de

creases from a maximum of about 130% to about 70% in the bottom layers. 

The bulk density increases from about 1. 3 t/m3 to about 1.8 t /m3 at 

the bottom. The undrained shear strength has a minimum of about 8 kPa 

at 3 m depth and increases thereafter with depth. 

The shear strength values were determined by vane tests in 1964 and 

1967 and the values have been corrected acco rding to the present SGI 

recommendation (Larsson et al 1984). 

Below 10 m depth the clay becomes varved. The varves are first diffuse 

but become more and more pronounced with depth. At 14 m depth, there 

is a thin layer of sand on top of the bedrock. 

The pore water pressure in the ground outside the fills is hydrostatic 

with a ground water level about 0.8 m below the ground surface. 

Precon sol i da ti on pressures have been determined by Chang (1969, 1981) 

and by Larsson (1977, 1981). The step loaded tests performed by Chang 

in 1969 were corrected for measured ring friction. This friction was 

high and especially so i n the stress intervals up to and around the 

preconsolidation pressure. The evaluated preconsolidation pressu res 

from 24-hour curves corrected for friction were lower t han t he effec

tive vertical in s itu stress for large parts of the profile. CRS-tests 

and new incremental tests i n connection vlith the investigations 1976 , 

1979 and 1981 have shown that the soil is overconsolidated in the upper 

two metres due to dry crust effects. In the organic high plastic clay 

between 2 and 6 m the soil is almost normally consolidated with an 

overconsolidation of only 2-3 kPa, whi l e the clay in the lower part 

of the profile has an overconsolidation of about 12 kPa. Creep and 

swe ll ing characteristics were studied in incremental oedometer tests 
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in 1979 and the results have been incorporated in the empirical re
lations. 

The permeabi 1ity of the soil has been studied in the CRS-tests and 

in various field tests (Carlsten and Eskilson 1984). 

5.3 The undrained test fill 

In this study, only the undrained test fill at Melliisa is considered 
as vertical drains are outside the topic. 

The und rained fi 11 was constructed in October-November 1947. 

Before the fill was placed 0.3 m of the loose organic topsoil was re

moved. A 2.5 m high fill of gravel with a density of 1.7 t/m3 was then 

constructed. The fill had bottom dimensions of 30 x 30 metres and slope 

1:1.5. Time for construction was 25 days and no change in load other 

than natural variations has been made after that. The net load increase 
was calculated to 40.6 kPa. 

A number of settlement markers and piezometers were installed at 

various depths before the fill was placed. The original markers in 

the clay have all ceased to function. Newer models have been installed 

which in turn have also mostly ceased to function with time. The 

settlement distribution with depth has thus mainly been evaluated from 

change in water content (Chang 1981). New piezometers were installed 

in 1968 and the pore pressures in 1979 were measured by retractable 
piezometers. 

5.3.1 Initial settlements 

The settlements during the loading period amounted to 0.065 m. The 
calculated elastic settlement based on empirical relations between 

undrained shear strength, plasticity index and calculated factor of 

safety is about 0.10 m. As some consolidation can be expected to have 

taken place during the 25 days the uploading phase lasted, the discrep

ancy between calculated and measured initial settlements is somewhat 
larger. 
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5.3.2 Consolidation 

The computed "final" sett lement when creep effects were disregarded 

was just below 1.40 m. This amount of settlement was reac hed in 1966. 

At that time, there were still remaining excess pore pressures in the 

order of 30 kPa indicating that almost no increase in effective stress 

had occurred in l arge parts of the profile. In 1979, the total sett l e

ment was 1.65 m and remaining pore pressures were over 20 kPa. 

The consolidation settlements have been calcu lated with the C0NMULT 

programme. They have been ca l culated both with and without creep 

effects. The div i sion of the soil in the ma i n layers and the key con 

sol i dation parameters are shown in Fig. 30. 
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Fig. 30. 	 Pa1tame.teM u.1.,e.d no1t ca1.c.u1.a,ti,on on c.oru,o,Ucia;t,i_on 
a,t Mellii1.>a. 

In the calculations, the lower boundary and the upper half metre of 

dessicated crus t have been assumed to be free- draining. The l oad re 

duction due to settlements has been assumed to be 8 kPa per metre 

settlement. This value is an average as at first 0.5 m of saturated 

dry crust is submerged and then the actual fill starts to settle below 

the ground water level. It may be advocated that the weight of the 

fill will increase due to increas i ng moisture content above the ground 
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water level but this fill consists of gravel with a low capillarity . 


If the fill is assumed to be fully saturated also above the ground 


water level the ave r age decrease in load due to settlements would still 


be 5 kPa per metre settlement. This would in 1979 entail a load re


duction of about 8 Kpa or 20% of the applied load. A load reduction 


of 8 kPa per metre settlement is judged as more realistic, though, 


and this corresponded in 1979 to a load reduction of 13 kPa or one 


third of the initially applied load. 


The measured and calculated (in i tial plus consolidation ) tota l settl e 


ments are shown in Fig. 31. 
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From Fig. 31 it can be seen that the calculated settlements, including 

creep effects, agree fairly well with t he measured settlements, while 

the settlements ca l culated wi thout creep effects are on l y about half 

of the measu r ed values for most of the con sol i da t ion process. It can 

also be observed that i n spite of the fact that more than 120% of the 

"final settlements" have occurred and that of the original 2.2 m only 

about 0.5 m is today elevated above the surrounding ground, there is 

no sign of a slowdown in the settlements versus log time. 

A correct settlement prediction demands that not only the tota l settle

ments but also the distribution of settlements should be in accordance 

with what actually happens in situ. As previously mentioned, the 

settlement markers at various depths ceased to function after some 

time. Calcu l ated re l ative compressions of different layers and corre

sponding measured values from markers are shown in Fig. 32. The markers 

at 4 and 7 metres were installed 1.5 years after the construction of 

the fill and may still be functioning. The other markers have probably 

become stuck with time and now follow the settlement of the fill and 

penetrate into the clay. This is a very common problem with markers 

of this type. 

Another way to indirectly measure the sett l ement distribution at large 

sett l ements is to use the change in water content in different layers 

and thereby calculate the relative compression in the layers. This 

can only be done in cases where the lateral deformations can be assumed 

to be smal l in relation to the conso l idation settlements. Such measure

ments were made by Chang (1981) for the conditions in 1967 and this 

settlement distribution is shown together with the settlement distri 

bution measured by markers and the settlement distributions calculated 

with CONMULT in Fig. 33. 

A comparison between the different settlement distribut ions shows 

fairly good agreement, but the measurements on the markers indicate 

larger deformations in the middle and bottom layers than the changes 

in water content and the calcu l ated deformations. This discrepancy 

is further emphasized when the settlement distribution from 

measurements on markers i n 1979 is compared to the calculated 

settlement distribution, Fig. 34. According to the measurements on 

the markers no settlements should have occurred in the upper five 

metres between 1967 and 1979 (see also Fig. 32) and this is hardly 
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likely considering the pore pressure dissipation and the evolution 

of undrained shear strength . 

In the prediction of the course of consolidation, not only settlements 

but also pore pressures should be predicted. The readings of the older 

types of piezometers were found to be extremely difficult to 

interprete. In the investigations in 1966-1969, new and more accurate 

piezometers were installed under the fills as well as in the ground 

well outside the infl uence of the fills. The pore pressures in natural 

ground were found to be hydros ta tic for a ground water level about 

0. 8 m below the ground surface. Long term observations with durations 

from a few months to over a year did not reveal any fluctuations. 

After these investigations, the new piezometers were withdrawn and 

no further observations were made until 1979. Then the pore pressure 

profiles were measured again, whereupon the piezometers were retracted. 

The measured and computed excess pore pressures in 1968 and in 1979 

are shown in Fig.s 35 a and b. 

http:ma1tk.vu
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The agreement between pore pressures ea lcul ated with creep and the 

measured values is fairly good. The maximum measured values are 

somewhat higher than the computed values in spite of the fact that 

the measured settlements are somewhat larger than the calculated, which 

suggests that the creep effects may be a little larger than assumed. 
The differences are in both cases small. 

In connection with the investigations in 1979, a few samples were taken 
under the undra i ned fi 11 and a few oedometer tests were performed. 
The preconsolidation pressures are shown in Fig. 36. 
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The preconsolidation pressures meas ured in oedometer tests correspond 

well to those calculated with CONMULT. The calculated quasi preconsoli 

dation pressures are the pressures on the origi nal oedometer curves 

that correspond to the calculated deformat ions. The deformations have 

been calculated including creep effects. 
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Except at the drained boundaries, the effective stresses ha ve in all 

parts of the profile been much lower than the "final" effective stress 

which would ultimately have been reached if unloading effects are dis

regarded. In fact, for most of the profile the maxi mum effective 

stresses that have acted in the profile hardly exceed the original 

preconsolidation pressure. In spite of this, the quasi preconsolidation 

pressures that have developed due to creep effects are considerable 

and for some parts even exceed the "final" effective stresses calcu

lated without load reduction. 

The course of consolidation and the development of stresses and changes 

of properties during this process are thus full of nuances. The calcu

lated development of load and effective vert i cal stresses is shown 

in Fig. 37. 

Directly after load application, the effective stresses become close 

to the preconsolidation pressures, except at the drained boundaries. 

The effective stresses increase only slowly in spite of the large 

settlements and even after 20 years there is a portion in the middle 

of the profile where the effective vertical stresses have not exceeded 

the original preconsolidation pressures. The pore pressure equalization 

and the convergence between the applied stress and effective vertical 

stress are largely due to the load reduction caused by the settlements 

and s ubmergence of the upper masses. The "final" effective stress pro

file is shown in Fig 38. "Final" is in inverted commas as even at this 

stage there are creep settlements still going on and the effective 

stress will decrease somewhat with time. At this far distant stage, 

the load reduction due to settlements will amount to about half the 

applied load. In spite of this large load reduction, the settlements 

will exceed those predicted without load reduction if creep effects 

are disregarded in the assumptions. In fact, most of t he loaded area 

will have sunk be l ow the surrounding ground level. 

The creep effects will have created quasi preconsol idation pressures 

whi eh, in spite of the load reduction, will show a profile of precon

so l i dati on pressures almost as if no load reduction had occurred. 
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The consolidation process is often checked by measurements of increase 

in undrained shear strength, especially at stage construction where 

this strength increase is to be utilized at the application of the 

next load step , This strength increase is often measured by vane shear 

tests in spite of the problems encountered in this special case. It 

has been shown by Law (1979, 1985) that the increase in undrained shear 

strength measured in vane tests is almost exclusively due to the in

crease in effective horizontal stress. In loading cases such as embank

ments with limited width and steep slopes, this is a serious drawback 

as the increase in horizontal stress and thereby the increase in un

drained shear strength as measured by vane tests under the embankment 

is small. The vane shear test thus does not always reflect the relevant 

increase in active shear strength under the embankment. The wider the 
loaded area is, the more relevant the vane shear test becomes. 
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Vane shear tests were performed in two profiles near the centre of 

the undrained fill in 1967 and vane tests to a limited depth were per

formed in 1979. 

The relation between undrained shear strength determined by vane shear 

tests cor rected according to SGI 1984 and the preconsolidation pressure 

in normal ground ( Tfu/Oc) Varies between Q.2 for lOW plastic Clays 

and 0.3 for high plastic organic clays. The increase in undrained shear 

strength and the calculated increase in preconsolidation pressure i n

cluding creep effects is shown in Fig.s 39 a and b. 
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As can be seen from the figure, the increase in undrained shear 

strength corresponds fair ly well to the increase in preconsolidation 

pressure and is in this case of about the same order as for a very 

large loading area. 

http:u.ndJi.cu
http:me.Mwr.ed
http:6.ttieng.th
http:u.ndli.cu
http:1rtCJLe.Me
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6. THE TEST FIELD AT SKA EDEBY 

6.1 General 

After the initial tests at Mellosa this site was disregarded for the 

new airfield. Construction was started at a place called Halmsjon (to

day Arlanda) in 1946. This construction was halted after a while as 

the new airfield was postponed. 

In 1956 the Scandinavian Airlines System placed an order for new 

Douglas DCB jetplanes. The runways at the old airfield at Bromma could 

not be extended and the construction of a new airfield became urgent. 

At that time, however, it was thought that Halmsjon, which is situated 

about 40 kilometres north of Stockholm , was too far away. Ska Edeby, 

situated on an i sland about 25 kilometres west of Stockholm, was a 

possible alternative. While the conditions at Halmsjon were well known, 

too 1ittle was known about the soi 1 conditions at Ska Edeby to make 

a decision. 

In spring 1957, the Swedish Geotechnical Institute was commissioned 

by the Government to carry out f ield tests to investigate the poss

ibilities for construction of an airfield at Ska Edeby. The construc

tion time had to be short and as the soi 1 consisted of up to 15 m of 

soft clay the only practical solution would have been to use vertica l 

drains and preloading . 

The investigations thus became a close study of consolidation of soft 

clay and the effect of vertical drains. For this purpose, four circular 

test fills with diameters from 70 m to 35 m were constructed. One test 

fill was undrained (i.e. without vertical drai ns) while vertical sand 

drains with varying spacings were installed under the other fills. 

The surcharges for the drained fills were also varied. 

Work was started immediately with field investigations, sampling, in

stal l ation of measuring devices, installation of drains and 

construction of the fills . This work was completed three months later 

at the end of July 1957. In these operations, the experience from Mel 

losa was very valuable. New types of settlement markers and piezometers 

(Kallstenius and Wallgren 1956) were constructed and installed for 

the first time and an attempt was made to measure the hori zontal move
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ments by measurement of the change in inclination of flexible pipes 

installed vertically at the toes of the slopes. 

The location of the test area was not quite ideal as the depth to firm 

bottom varied from 12 to 15 m for the fill locations. The area was 

selected bearing in mind that if an airfield was to be constructed 

the test area had to be out of the way. The layout of the test area 

is shown in Fig. 40. 
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Parallel to the following field observations, supplementary field in

vestigations and an extensive laboratory investigation were carried 

out. 

The first results were published in September 1957 (Utlatande angaende 

Stockholms storflygplats 1957) but were too preliminary to form a basis 

for a definite conclusion. Later, however, the Ska Edeby alternative 

had to be abandoned for economic reasons. In spite of this, the inves

tigations were continued as the results were important for future simi

lar projects and particularly for road construction. 

A full report on the results of the investigations at Ska Edeby includ

ing the first years' measurements and a revised theory for 

consolidation of clays with vertical drains was presented by Hansbo 

in 1960. 

In 1961, the most heavily loaded test fill was partially unloaded. 

The surplus gravel was used to construct an additional test fill which 

was given the shape of an embankment. The test embankment was instru

mented with the usual settlement markers and piezometers. New flexible 

inclinometer tubes were also installed to be used together with a new 

inclinometer specially designed for measurement in soft clays. (Kall

stenius and Bergau 1961). 

Preliminary results from this test fill were reported by Osterman and 

Lindskog in 1963. Readings of the instrumentation in all the test fills 

were then taken periodically. A new thorough investigation, including 

measurements of changes in properties under the fills and measurements 

of pore pressures with more modern piezometers, was started by Holtz 

in 1970. The results were reported at the Purdue Conference in 1972 

(Holtz and Lindskog 1972 and Holtz and Broms 1972). Further 

measurements have been made regularly since then, but at longer time 

intervals. The pore pressures under the undrained fill were measured 

in 1982 in connection with testing of a new measuring system. Newsam

ples were taken outside and under this fill in 1984 and 1985 in connec

tion with the present project. 

A large number of other research activities have been carried out at 

the test field at Ska Edeby. This was one of of the sites where the 

effects of various factors on the quality of clay samples was studied 

in connection with the standardization of piston sampling in Sweden 
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(Kallstenius 1963). A new test fill has been constructed to compare 

the effects of sand drains and prefabricated drains (Torstensson 1976). 

Other test fills have been constructed to evaluate the effect of lime 

columns. The stabilizing effect of lime columns at excavations has 

also been tested (Boman and Broms 1975). At one of the old drained 

fi 11 s, a part of the fi 11 has been removed and the sand drains partly 

excavated. Condition of the drains, distribution of water content and 

zones affected by the installation of the drains were studied (Holtz 

and Holm 1972). A large study of the effect of size of piston samplers 

on the quality of the samples was performed at Ska Edeby after 

Norwegian and Canadian tests had shown large size effects. No 

significant practical differences between the Swedish standard piston 

sampler and piston samplers with larger diameters were found, however 

(Holm and Holtz 1977). 

The test field has also been used in research concerning the vane shear 

test (Wiesel 1975) and in testing various piezometers and the 

piezometer sounding method. 

6.2 Soil profile 

The soil under the test fills consists of soft clay with a thickness 

of 12 to 15 metres on top of till or rock. Also in other respects the 

conditions are not quite uniform. The water contents and liquid limits 

in the upper two metres vary between the different test locations, 

as does the level of a high plastic clay layer in the upper clay 

profile. These variations are, however, not much larger than the 

scatter of results within the separate test areas when different inves

tigations for the test fields are collated. The same observation is 

valid also for strength and deformation characteristics, so that a 

general soil profile is fairly representative for the entire area. 

A geological profile and grain size distribution determined at the 

largest test fill is shown in Fig. 41. 

The dessicated dry crust is only about half a metre thick. Below the 

crust, there is a layer of grey-green organic clay which in spite of 

the relatively low clay content is very high plastic due to the organic 

content. This layer is affected by the closeness to the ground surface 

and is thus overconsolidated with a relatively high shear strength 

and water contents lower than the liquid limits. 



85 

Grain size d1slnbu/1on, ,,, % 
'~~~--~----- 0 20 40 60 80 100 

Dry crust 0 	
I1 

1Grey- green 

2 
...,,' ; '\'- I 

'' ' '> ~' , ' 
l ; 
I :!l ', 

I' 

a ~]" \, I, I
l \ ~ ,; .,

" " \ ; ~ \ I 

f f 
1 J 

"'T fI II 
7 ' 
1 l 

I I 

' II
JI I 

I
12 

Fig . 41, 	 Geolog~ca,,t p~o6ile and g~~ n ~ize ~ tJubwuon ~n 
co~e taken ~n Tut Me.a No. 1. (F~om Ha~bo 1960. ) 

The underlying postglacial clay i s sl i ghtly organic and hi gh plastic . 

The postglacial clay, as well as the glacial c l ay beneath it, is 

co l oured by or banded by iron sulphides. The contents of iron sulphide 

may be assumed to be of the same order as at Mellosa. 

The gl acial c l ay is varved. The varves are t hin at the top but become 

thicker with depth. Near the bottom, occasi ona l seams of s ilt and sand 

are found . Bedrock or dense t i ll i s found below the clay . Both can 

be considered as free dra i ning . The geology of the site has been 

discussed i n detail by Pusch (1970) who investigated t he microstructure 

and chemistry of the c l ay. Some l eaching of salts has occurred in the 

clay . The genera l propert i es of the clay a r e shown in Fig . 42. 

The water contents in t he clay are wel l above the l i quid limit except 

for the upper two met res which are affected by dry crust effects. The 

water contents decrease from about 100% at the top to about 60% i n 

the lower layers . The bulk dens~ty of the c l ay increases from 1. 3 t / m3 

at the top t o about 1 . 7 t / m3 at 12 m depth. 

The shear strength has been determined by vane shear tests , fall cone 

tes t s and unconfined compress i on t ests . The averages of the results 

are i n good agreement but the scatter i n the results is unusually high 



Depth I Description Water contents, % Undrained shea r strength, kPa ! E f f ect ive ve r t ical s t ress, kPa 
m 50 100 10 20 5 0 100 

Drv crust 

Grey -green 

slight Ly organic 


2 i clay, sulph ide 

f leeks 


3 


4 i Grey varved 

clay, sulphide 


5 J f l ecks and bands 


6 

1Grey - brown7 
varved clay, 0,I I I \ \ I 00 

sulphide bands8 µ9 f \
10 

Occasional sand11 
and silt seams 

12 --- - ---- 
Rock or til l 

Fig. 42. Ge.neJi.al. -00,i,,l p!WpVttie.;., a,t .the. Ska Ede.by ;te.;.,;t 6ield. 

http:Ge.neJi.al


87 

for this type of clay. In the original stability calculations a 

cautious value of 5 kPa was used. The compiled shear strength measure

ments show, however, that a minimum shear strength of 6 kPa at a depth 

of 3. 5 m and an increase with depth of 1. 2 kPa per meter thereafter 

is a more realistic value. Still, the clay is very soft even for 

Swedish conditions. 

The sen s i ti vi ty was found to vary from about 5 in the upper 1ayers 

to about 15 at the bottom in the early investigations. In the investi

gations in 1971, the sensitivity in the ground outside the fills was 

found to be about twice as high as in the early investigations, or 

about 10-30. Both sets of values are compatible with normal values 

for clays of this type and no obvious explanation for the discrepancy 

has been found as all other parameters from the different testing times 

agree quite closely. 

The ground water level and pore pressure in the ground have been found 

to vary seasonally. The maximum variation seems to be ±_ 0.5 m. The 

pore pressure in natural ground can generally be assumed to be hydro

static for a ground water level which can vary from the ground surface 

to 1 m below. 

The preconsolidation pressures have been measured in incremental oedo

meter tests; originally by Hansbo (1961) then in 1971 by Holtz and 

Broms and again in a large number of tests by Holm and Holtz ( 1977). 

Finally, the preconsolidation pressures have been measured in CRS-tests 

in 1984 in connection with the present study. The results are unanimous 

in showing overconsolidation effects in and just under the dry crust, 

after which the soil becomes practically normally consolidated for 

a ground water level one metre below the ground surface. 

The permeabi 1 ity of the clay has been determined in a comprehensive 

series of tests with varying gradients and degrees of compression by 

Hansbo (1960). Some deviations from Darcy's law were observed in this 

investigation. Supplementary determinations of the permeability have 

been made by CRS-tests in the present study. The results are in good 

agreement, but the CRS-tests comprise more levels. 
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6.3 The undrained test fill 

The undrained test fill was constructed in June- July 1957. It ~,as made 

up of gravel and given a bottom diameter of 35 metres and slopes 1: 1.5. 

The density of the gravel fill was checked continuously and was 

1.79 t;m3 as an average. The total heig ht of the fill was 1,5 m and 

the imposed load intensity thus 27 kPa. No changes of load except for 

natural variations have been made after that. 

6.3.1 Initial defonnations 

The settlements during the construction period were measured and found 

to be about 0.06 m. Calculated elastic settlements based on empirical 

relations between undrained shear strength, plasticity index and cal 

culated factor of safety are about 0.03 m. As some consolidation can 

be assumed to have occurred during the month for load application the 

agreement between measured and calculated deformations is better than 

the numbers indicate. 

6.3.2 Consolidation 

The computed "final " settlements disregarding creep effects are about 

0.75 m. This amount of settlement was obtained i n 1972. At that time, 

there were still excess pore pressures in the order of 20 kPa. This 

means that fifteen years after load application there was practically 

no increase in effective vert i cal stress in large parts of the clay 

profile. Twentyfive years after the load application, the settlements 

amounted to 0. 95 m and there were sti 11 excess pore pressures in the 

order of 12 kPa in the middle of the clay profile. 

The distribution of settlements from the centre of the fi l l and 

outwards shows that the initial deformations were even ly spaced and 

decreased towards the edges of the fill. There were thus no excessive 

shear deformations at the edges. The distribution of settlements with 

time showed, however, that there was some effect of three-dimensional 

conso l idation and horizontal waterflow. The maximum settlement rate 

thus occurred at a distance of about 10 metres from the centre of the 

fill where the load concentration is still high but the horizontal 

drainage path relatively short, Fig. 43. 
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Another observati on was that there was a pronounced seasonal variation 

in settlement rate . These variati ons in themselves varied for different 

l aye rs. The ext e rn al factors causi ng t he va r iati ons are varying ground 

wate r l evel s, varyi ng wa t er conten ts i n the fi ll, va ryi ng temperatures, 

snow cover and freez i ng . As these factors affect diffe re nt l aye r s dif

fe ren t ly and somet imes work i n opposite directions, there is no simple 

way t o account for them. 

The conso l idation process for t he centre of the fil l has been 

ca l cu l ated with t he C0NMULT prog ramme. It has been calculated with 
as we 11 as without creep effects. The divis i on of t he soil in to main 

l ayers and the consolidation parameters from oedomet er tests are shown 
in Fig. 44. 

http:V.u.,bubUM.on
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In the calculations, the lower boundary and the upper metre of 

dessicated crust and clay wi th an abundance of root channels have been 

considered as free draining. The ground water level has been assumed 

to be stat i onary at one metre below the ground surface. Associated 

with this assumption, the load reduct ion due to settlements has been 

assumed to be 10 kPa per metre of settlement as it is saturated clay 

that becomes submerged for the first metre of settlement. Eventual 

changes in density of the gravel fill have been disregarded. 

According to these assumpt-ions, the initially applied load has been 

reduced by about one third due to the settlements after 25 years. 

The measured settlements and the settlements calculated including creep 

effects are shown in Fig.s 45 a and b. 

The total measured and calculated settlements agree well. The measured 

and calculated settlements for markers at various depths after 25 years 

agree well but there are some pronounced differences at the beginning 

of the consolidation process. Thus, the compression of the upper one 

and a half metres is initially much larger than predicted and remains 

so throughout the process. On the other hand, the early deformations 

in the bottom l ayers are much smaller than calculated, but they 

converge with time. As can be seen in Fig. 45 b, there is no sign of 

an upward turn of the time settlement curve in the semi log plot even 

after 25 years, when 125 per cent of the primary consolidation 

predicted in the classical way has occurred. 

Measured settlements and settlements ca l cu l ated without creep effects 

are shown in Fig 46 a and b. The correspondence between the predicted 

and calculated settlements is in all aspects rather poor. The "final 

settlements " have been calculated without regard to the consolidation 

process. Due to this process, the clay adjacent to the drainage bound

aries will consolidate for the tota l imposed load while the clay at 

the midd l e distance between the drainage boundarie s will consolidate 

for the applied load reduced by the tota l settlement effects. The re

duction in the rest of the profile will have a hyperbol i c distribution. 

In estimations of "final settlements" these differences in 

consolidation load are usually disregarded and a full reduction for 

load decrease due to settlements is applied throughout the profile. 

The error in terms of predicted settlements is small. 
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The distribution of measured and calculated settlements with depth 

after 24 yea rs is shown in Fig. 48. The agreement between the measured 

settlements and the settlements calculated including creep effects 

is very good at this point, but the poorer agreement in earlier stages 

as shown in Fig. 45 should be kep t in mind. 

The excess pore pressures after l oad application were reported by 

Hansbo (1960). They show that t he pore pressure response to the 1oad 

was almost identical t9 the increase in vertical stress, which confirms 

that the soil was almost normally consolidated, Fig . 47. 
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The pore pr essures at the centre of the fill as well as in natural 

ground were ca r efully measured in 1971 and in 1982. The exce ss pore 

pressures at those times are s hown together with ca l cu l ated excess 

po r e pressure profiles in Fig . 48. 

The measu r ed pore pressures agree fairly well with the calculations. 

There is no great difference i n ca l cu l ated pore pressures, whether 

creep effects are taken into account or not, and the measured values 

main l y fall between them. 

New samples were taken under the fil l in 1985 and oedometer tests we re 

performed. The preconso l idation pressures are shown in Fig. 49 . 

http:the.OJie.uc.al
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The preconsol idation pressures measured in the oedometer correspond 


well to the quasi preconsolidation pressures calculated with CONMULT , 


i ncludi ng creep effects. The latter preconsolidation pressures are 


t he pressures on the orig i nal oedometer curve that correspond to the 


ca l culated deformations. 


The effective stresses have in most parts of the profi l e only exceeded 


the preconsolidation pressure by a few kPa. In spite of this, there 


is a pronounced i ncrease in measured preconsolidation pressures 


throughout the profile. In the upper parts , t here are increases in 


preconso1 i da ti on pressure of over 40 kPa although the tota1 1 oad in


crease was only 27 kPa and unloading and remaining excess pore 

pressures have limited the real increase in effective stress in these 

parts to 10 to 15 kPa. 



96 

EFFECTIVE STRESS, kPa 

0 50 100 
0 

o~ (orig inol) 

• 
2 0 

•3 
\ 

4 \~ 
I 

I 

5 . \ 
I 0~ + 6. 0 

6
E 	 . \ 

\ 
I 
f-

7 I 

e I
Cl. 
w 8 	 o,I 0 	

• 0 ~ax 
9 

\ 010 	
'• 

\.11 
\ 0 
\12 

• oc measured 
o Oc calcula t ed 

Fig . 49 . 	 Pll.e.coru,ouda;Uon pll.V..J..uJLe. and e66e.ilive. J..-ULV..J..e.6 
in 19&5. 

The permeability of the clay was al so measured i n the CRS-tests. The 

measu r ed permeabi li ties and the pe rmeab ilities calculated with C0NMULT, 

start in g with initial permeability and taking ca l cu lated deformations 

into account, are s hown in Fig. 50. 

The meas ured a nd calculated permeabilities agree ve ry well. The 

increase in undrained s hear strength under the fill was checked by 

Holtz and Broms in 1971. As in the initial investigations t he re was 

a certa in scatter in t he results. The averaged shear streng t h profil e 

with special reference to the results from vane shear tests corr ected 

accordi ng to SGI 1984 is shown in Fig. 51, together with t he general 

strength profile from 1957 . 



97 

PERMEAB ILITY , 10-10m/s 
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UNDRAINED SHEAR STRENGTH, kPa 
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The undrained shear strength had increased throughout the profile, 

and especial l y so at the bottom and i n the upper parts of the profile , 

except for t he crust. The increase i n shear strengt h and the increase 

in preconsolidation pressure correspond ing to the calcul ated 

deformations i n 1971 are shown in Fig. 52 . The deformati on s have been 

calculated with CONMULT and include creep effects . 

http:1.,bt.eng.th
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The scatter in the measured undrained shear strength should be kept 

in mind, but the figure shows that the profiles are very similar and 

that the increase in undrained shear strength is in the order of 0.2 

times the increase in quasi preconsolidation pressure. The calculations 

with the CONMULT programme including creep effects have thus 

satisfactorily accounted for the long-term behaviour of the undrained 

circular fill at Ska Edeby. There is a discrepancy in the measured 

and calculated settlement distribution with depth in the early stages . 

Pa rt of this discrepancy may be due to the varying ground water and 

climatic conditions, whose effect will even out with time, but to what 

degree it is not possible to estimate. 

6.4 The test embankment 

The test embankment was constructed in May 1961. At that time, the 

idea of locating an airfield at Ska Edeby had been abandoned but the 

results of the tests were considered very important, especially for 

road construction. The test embankment was therefore constructed to 

study the influence of geometry and lateral deformations. It was spon

sored by the Swedish Road Administration and the Building Research 

Council. 
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The embankment was constructed with the surplus gravel from the partial 

unloading of the most heavily loaded circular fill. This is a rather 

narrow embankment with a crest width of 4 metres and slopes 1: 1. 5. 

The height of the embankment was 1.5 metres and the total length 40 

metres. The density of the fill material is 1.8 t/m3 and the maximum 

load increase 27 kPa. The safety factor against failure was estimated 

to be about 1.5. The fill was instrumented with settlement markers 

and pi ezometers at different locations and depths under and outside 

the fi 11 . 

Flexible pipes for a newly constructed inclinometer measuring system 

were also installed at the toes of the embankment slopes, one on each 

side, and one pipe was installeg further out from the embankment. Lo

cation of the instrumentation is shown in Fig. 53. The construction 

of the fill was made in stages during 22 days and thereafter no changes 

have been made. 

The soil conditions at the test embankment were practically identical 

to the conditions at the undrained circular test fill, except that 

the depth to firm bottom was 15 metres instead of 12. 
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6 . 4.1 Initial settlements 

The total sett l ements during the construction period were measured 

to be about 0.06 m. The first stage of construction involved about 

half of the f i nal load and the settlements were 0.01-0.02 m. The hori

zontal movements after this first load step were small. The next incli

nometer readings were taken two weeks after the completion of the em

bankment. Thereafter, frequent readings were taken and the horizontal 

movements were recalculated into a corresponding verti cal movement 

of the embankment. 
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An extrapolation of the calculated vertical settlements due to lateral 

displacements indicates that about 0.05 m of settlement is due to "in

itial" shear deformations directly after full load application. Calcu

lated elastic settlements based on empirical relations between 

undrained shear strength plasticity index and calculated factor of 

safety are about 0.05 m. 

6.4.2 Conso1i dation 

The consolidation process has been associated with continuing 

horizontal deformations. As the horizontal deformations have been 

measured, the vertical deformations corresponding to them can be esti

mated and separated. 

Some horizontal movements are still in progress 25 years after con

struction but they are now barely detectable and the relative 

importance for the total settlements is steadily decreasing. The 

"final" consolidation settlement calculated in the ordinary way and 

disregarding creep effects is about 0.60 m (0.80 m if unloading due 

to settlements is disregarded). An earlier figure of 1.2 m and 1.5 

m respectively referred to by Holtz and Lindskog (1972) must have been 

based on a more pessimistic assumption of the preconsol idation than 

further studies have shown, combined with a neglect of the load 

distribution with depth that occurs due to the narrow embankment and 

great depth to firm bottom. Even when correction for limited depth 

to firm bottom is applied, the load intensity as an average for the 

profile will sti 11 only be about half of the stress applied at the 

surface. 

The calculated "final" settlements were reached in 1974 when 

corrections for the lateral deformations are made. The settlements 

are continuing and there is still no sign of an upward bend in the 

settlement - log time curve in spite of the decreasing influence of 

lateral deformations. 

As for the undrained circular fill, a seasonal variation of the settle

ment rate was observed right from the beginning. Later slowdowns in 

the settlement rate have been observed for longer periods of a couple 

of years in 1968-1969 and in 1973-1974. Apart from these 

irregularities, which cannot be readily explained, the consolidation 

process has followed a smooth course. 
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The two functioning piezometers under the fill in 1971 showed pore 

pressures which indicated that the increase in effective stress was 

small for most of the profile. 

The consolidation process, including the initial elastic deformations, 

has been ea1cul ated with the C0NMULT programme. The process has been 

calculated with as well as without creep effects. As a certain 

influence of three dimensional water flow can be expected with this 

type of geometry also for the centre of the fill an additional calcu

lation has been made with the programme GE0FEM C (Runesson et al 1980) 

at Chalmers University. With this programme three dimensional waterflow 

can be accounted for, but not creep effects. 

The d i vision of the soil into main layers and the consolidation 

parameters are shown in Fig. 55. 

The profile and parameters are identical to those for the undrained 

circular fi 11 , except for the depth to firm bottom. In the same way, 

the upper metre of dessicated dry crust and clay with numerous root 

channels has been assumed as free draining. The lowest two metres of 

clay with increasing infusion of silt seams have in this case also 

been regarded as free draining. 

The ground water level has been assumed to be stationary at one metre 

below the ground surface. Measurements with a piezometer outside the 

embankment located very near the firm bottom indicate that it has been 

at this level for about half the time between 1961 and 1971. For the 

rest of the time it has been hi gher and occasionally it has reached 

the ground surface. 

Associated 1~ith the assumption about the ground water l evel, the load 

reduction due to sett l ements has been assumed to be 10 kPa per metre 

of settlement. According to these assumptions the initially applied 

1oad has been reduced by about one quarter during the first 20 years 

of consolidation. 

The settlements calculated including creep effects are shown in Fig. 

56 together with the measured settlements, as well as measured settle

ments corrected for measured time-dependent lateral deformations which 

have occurred after the loading was completed. 
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The calculated and the corrected measured settlements agree fairly 

w2ll. As for the circular test fill, there are some discrepancies in 

the settlement distribution in the early stages, but these even out 

with t ime. It can be observed that the rate of vertica l deformation 

in the field i s 10-15% hi gher than the calculated rate, even when the 

field rate is corrected f or lateral deformations. The settlements cal 

cu l ated without creep effects a r e shown togethe r with the measured 

settlements i n Fig. 57. 

The consolidation settlements calculated without creep effects are 

less than half of the measured sett lements, even if the latter ar e 

corrected for lateral deformations. 

The conso l idation process has also been calcu'lated with the finite 

element programme GEOFEM C to investigate the effect of 

three-dimensional water flow. Care has been taken to give as similar 

input parameters as possible, but the computations are not directly 

http:de6oJuna:t-i.on
http:i.n-i.:t-<.cd
http:c.a..lc.u..ta:t-i.on
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comparable as the soi l mod els differ and the GEOFEM C pr ogramme also 

allows for hori zontal deformat i ons . The calcul a t i ons with GEOFEM C 

and C0NMULT, both withou t c r eep effects, are shown a s degree of con

solidation i n terms of sett l ement versus log t ime in Fig. 58. 

As poi nted out, the ca l cu l ations are not directly compa r abl e but it 

ca n be observed t hat, apart from i nitia l discrepancies t hat fo ll ow 

from diffe rent methods of modelling the loadi ng s t age , t he curves 

become very close wi t h time. The consol idation process i s somewhat 

faster as calculated with GEOFEM C, but the degree of consolidat i on 

never becomes more than about 10 per cent 

with C0NMU LT . The d i screpancy of more t han 

solidation settlement s calcu l ated without 

settlements can thus only to a minor pa rt 

larger tha n that calculated 

100 per cent bet ween con

creep effects and measured 

be e xplained by the effect 

of three-dimensional water flow . Th is effect seems more to be i n the 

order of t he disc repa ncy between calculated consolidation , including 

c r eep effects and the measured settlements. 
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The relatively small influence of three-dimensional water flow is of 

course only valid for the consolidation process at the centre of the 

fill. It can be explained when the distribution of settlement with 

depth in 1979 is studied, Fig. 59. 

Measurements as well as calculations show that the bulk of the defor

mations have occurred within the upper five metres. The agreement be

tween measured and calculated settlement distribution was very good 

at this stage. 

The hori zonta1 movements at the toes of the s 1opes and a1so some 4 

m outside the embankment are sho1~n in Fig. 60. 
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The maximum horizontal movements have occurred at a depth of 2 metres 

and amount to about 0.12 m in each direction. The relative maximum 

of the ongoing horizontal movements has been located further down with 

time. At present, the movements at 2 metres depth seem to have stopped 
and the maximum movements that occur now are located at a depth of 

4 to 5 metres. The horizontal movements have also shown seasonal vari 

ations and, at the slowdown of settlements in 1968-1969 the 

inclinometer tubes seemed to move inwards in the upper 3-4 metres. 

This effect vanished though and, apart from these irregularities and 

variations associated with measuring accuracy, there has been a smooth 

decrease in the rate of horizontal deformations. The influence of the 
horizontal movement on the vertical settlements has steadily decreased 

and amounts at present to about 20 per cent of the total settlements, 

Fig. 61. 
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The present rate of hori zona 1 movements is so sma11 that the corre

sponding vertical deformations only amount to about 5% of the total 

rate of vertical deformations . 

The initial pore pressu re response to the applied load was measured 

by piezometers located at the centre of the embankment at depths of 

2.5, 5 and 10 metres. The pore pressure response to the applied surface 

l oad of 27 kPa was about 20, 18 and 13 kPa respect i vely. The calculated 

stress increase at the same levels was 25 , 20 and 13 kPa. Thi s conf i rms 

the general picture of a practical l y normally consolidated soil profile 

with depth and an overconso1 i dati on of a few kPa at 2. 5 m depth . It 

should be noted, though, that there were large and sudden variat i ons 

in the read ings of all piezometers during the first years and the 

pressure in the reference pi ezometer 1oca ted outs i de the 1 oaded area 

and probably in contact with the draining bottom layers rose about 

5 kPa during the loading phase . Part of this variation may have 

affected the read ings further up i n the profile. The long-term 

variations in t he readings of the piezometers have all c l early shown 

a trend similar to the readings of this reference piezometer, Fig. 62. 

http:c.e.n:t.ne
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Only two piezometers we r e sti 11 in apparent function in 1971. The 

excess pore pressures measured then are s hown together with t he calcu

lated excess pore pressure profiles and the remaining increase in ver

tical stress in Fig. 63 . If the pore pressure readings are correct , 

there seems to have been practically no increase in effective st ress 

between 5 and 10 metres depth in the profile. At this time, about 90% 

of the "final" conso lidation settlements calculated without creep ef

fects had occu rred. 
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The division of sett lements into vertical consolidation and vertical 

movements corresponding to horizontal deformations is not correct as 

these are one and the same process. The CONMULT program cannot take 

horizontal movements into account and the simple calculations of in

itial shear deformations do not consider time-dependent lateral defor

mat i ons. There is thus a large discrepancy in calcu lated and measured 

settlements in the early stages of the consolidation process. The r e 

is no simple way to account for this and a correct prediction would 

require a finite element programme type GEOFEM C including creep 

effects. However, the discrepancies decrease with time as the influence 

of horizontal movements decreases and the calculations with the CONMULT 

programme including creep effects give a fairly good prediction of 

the long-term behaviour at the centreline of the embankment. The influ

ence of hori zonta 1 move ments in this case is unusua 11 y l arge due to 

the narrow embankment and the low factor of safety against undrained 

fa i 1 ure. 
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7. DALAROVAGEN - EMANKMENT ON PEAT 

7.1 General 

The road Dalarovagen connects the urban district of Jordbro with 

highway 73 to Stockholm. The road was built in 1979-1981 and was 

designed as a motorway with a crest width of 24 m. For 850 m the road 

is located on a peat bog. The peat layers are 2-3 m thick. 

In the early stages of planning, the possibility of constructing the 

embankment on top of the peat instead of excavating the peat and 

replacing it with other masses was discussed. A test embankment was 

constructed (Lindskog and Nordstrand 1978) and based on the results 

the motorway was built on top of the peat. 

The road was designed with surcharge in order to quickly obtain most 

of the settlements in the peat and underlying compressible layers and 

on the assumption that an unloading large enough to halt further 

settlements could be made. The surcharge was intended to remain for 

one year. It was dimensioned on the basis of results from the test 

fill and the requirement that the unloading should be at least 0.5 

m of fill. Before the embankment was constructed, the soil was 

instrumented in three sections within the peat bog and the behaviour 

of the embankment has been studied during and after construction. 

The instrumentation comprised settlement markers at various depths 

and locations, horizontal flexible tubes for measurements with hose 

settlements gauge, inclinometer tubes, horizontal tubes with external 

1oose magnetic rings for measuring hori zonta1 surface movements and 

piezometers. 

The observations showed that the settlements became larger than 

predicted and the surcharge was increased after one year. The increased 

surcharge was applied for a further half year, whereupon it was 

removed. 

In connection with this and other projects concerning construction 

on peat, a new peat sampler was constructed. The new sampler was not 

ready until about a year after the constructions at Jordbro had started 

and thus the only good quality samples of the peat are those taken 

in section 1/360 and outside the loaded area. The peat samples had 
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a diameter of 0.1 m and a length of 0.8 m. Selected specimens with 

a height of 45 mm were tested in incremental loading tests in 

compressiometers, with a diameter of 100 mm. In the compressiometers, 

the samples are placed between two highly permeable filter stones and 

are surrounded by rubber membranes on the sides. The diameter is kept 

constant by thin rings evenly spaced on the outside of the rubber 

membranes. The results from the tests and measurements have been 

reported in detail by Carlsten (1985). 

7.2 Soil profile 

The surface layer with vegetation is about a quarter of a metre thick 

and is stiffer than the underlying peat. The upper 2-3 m of the soil 

profile consists of fibrous peat. The degree of humification varies 

between H2 and H4 and increases somewhat with depth. Under the peat 

there is a thin layer of about 0.1 m of gyttja and organic clay on 

top of a 0.5 to 2.0 m thick layer of sand. 

Below the sand, there is another compressible layer of clay and silt 

which is about 3 m thick. This layer is slightly overconsolidated. 

The observed total settlements in this layer amounted to 0.2 m. 

No instruments were placed in the clay , however, and only the behaviour 

of the soil down to the sand layer has been studied in detail. The 

ground water level is near the ground surface and the density of the 

organic soil is close to unity. The shear strength of the peat was 

measured by field vane tests and the corrected undrained shear 

strengths were around 5 kPa. The relevance of field vane tests in this 

type of material is doubtful, though. 

The total width of the embankment was 45 m. The thickness of the peat 

layer in section 1/360 varied between 2.1 and 2.8 metres across this 

di stance. The most detailed measurements have been taken at a po i nt 

located 8 m from the centreline and the profile deduced from the 

samples taken on both sides of the embankment is shown in Fig. 64. 
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Undrained shear
Depth. Descript ion Degree of Water st rength kPa 

m humificat ion content.% 2,5 5p 7,5 10,0 

Topsoi l -- -
X 

H 3 1119 X X 

Fi bro us X 

1 X Xpeat H 2 1537 

X 

X .
H4 998 X 

X 

2 XX985 

P~ja H~ 7~ X 

Fig. 64. Soil p11.06.Ue at Va.lal!.iivagen. Se.c:ti.on 1/ 360, Le.6,t 8 m. 

7.3 Construction of the embankment 

Construction of the embankment started i n April 1979 when a first load 

of 21 kPa was applied. The load was checked by measurements of the 

thickness and density of the fill. After about 50 days, when almost 

all excess pore pressures had disappeared, another 34 kPa were added. 

The embankment had a crest width of 24 metres and the slopes were made 

flat with an inclination of about 1:3 to provide stability and with 

a desire to minimize horizontal movements. The maximum width at the 

base of the emba nkment was about 45 m. 

The density of t he fil l was measured as 2.1 t/m3 in t he dry state and 

the saturated density was 2.3 t/m3 . At the beg i nn in g of June 1980, 

the surcha r ge was increased by another 10.5 kPa and the unloading of 

the surcharge took pl ace at the end of November the same year. The 

unloading amounted to about 23 kPa. 

The events described above are a simp l ification, as construction meant 

that a transport road had to be kept open all the time. This transport 

road had to be moved to different locations across the road dur i ng 

construction and the detailed l oading history is much more complicated 

than the simplified main process described. 

http:Se.c:ti.on
http:p11.06.Ue
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7.4 Horizontal movements 

The measurements of horizontal movements showed that the central parts 

of the embankment within the crest width have moved practical ly verti

cally. The horizontal surface movements under the slopes increase 

toward the toes . The maximum horizontal movements were about 0.15 m 

and occurred under the s 1 ope at a distance of about one quarter of 

the width of the slope from the toe. 

7.5 Consolidation 

The total settlements just before unloading amounted in section 1/360 

Left 8 m to 1.2 m, of which 1.0 m had occurred in the peat. The settle

ments in the peat just before the additional surcharge were about 0.94 

m. 

The corresponding calculated "final" settlements in the peat disregard

ing creep effects were 1.10 m and 1.03 m respectively. The predicted 

settlements were thus about 10% 1 a rger than the actua11 y measured 

settlements. Measured and predicted excess pore pressures were small 

on both occasions. 

The consolidati on process at the point considered has been calculated 

with the C0NMULT programme wi t h and without creep effects. The division 

of the soil in the main layers and the key consolidation parameters 

are shown in Fi g. 65. The parameters were evaluated by Carlsten in 

1985. 

~: kPa M0 , kPo ML, kPo a~ ,kfb M' k j. m/s °' s max. % 
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Fig . 65 : PaJtame,tvu., w.,e.d 601t. c.alc.u.fution 06 c.orniouda-Uon 
a,t ValaJtovage.n. 
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In the calculations, the sand under the peat l ayer and the surface 

layer have been assumed to be free draining. The load reduction due 

to settlements has, in accordance with the density measurements, been 

assumed to be 8 kPa per metre of settlement . The measured and 

calculated settlements for the peat layer are shown in Fig . 66. 

Compression of 2,4 m of peat 

0 80 
~ 60 
c:i 40 

20c3 	 700J oL_ __1~0~0__~2~0~0__~3~00:::...__ _:4+00:::...__ __-s+oo:::...__ _:5+0~0----+-=-------=-80~0'--T-I_M~E~.d~a~ys~ 

0,5 ,_""-7 

E 

1 \ 
z 
w 	 '\, 
:l: 

'-':,__,__ ~---------------- ~ 1,0 '--:.:-.:.:_- ------------- __ _ Measured 
1- -------- -.::.--------------------- Calculated without creep 
w ------------- Calculated with creep<f) 

1,5 

F,{,g. 66 . 	 Me.cu.,wie.d and c.alcuh;;t,e.d 1.ie,t,tteme.n,v., 601c .the. pe.a..t 
laye.1c a.t Vala.Jtovage.n. Se.won 1/360, Le.6.t 8 m. 

As already mentioned, the calculations without creep overpredicted 

the "final " settlements by about 10%. The introduction of creep effects 

natura l ly did nothing to improve this discrepancy. Instead, the differ

ence in this respect increased to about 16%. On the other hand, the 

shape and genera l trend of the curves show better agreement when the 

creep effects a re included. This is especially valid for the ongoing 

creep deformations at the end of the load steps with increasing load. 

A similar effect would in this case have been obtained if the simple 

approach of adding creep deformations after full pore pressure equaliz

ation had been used. 

Both predictions are quite acceptable, considering the type of material 

and the fact that the consolidation parameters are extrapolated from 

samples taken some distance away. The most striking result of the 
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calculations is how little influence the creep effects in this case 
have on the early consolidation process. The calculated pore pressures 

also became practically identical, whether creep effects were included 
or not. The peat in question with a high compressibility, high initial 

permeability and moderate creep effects may be considered as an extreme 

case for soils in general, but this type of soil is common in Sweden. 

Another feature to observe in this type of soil is the 13 k value of 

about 6 (13 k = ll log k / M:. ) . This means that in the actual case the per

meability decreased by about 1000 times during the consolidation. 

The pore pressures were measured at various times during the construc

tion of the embankment. The excess pore pressures measured at the 

middle of the highly compressible peat layer are shown together with 

the calculated excess pore pressures in Fig. 67. The measured and 

calculated pore pressure developments are in close agreement. 

kPa 

Load50 

40 

• Measured e)(cess pore pressure 

Calculated e)(cess pore pressure
30 

20 

10 

100 200 300 400 

-10 	 TIME days 

F-i.g . 6 7. 	 Applied .load and ex.c.l¼..:\ pOl!.e p!teh..:\Wte/2 at Va.hvio
vagen. Semon 1/360, Le6t 8 m. 
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The undrained shear strength increased considerably during the consoli

dation process. The corrected vane shear strength before loading was 
in the order of 5 kPa. 

After 94 days when the designed surcharge was fully applied but there 

still were excess pore pressures in the order of 20 kPa, the corrected 

vane shear strengths had increased to about 15 kPa. Two years after 

the start of construction, when the soil had consolidated for the ad

ditional surcharge and then been unloaded, the corrected vane shear 
strength was in the order of 26 kPa. 

In both the loaded cases, this corresponds to an undrained shear 

strength about half of the preconsolidation pressure. The scatter is 

considerable, though, and no further conclusions can be drawn, 

especially in view of the uncertainty about the relevance of the vane 
shear test in peat. 

The settlement observations have continued and after the small heave 

at unloading, the total settlements during the following 4 years after 

paving-and opening for traffic have been about 0.01 m. 

The course of the consolidation in the peat has thus been successfully 

calculated with the C0NMULT-programme. The main advantage with the 

programme in this case is that it takes variations of modulus and per

meability into consideration. The permeability of the soil decreased 

by about 1000 times during consolidation while the variation in modulus 

was less than 10 times. The classical cv value (cv = ..l.:.L) thus did 
g· pw 

not just drop at the preconsolidation pressure but decreased more than 

100 times further during the consolidation process. 
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8. ANTONINY SITE. BIALOSLIWIE - STAGE CONSTRUCTED 
EMBANKMENT ON ORGANIC CALCAREOUS SOIL IN POLAND 

8.1 General 

Discussions on a joint research project between The Agricultural 

University of Warsaw and The Swedish Geotechnical Institute concerning 

the construction of embankments and dykes on organic soils started 

in 1981. 

Several test embankments had previously been constructed by the Depart

ment of Geotechnics at the Agricultural University of Warsaw (DG). 

No less than 10 test embankments were built in the period 1976-1982. 

The embankments were built on various deposits with organic soils with 

the aim of studying the consolidation process, the stability and the 

possibility of utilizing vertical drains in this type of soil. The 

results have been reported by Professor Wolski and his co-workers in 

internal reports, doctoral theses and conference papers, e.g. Fursten

berg et al (1983), Szymanski et al (1983) and Lechowicz et al (1984). 

The aim of the cooperation between DG and SGI was to combine the 

resources and experience of DG in construction of embankments on 

organic soils and the experience and capabilities of SGI in 

investigation and instrumentation in very soft soils. 

Two embankments have been constructed at the Antoniny site near Bialos


liwie in north-western Poland. The embankments have a base width of 


35 m and a length of 50 m. Vertical prefabricated drains have been 


installed under one of the embankments. 


The embankments have been constructed in stages in order to achieve 


an increase in shear strength and ensure stability. 


Both embankments are instrumented with settlement markers, horizontal 

tubes for measurement of settlements with hose settlement gauge, incli 

nometer tubes, magnetic settlement gauges for measurement of settlement 

distribution with depth and piezometers . Prior to the instrumentation, 

a field investigation program was carried out. This program involved 

soil sampling with Swedish standard 50 mm piston sampler as well as 

sampling with a piston sampler taking 60 mm samples. In the upper 

peat layer, the new peat sampler with 100 mm was also used. 
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A comprehensive series of vane shear tests was carried out. These com

prised tests with varying sizes of the vane blades and varying rates 

of rotation. There were no obvious size effects on the results and 

the rate effects were similar to those normally observed in 

Scandinavian soils (e.g Larsson et al 1984). 

Some cone penetration tests and pore pressure soundings were also made. 

The shear strength of the soil is very low, though, and the standard 

cone penetration equipment is not sensitive enough for this type of 

soil. The results from the cone penetration tests generally confirmed 

the results from the sampling and vane shear tests, but did not give 

any additional information. The pore pressure soundings gave negative 

excess pore pressures in the peat and positive but rather low excess 

pore pressures in the calcareous soil. It was later found that the 

soil had a very high overconsolidation ratio which gives relatively 

low excess pore pressures in this type of sounding (Jamiol kowski et 

al 1985). 

The first sampling operations were made by DG in 1982 and the samples 

were tested in the laboratories at DG and SGI. More samples were taken 

in the summer of 1983 in connection with the field tests and the 

instrumentation. The samples were brought to SGI for further tests. 

The results from the field and laboratory tests have been reported 

in detail , together with previous experience in pre l i mi nary reports 

(DG 1983 and SGI 1984). 

The first load stage of the embankments was applied in November 1983. 

New field tests and a thorough check of the instrumentation were made 

from the end of March to the beginning of April 1984 and the next stage 

was started directly thereafter. A new series of field tests including 

sampling and instrument check was carried out in May 1985, whereupon 

the third load stage was applied. New load stages are planned, 

including further loading of one embankment and partial unloading of 

the other. Parallel to these tests, the long-term deterioration of 

prefabricated drains in organic soil is being studied. 

The follow-up of the course of the consolidation process during the 

first stage was not quite successful in every aspect, due to unfamili

arity with the equipment and insufficient instruction. This problem 
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was soon overcome and further observations have been performed very 

satisfactorily. 

The results of the measurements have been reported by DG in annual 

reports in 1984 and 1985. 

8.2 Soil profile 

The test site is situated near the Notec river, where a large project 

with construction of dykes is being carried out. The soft soil consists 

mainly of sediments with a very high content of calcium carbonates. 

The upper two metres consist of amorphous peat which is very 

calciferous. The ground surface is covered with grass vegetation and 

there is an abundance of cracks and root channels in the upper parts 

of the peat. Further down, the carbonate content increases and the 

organic material decreases and occurs as gyttja. 

At 4 m depth there is a yellow-white layer of almost pure carbonate 

soil (marl). Further down, the soil is calcareous with a content of 

calcium carbonates of 80 to 90 per cent. The organic content there 

is about 5%. At about 7 m depth, the organic content increases somewhat 

and the soil is classified as a calcareous gyttja. Below 7.8 m depth 

there is dense sand. 

The soil properties determined in routine laboratory investigations 

are shown in Table 2. The undrained shear strength of the soil was 

measured in a large number of vane shear tests and by fall cone tests 

during the routine investigations in the laboratory. 

Series of active and passive triaxial tests and direct simple shear 

tests were run on samples from two levels. The undrained shear strength 

profile is shown in Fig. 68. 

The relation between undrained shear strength determined in direct 

simple shear tests and preconsolidation pressure was about 0.33 for 

samp l es from 1.5 as well as 5.8 m depth. 

The preconsolidation pressures and compression characteristics have 

been determined in incremental oedometer tests as well as CRS-tests. 

A large number of tests have been performed and samples taken with 

different types of samplers have been tested. 



Tab.le. 2. Soil 	p!WpVLU.U a...t An,ton,i_ny, B-w.1.o-6.liw-i.e.. 

Depth Soil Density Water Liquid Plastic Plasticity Tfu Sensitivity 
m t/m 3 content limit limit index cone 

% % % % kPa 

1.47-1.64 	 Black very calcifer- 1.11 341 313 189 124 11.6(5,81 ) 7 
ous amorphous peat (3752) 

3.0 	 Dark brown very cal- 1.19 227 221 17 (8, 51) 12 
ciferous dy- bearing 
gyttja 

.... 
4.0 	 Yellowwhi te cal- 1. 31 134 129 16 (9,81) 12 N 

w 
careous soil (marl) 

5.0 Grey calcareous soil 1. 38 109 96 10 (7 ,01) 13 

5.67-5. 84 Grey ca l careous soil 1. 42 106 103 54 49 12.9(8,7 1) 9 

6.0 	 Grey ca l careous soil 1. 41 108 97 12 (8,31) 13 

7.0 	 Green gray calcareous 1. 33 148 138 12 (7 ,l1) 11 
gyttja 

Samples from 1.47-1 .64 m and 5.67-5.84 mare taken with Borra ~60 mm sampler. 

Sample s from 3, 4, 5, 6 and 7 mare taken with Swedish standard piston sampler. 

1) Corrected according to SGI recommendations of 1984. 

2) Sampl es taken with Swedish peat samp ler. 

http:5.67-5.84
http:1.47-1.64
http:5.67-5.84
http:cal-1.19
http:calcifer-1.11
http:1.47-1.64
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UNDRAINED SHEAR STRENGTH, kPa 
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Fig. 68. 	 Uru:i1r.uned -6heaJt -6:tlteng.th in n.a.tUJLal g1tound ax. 
An.toMny -6de, B,<,a,fo-6f.,i_wie. 

There was no obvious difference in evaluated preconsolidation pressure 

in the different tests or the di fferent samples. The stress- strain 

curves from different samples of the peat indicated , however, that 

the samples taken with the standard piston sampler i n this material 

were slightly more disturbed than the other samples . The average 

results from the oedometer tests are shown in Table 3 . 

The preconsolidation pressures showed an unusual preconsolidation pro

file, Fig. 69. Down to 4 metres depth, the soil seemed to be normally 

consolidated for a ground water level about 1.5 m below the ground 

surface while the soil in the bottom was normally consolidated for 

a ground water level only 0.5 m below the surface. 

http:6:tlteng.th


Table. 3. Rv.,u1..t6 6Jtom oe.dome.:teJt tv.,,U (aveJtage. valu.v.,). 

Depth 
m 

Test Sarr,pl er Number 
of tests 

O'
C 

kPa 
ML 
kPa 

OL 
kPa 

M' a 
kPa 

k 
m/s 

Bk Cy 
m2/s 

as 
% 

1.47-1.64 CRS 4>60 5 14.8 122 31.8 6.8 13.9 - 8l.7· 1O 4 . 2 

1. 47 - 1. 64 Step cp60 3 " 15 10- 5_10- 7 2. 6- 2.0 

1. 47-1. 64 Step 4> 100 3 " 14 10- 5_10-7 2.9- 2.3 

2.0 CRS cp5O 5 15 120 28 8.1 13.0 81. 7 •10 4 . 2 I-' 

3.0 CRS 4>50 3 17 240 65 7.3 32 4 · 10- 9 3.0 
N..,., 

4.0 CRS <P5O 2 23 382 50 8 . 9 7 4 •10- I 0 2.1 

5.0 CRS 4>50 3 21 260 39 10. 5 14 5•1O- I0 2.2 

5 . 67- 5.84 CRS <P 60 5 19 .4 288 41. 2 11. 7 16 . 6 8 . 3·10- l O 2.2 

5.67- 5.84 Step <P60 3 "20 5·10- 9- 2·1O-I O 2 .0-1. 4 

6 . 0 CRS 4> 50 5 19.8 320 44 11. 9 17 8.8 · 10- 1 o 2.2 

7.0 CRS 4>50 2 23 145 40 9.3 24 l.6·1O- 9 3.4 
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The preconsolidation profile indicated a non-hydrostatic pore pressure. 

There was much concern about the qua l ity of the "undi sturbed" samples 

obtained in this type of soil, which is why different sampl ers were 

used. The results from the oedometer tests gave unusually large defor

mations up to the preconsol idation pressures and consequently very 

low recompression modul i. This is normally interpreted as a sign of 

disturbance, but the results were consistent for all sampl ers and 

tests. 

After the pi ezometers had been i nsta l led and stabilized and a standpipe 

had been dri ven in to the sand 1ayer , it became c 1 ear t hat an unusua 1 

stress situation was at hand. The water pressure in the sand l ayer 

below 7.8 m depth proved to be artesian with a water head 1.5 m above 

the ground surface. With some fluctuations this situation ha s preva i led 

during the who1 e of the observed period. Measurements of the pore 

pressure in the sand have shown that the pressure has varied 
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seasonally, and for a large part of the time the artesian pressure 


head has been about half a metre lower than the inital values. At the 


start of measurements the ground water leve l at the top was slightly 


below the ground surface, wh i ch has been the normal situation, but 


the area has been seasonally flooded. The piezometer readings showed 


a pore pressure distribution such that the effective stresses in the 


natural ground are very low and in most of the profile amount only 


to about 2 kPa, Fig. 70. 
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Fig. 70. 	 POJte p!tUJ.iWte.6 and e66ective ve,/L,Uc.al. J.iV!.UJ.ie.6 -i_n 
ruu:Wta.t 91tou.nd. An.:ton-i_ny 1.;ae, B-<-a.lOJ.i.t.iv.J-<-e. 

These l ow effective stresses enta i 1 that the soil has a high overcon

so l i dati on ratio. If the stress history of the site is such that the 

deposit has consolidated for higher effective stresses and these have 

l ater been r educed by the artesian water press ure, then the low recom

pression modu li measured in the oedometer tests become qu ite pl ausible. 

Recompression moduli calculated from overconsolidaton ratio and 

swell ing characteristics become of the same order as the measured 

values . 


The compression characteristics measured in the oedometer tests can 


thus be expected to be fairly representavive for the soil in situ. 


http:91tou.nd
http:ve,/L,Uc.al
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8.3 The undrained test embankment 

As consolidation with vertical drains is outside the scope of this 

study only the embankment without drains is considered here. 

The embankment was constructed with the base dimensions 35 x 50 m. 

The slopes were made with inclination 1:3. The fill materia l is sand 

with a unit weight of 1.8 t/m3 at a natural water content of about 

10%. 

Before construction, the soil below and outside the embankment was 

instrumented. The l ayout of the fill and the position of the 

instruments are shown in Fig. 71. 

Construction began on 7th November 1983, when 1.2 m of sand was 

applied. This operation took about five days. The first stage lasted 

for five months and the next load of another 1.3 m of sand was applied 

between 11th and 18th April 1984. The second stage lasted about 

thirteen months. In the third stage another 1.4 m of sand was applied 

between 25th May and 12th June 1985. The third stage is still 

continu ing. 

The stages were chosen with consideration to stabi 1i ty and finally 

decided when the shear strengths at the end of each stage had been 

determined. The ea lcul a ted factor of safety for stage 1 ranged from 

about 2 to 3 with the lowest fact ors for local stability of the outer 

parts of the embankment. The calculated factors of safety against un

drained failure in stage 2 and 3 were both about 1.2. 

8.3.l Initial deformations 

Due to problems with proper handling of the instrumentation the course 

of the consolidat i on was not followed in detail in stage 1. The 

inclinometer read in gs in stage 2 and 3 showed, however, that the 

majority of the horizontal movements occurred during uploading. The 

tota1 hori zonta 1 movements during stage 1 correspond to a vert i ea 1 

movement of about 0.12 m and the initial deformations should be 

somewhat less. 
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The settlements during uploading in stage 2 were measured by the hose 

settlement gauge and varied in the central part between 0.15 and 0. 20 

m. The horizontal movements measured 9 days after uploading 

corresponded to a vertical movement of about 0.18 m. 

In stage 3, the settlements during uploading were measured with the 

hose settlement gauge as 0.08-0.10 m in the central parts. The settle

ments corresponding to the horizontal deformations measured three 

months after the load application were about 0.09 m. 

The initial settlements calculated with empirical relations between 

undrained shear strength, plasticity and safety factor against 

undrained shear failure were 0.10 m, 0.17 m and 0.13 m for the three 

stages. No correction for overconsol idation ratio has been made in 

stage 1. Had a correct ion for overconsolidation similar to that 

proposed by Foott and Ladd (1981) been applied, the calculated initial 

settlements in stage 1 would have been over 0.3 m. 

The "measured" and calculated initial deformation are summarized in 

Table 4. 

Table. 4. "Me.MW1.e.d" and CLLtc.uhae.d ,i_ru,t.w.,e_ de.fio17.J71a.;ti_on1,. 

Initial deformations, m 

Stage "Measured" by hose 
settlement gauge 

Calculated from 
horizontal 

Calculated 
empirical 

movements 

1 < 0.11 0.10 

2 0.15-0.20 < 0.18 0.17 

3 0.08-0.10 < 0.09 0.13 

The values measured by hose settlement gauge include consolidation 

settl ements occurring during the time for load application so that 

the initial deformations are somewhat smaller. 

http:0.08-0.10
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The total calculated initial settlements in the three stages amount 

to 0.40 m. The measurements indicate that the calculated values are 

in the right order of size, but the initial settlements seem in all 

three stages to have been somewhat smaller than calculated. The initial 

settlements are in the order of 20% of the total settlements. 
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The initial settlements had a distribution which reflected the lower 

factor of safety in the outer parts of the embankment. The maximum 

sett l ements in stage 1 thus occurred halfway between the toes and the 

centre of the fill. This pi cture has remained even i f the maximum has 

moved inwards during stage 2 and 3. 

The same is valid for the embankment with vertical drains so that the 

distribution cannot be related to a greater rate of consol i dat i on 

towards the toes due to horizontal water flow. The horizontal 

distribution of settlements is shown in Fig. 72. 

8.3.2 Consolidation 

The embankment has been built in stages with relatively short 

durations . Consequently, no full conso l idation has been reached in 

any stage. The total "final" sett l ements disregarding creep settlements 

are calculated to be about 0.5 m, 1.3 m and 1.8 m for the three stages. 

At the end of stage 1, however, there were remaining excess pore 

pressures in the order of 10 kPa. At the end of stage 2 there were 

excess pore pressures in the order of 20 kPa and half a year after 

app l i eat ion of stage 3 the excess pore pressures were about 30 kPa. 

The total settlements on these occasions were 0.4 m, -1.1 m and 1.5 

m respectively. 

The consolidation settlements have been calculated with the C0NMULT 

programme with and without creep effects. The d i vision of soil into 

main layers follows the oedometer tests. The division and the key con

solidation parameters are shown in Fig. 73 . 

The conso li dat i on parameters are as eva l uated from the oedometer tests . 

The initial moduli are usual ly not taken from oedometer tests but as 

it becomes extremely difficult to estimate an empirical modulus when 

the effective stresses in the ground are close to zero, an unusual 

degree of reliance has in this case been put to the results from the 

oedometer tests. 

In the calculations, the upper one and a half metres of peat with veg

etation, cracks and root threads have been considered as free draining. 

This assumption was made first after the piezometers at 2 m depth had 
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shown that the pore pressure dissipation during stage 1 was very rapid 

and that the piezometers were close to a free draining surface. The 

assumption of free drainage in the entire layer of 1.5 m is of course 

exaggerated, but measurements of permeability in the homogenous 

amorphous peat had shown that the permeability of the homogenous peat 

was ten to one hundred times greater than the permeability of the other 

layers. The infusion of root threads and cracks would further greatly 

increase this difference but to what extent cannot readily be 

estimated. As there are practical limitations to the variations in 

permeability that can be entered into the CONMULT programme used, the 

upper layers have been assumed as free draining for simplicity. It 

should be considered, though, that this is an oversimplification and 

that the permeability in these layers probably decreases very much 

with compression as cracks are closed and channels cease to stand open. 

The consolidation process has been calculated on the assumption that 

the initial artesian water pressure in the sand remains constant and 

that the final pore pressure in each layer will deviate from the hydro

static pressure in the same way as in the initial stage. 

The load reduction due to settlements has been assumed to be 6 kPa 

per metre of settlement. Here, this corresponds to a load reduction 

of 10-15% of the total applied load at the end of stage 1 and 2 and 

at the last observation in stage 3. 

The measured and calculated (initial plus consolidation) total settle

ments are shown in Fig. 74. 

The inclinometer readings showed that the horizontal movements practi

cally stopped shortly after the loading phase and the in itial "elastic" 

deformat i ons a re somewhat overpredi cted. Therefore, no reduction has 

been made of the measured vert i cal deformations due to time-dependent 

lateral deformations during consolidations. 

The calculated time-settlement curves have been smoothed for the first 

fifty days after each load application to roughly compensate for the 

exaggerated assumption of free drainage in the top layers. A comparison 

with the measured time-settlement curves shows that this compensation 

was not quite enough for the early stages just after load application. 

The discrepancy in measured and predicted behaviour in these stages 
is also partly due to all lateral movements being predicted to occur 
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instantaneousl y at loading, whereas in reality they are smaller than 

predicted in the uploading phase but conti nue for a short period there

after. 

A comparison between calculated sett l ements with and without creep 

effects shows that in the re l atively short periods of time studied, 

the creep effects have a rather low influence on the magn i tude of the 

sett lements. The differences increase with time , though, and the trend 

is that with ti me the meas ured t ime- settlement curve more and more 

connects to t he curve calculated including creep effects. 

The calculated settlements in stage 1 are larger than the measured 

settlements. I n thi s stage, however, the ca l culated consolidation is 

a lmost entirely based on the rather roughly estimated recompressi on 

moduli. Cons ide ri ng the fact that the in itial deformations are somewhat 

overpredicted , the agreement is surpri singly good. 

Neve rthe1ess, the discrepancy in this stage affects the comparisons 

between measured and calculated total settlements in the further 

stages . 
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The distribution of settlement has been measured by special magnetic 

markers. The course of the settlements with time has been stud i ed on l y 

from stage 2 and onwards. Fig. 75 shows the settlements for the two 

main types of soil; t he peaty soil on top and the calcareous so i l 

below. The set tlements are shown as further settlements after stage 

1. 
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Apart from the discrepancies i n t he earliest stages already discussed, 

there is good agreement between the measured and calculated settlements 

in magnitude as we l l as distribution . Four magnetic settlement markers 

are install ed under the centre of the embankment and the settlement 

d i stribution versus depth at the end of stage 2 is shown in Fig. 76 . 

The horizontal deformations have been measured by inclinometers. The 

inclinometer readings show t ha t l ate ral movements of about the same 

magnitude have occurred throughout the soil profile. The horizontal 

extension of the movements has decreased as the areas with increased 

loads have become narrower, Fig. 77. 

http:J.i.:ta.ge
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The maximum horizontal movements were 0.12 m at the end of stage 1 

and 0.35 mat the end of stage 2. At the last reading in stage 3, the 
maximum hori zontal movement amounted to 0.46 m. After large horizontal 

movements duri ng uploading and shortly afterwards, the rate of horizon
tal deformations has rapidly decreased. Except for the early phases 

in each stage, the horizontal movements play a very small role in the 

course of consolidation. The maximal horizontal movements are shown 
versus the total settlements in Fig. 78. 
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The pore pressures under the embankment have been measured by 

pi ezometers type BAT. In this type of pi ezometer, the filter tip is 

placed at the end of an open pipe. The water pressure acts on a 

membrane above the filter. When a reading is taken, a pi ck up device 

conta in ing a pressure transd ucer is lowered down to the membrane. A 

syri nge needle l eadin g to the transducer then penetrates the membrane 

and the reading is t a ken. There are always problems with piezometers 

hav ing rigid connections to the ground when the different ial 

settlements are 1arge. In the present case they are except i ona 11 y 

large. To prevent pushing of the piezometers, the piezometer pi pes 

were encased for most of their l ength in pl astic tubes but how well 

this has worked i s uncertain. Some of the in itial pore pressure 

responses during uploading were distinct ly l arger than the applied 

stress at the position of the piezometers. These elevated excess pore 

pressures d i sappeared rapidly, ind i cati ng that they were on l y local 

effects around the piezometers. 

http:un.dl1.1Un.ed
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The pore pressure dissipations in piezometers located 2 m below 

origina l ground surface have been rapid, which indicates a very high 

permeability i n most of the very compress i ble overlying soi l. The 

excess pore pressu r e measured at a point which was ori ginally 4.5 m 

below the ground surface is shown i n Fig. 79. This point was located 

a pproximately in the middle of the layers with low permeability. 
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The measured and ea l cul a ted pore pressures agree quite close l y . There 

is practically no difference in the calculated pore pressures, whether 

creep is considered or not. However, there are obvious signs of pushing 

of the piezometer at the load application. This effect rapidly vanishes 

but there is at present some doubt about the exact location of the 

piezometer. The possible error does not affect the comparison very 

greatly for this piezometer, though. 

http:Anton-i.ny
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The third piezometer in the profile was originally located only 1.3 

m from the sand at the bottom. This piezometer has shown very large 

signs of pushing and until its present location is established no con

clusion can be drawn from the readings. 

At the end of stage 2, new samples were taken close to the centre of 

the "undra i ned" embankment and oedometer tests were performed. The 

preconsolidation pressures measured in these tests are shown in Fig. 

80. 
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The preconsol idation pressures measured in oedometer tests correspond 

very well to those calculated with CONMULT including creep effects. 

The calculated quasi preconsolidation pressures are the pressures on 

the original oedometer curves that correspond to the calculated defor

mat i ons. 

Except at the very boundaries, the effective stresses that had acted 

in the profile were much lower than the "final" stresses would have 

been if there had been no excess pore pressures. In the middle part 

of the layers with low permeability, the effective stresses had not 

even reached the original preconsolidation pressures. In those parts 

of the profile where the precons·ol i dation pressure had been exceeded, 

quasi preconsolidation pressures had developed that were considerably 

higher than the maximum effective vertical stresses. On the other hand, 

there was no measured increase in preconsol idation pressure in those 

parts of the profile where the vertical stresses were still lower than 

the original preconsolidation pressures. 

According to the calculations, there was no increase in 

preconsolidation pressure below 4 m depth in stage 1. The calculated 

increase in quasi preconsolidation pressu re above this level in stage 

1 i s also shown in Fig. 80. 

The undrained shear strength was measured by field vane tests at the 

end of stage 1 an d stage 2. The measured strength values were corrected 

according to the SGI recommendation (Larsson et al 1984). The corrected 

shear strengths are shown together with the original shear strength 

profi l e (see Fig. 68) in Fig. 81 . 

At the end of stage 1, there was an increase in the shear strength 

above 4 m original depth. Below this level, no increase in shear 

strength was measured. The shear strength increased further in stage 

2 and in this stage there was also an increase in the lowest part of 

the profile. No increase in shear strength was measured in the part 

of the profile where the preconso1 i dati on pressures were unchanged. 

The changes in undrained shear s trength closely follow the changes 

in preconsol idation pressure. 
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In most of the profile, there seems to be an almost constant relation 

between corrected vane shear strength and preconsol idation pressure 

Tfu/Oc" 0.37. The only exception is the lowest metre of the profile 

where the corresponding relation is 0.28. Preconsolidation pressure 

here means original preconsolidation pressure, as well as measured 

and calculated quasi preconsolidation pressures including creep 

effects. 

The relation between undrained shear strength and preconsolidation 

pressure according to direct simple shear tests on samples from 1.5 

m and 5.8 m depth was 0.33. 

http:e.mbankme.nt
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The calculations with CONMULT have thus qualitatively accounted for 

the observed behaviour of the soil under the embankment. The assumption 

about the drainage situation used in the calcu l ations could hardly 

have been made beforehand but is a result of the observations during 

the early loading stages . The effect of creep was comparatively small 

during the re l atively short periods of observation in terms of total 

settlements and pore pressures. The effect of creep on the increase 

of quasi preconsol idation pressure and undrained shear strength was 

pronounced in some parts of the profile. 

The initial "elastic" deformations predicted with empirical relations 

were in the right order of size but somewhat too large. According to 

the results no correction for overconsol idation should be applied to 

the calculated deformations based on vane shear strength. 
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9. DRAMMEN 

The settlements of a large number of buildings in the town Drammen 

have been stud i ed by the Norwegian Geotechnical Institute. This study 

is almost unique, as it concerns settlements in cases where the 

stresses are lower than or just around the preconsolidation pressure. 

The geological history of the soil deposits in Drammen has been docu

mented and the deformation properties of the soil have been thoroughly 

investigated. The undrained Shear strengths were investigated by field 

vane tests and were found to be directly related to the 

preconsolidation pressures in normally conso l idated as well as slightly 

overconsol idated soils. The investigations in Drammen led to the 

general model for development of creep settlements, quasi 

preconsolidation pressures and undrained shear strength due to "ageing" 

presented by Bjerrum in the seventh Rankine Lecture 1967. This model 

was further developed by Bjerrum in 1972. More detailed information 

on some of the buildings and slightly revised soil properties were 

presented by Foss in 1969. 

The results from a laboratory study on the course of consolidation 

in oedometer specimens with different heights were presented by Berre 

and Iversen (1972) . This investigation showed that the course of con

solidation considerably deviated from the Terzaghi consolidation theory 

and that different stress-strain paths were followed in different parts 

of the specimens due to creep effects. A numerical method of 

calculating the settlements including creep effects in a single 

uniformly loaded layer was presented by Garlanger (1972). The method 

was based on Bjerrum's model of 1967. 

The observed buildi ngs are located in an area of Drammen where the 

soil conditions are described as fairly uniform. The genera l soil con

ditions consist mainly of five different l ayers of soil. The upper 

layer is a 2.5 m thick deposit of fine sand which is underlain by a 

silty clay having a thickness of about 2. 5 m. Be l ow the silty clay, 

there is a 5.5 m thick deposit of high plastic postg l acial clay. This 

layer has a natural water content of 50-55% and liquid limit of 50

65 %. The main interest in the investigations has been focussed on this 

layer as it is the most compressible layer and the layer exhibiting 

the largest creep effects. The overconsolidation ratio in this larger 

was 1.6 according to Bjerrum (1967). Be l ow the high plastic clay, there 
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is a layer described by Bjerrum as a thin layer of sand and by Foss 

(1969) as a transition zone containing numerous shells, small pebbles 

and pockets or thin layers of sand. 

The transition zone is about half a metre thick and below that there 

is a low plastic clay layer about 20-25 m thick . Soil layers of glacial 

origi n are located at a depth of about 35 m. The soil profile given 

by Foss (1969) is shown in Fig. 82. 

Groin SIZQ' 

distribution 
WotCl'r conti:rnt sl'lczor strcinqtl'l Sohnrty •1.:YT"IOIIQ:rthOn VCl'rt1cot prctssuro: p Dcncr1ptlon 

t/ m2 g/1 lnd1cotczd t / m2 	 otso11 

Undro1nqd 

FINE ~ANO 

SILTY CLAY10 

PLASTIC 
10 CLAY 

7 
CLAY with 

4 sand and grovel 

2 

LEAN CLAY 

2 
wp Plost,c l1m1t • 	 Vonq tctst Pc from Su ood Ip Humus contcint 

wl. L1qu1d limit ,, Cono: tcrst .,. a Pc from ~domctlqr tcz.sts 


w Wot<,r cont,rnt O 	 unconl1n11d o Pc trom Ko trlox.al ttlsts 

compr tcrst 


Fig. 82 . Sod p~o6de a,t Konn~ucv.,ga,te 16, V~ammen. (r~om 
ro,/,f., 7969.) 

The settlements of s i x buildings, of which one had a lighter and a 

heavier part, were studied in this area. About sixty per cent of the 

sett l ements are stated to have occurred in the high pl astic clay layer. 

The origin of thi s figure i s unclear as t he presented measurements 

are made on points on the buildings. The settlements became far larger 

than predicted for most of the buildings and using the relation between 

initial stress, preconsolidation pressure and applied load Bjerrum 

( 1967) concluded that only about 50% of the overconsol idation effect 

(the preconsolidation pressure minus the overburden pressure) cou ld 

be utilized without causing undesirably large creep sett lements. With 

an overconsol i dat ion ratio of 1.6, this would correspond to the 

mobilization of about 80% of the preconsolidation pressure. 

http:trlox.al
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A closer study of the data presented by Bjerrum shows that the overcon

solidation ratios under the different buildings varied between 1.25 

and 1.6. The preconsolidation pressures have also later been revised 

by Foss (1969) who showed that the overconsolidation ratio of 1.6 in 

three of the cases should rather be 1.5. In Fig. 83, the total settle

ments after 10 years for each building have been plotted versus the 

average mobilized degree of the preconsolidation pressure in the high 

plastic layer. Data have been taken from Bjerrum (1967) and have been 

modified according to Foss (1969). The result is still that is seems 

as though 80% of the preconsolidation pressure can be utilized without 

any larger creep deformations. 
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There are considerable differences between the separate buildings also 

in other aspects than overconsolidation ratio. The thicknesses of the 

soil layers vary at the different locations. The depth of the 

excavations varies and so do the geometries of the bases of the 

buildings. This affects not only the load distribution in the high 

plastic layer, but also the stress situation in the low plastic clay. 

This is not unimportant because, although this clay is less 

compressible, it has a lower overconsolidation ratio (OCR == 1.15) and 

considerable thickness. Because of the thickness of the layer and the 

low overconsolidation ratio, the creep effects in this layer should 

not be disregarded either, even if the creep parameters are numerically 

small. 

A further aspect of importance is whether the transition layer between 

the high plastic and the low plastic clay layers should be considered 

as draining or not. According to Foss (1969) this zone is not believed 

to provide any drainage. This belief is substantiated ·by some field 

observation of pore pressure dissipation within the area . On the other 

hand, Bjerrum ( 1967) reports that the pore pressure di ssi pati on was 

relatively rapid and that piezometers installed at two locations after 

10 and 30 years respectively showed that all excess pore pressures 

had di sappeared. These observations, coupled with the observed 

settlements at t he locations and the permeabilities reported by Berre 

and Iversen (1972), are not qu ite compatib le with the assumption of 

no drainage in the transition layer. 

Furthermore, two of the buildings are situated so near each other and 

surrounding buildings that some interference can be expected (Foss 

1969). The same is valid for the two parts of the same building with 

different load intensities. 

The interpretation of the settlements of the buildings in Drammen is 

thus complex and it would be presumptuous to make a claim of accuracy 

for a calculation based on the published data. 

However, the observations in Drammen are virtually unique and the gen

eral soil profile and type of loading serve very well to illustrate 

some aspects of the course of consolidation at loads in this stress 

reg ion. 
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Some fictive calculations have therefore been made with a soil profile 

as given for Konnerudsgate 16 (Fig . 82) and a geometry for the loading 
as for the actual building there. 

The compression parameters have been converted from the Cc/l+e0 values 

given to average modulus within the stress interval of interest. Per

meability and coefficient of secondary consolidation for the high plas

tic clay have been taken from Berre and Iversen (1972). Corresponding 

values for the rest of the profile have been estimated from empirical 

relations. The division of the soil profile into main layers and their 
consolidation parameters are shown in Fig. 84. 
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Fig. 84. 	 CoMolida,Uon pMamUVl/2 cv.,ed in ca..tc.ul.ation 06 -6e;U..temenu 
in V11.ammen. 

Prior to construction of the buildings, excavations were made and the 

weights of the buildings were thus partly compensated. In the fictive 

calculations, an excavation as at Konnundsgate 16 has been made, so 

that the upper sand layer is reduced in thickness. The app li ed loads 

are loads in excess of the weight of the excavated masses. 

The base dimensions of the actual building were 58 metres by 13 metres 

and these have been used in the ca l culation. The time for construction 
was about seve n months. 

http:ca..tc.ul
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The consolidation process has been calculated with the C0NMULT 

programme for various app 1 i ed 1oads corresponding to certain average 

stress levels in the high plastic clay layer. As can be seen in Fig. 

82, the stress level varies considerably in different parts of the 

profile. An average relative stress level (ao + Lia) I Oc, of 1.0 in 

the high plastic clay in reality entails a) that the preconsolidation 

pressure is exceeded in the silty clay, the upper part of the high 

plastic clay and the upper part of the low plastic clay b) that the 

stress is just at the preconsolidation pressure in the middle of the 

high plastic clay, in the transition layer and in part of the low 

plastic clay and c) that the stresses are lower than the 

preconsolidation pressure in the lower parts of both the high plastic 

and low plastic clay layers. 

The consolidation process has been calculated with and without creep 

effects and for the cases of full drainage as we11 as no drainage in 

the transition layer. 

The settlements calculated without creep effects are shown i Fig. 85. 

The time-settlement curves are quite different depending on whether 

drainage in the transition layer is assumed or not. The stress levels 

1.0 and 1.1 correspond to the cases where piezometers were installed 

10 years and 30 years after construction. In both cases, excess pore 

pressures of up to about 5 kPa are calculated in the case of no 

drainage, even when no creep effects are assumed. 

The settlements calculated with creep effects are shown in Fig. 86. 

The settlements are in all cases considerably larger than the settle

ments calculated without creep effects. This is in relative terms yalid 

also for the stress level 0.8 where the calculated settlements 

including creep after 20 years amount to 0.06-0.07 m, compared to 0.04 

m without creep. The pract i ea1 sign ifi ea nee of such a difference would 

be small, though. There is also a considerable difference in the 

calculated time-settlement curves, depending on whether the transition 

1ayer is assumed to provide drainage or not. After 30 years, a 1 most 

all differences in total settlements due to the drainage conditions 

in this 1ayer had evened out in the case of no creep. When creep 

effects are considered, very large differences remain and the curves 

calculated for different drainage condition have at this time barely 

started to converge. According to these calculations, the drainage 

http:0.06-0.07
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conditions are very important also fo r the development of creep 
deformations. While the concept of stress-strain relations coupled 

only to time for sustained load may be very usefu l in geologica l 

aspects in vo l ving several t housands of years, the dra inage conditions 

have to be cons i de red when the behaviour of constructions in normal 
time aspects are in question . 

The calcu l ated excess pore pressures in the case of no drainage were 

about 6 kPa in the high plastic clay at the times when the piezometers 

were installed. No excess pore pressures were calculated at the same 

times if drainage was assumed in the transition layer. In this context, 

it should be obse rved that the actual settlements on the two occasions 

were about two times the settlements calculated with creep and assuming 
no drainage in the tra nsition layer . 
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A comparison between the total settlements calculated with and without 

creep effects is made in Fig. 87. The settlements have been calculated 

after 27 years and full drainage is assumed in the transition layer. 

The creep effects increase the calculated sett l ements from just under 

two times at a stress level of 0 . 8 to nearly three times at a load 

factor of 1. 1. This difference in creases with increasing time. The 

same difference would have been obtained in the case of no drainage 

in the transition l ayer, but after a l onger period of time. 

AVERAGE STRESS LEVEL (a~+ 60) / a~ IN HIGH PLASTIC CLAY 
O O 0,8 0,9 1,0 1,1 
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1-· 0, 
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l1J 
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l1J 
..J 
I
I
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..J 0,3 
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0,4 
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hg. 87. Compalu/2on be.A:we.e.n .to.tCLt J.>e..tile.me.na a6.tVL 27 tJe.aM 
c.alc.u.la.te.d w.uh and w.uhou;t CJte.e.p . 

The shape of the stress level - total settlement curve and the effect 

of creep even at low stress levels is explained by the uneven stress 

levels in the profile already mentioned . The ca l cu lated settlements 

in the main layers above and under the transition zone are shown in 

Fig. 88. In the low plastic clay, the overconsolidation ratio was 1.15 
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to start with. This means that the real stress level here was over 

0.8 and creep should occur at any load in crease. Al ready at an average 

stress level of 0.9 in the high pl ast i c clay, the preconsolidation 

pressure is exceeded in part of the low plastic clay layer. No 

s i gnificant creep deformations are calculated in the high pl ast i c clay 

at stress levels lower than 0.8, but from this level they in crease 

with increas in g stresses. The preconsolidation pressure is exceeded 
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in the upper part of the high plastic clay layer at an average stress 

level of 0.98. Due to the uneven stress levels the total settlement 

- average stress 1 eve 1 curve becomes more even 1 y rounded than if the 

stress levels had been more equal in all parts of the profile . The 

creep deformations at low stress levels all occur in the low plastic 

clay and are due to the low overconsolidation ratio in this l ayer. 

The settlements including creep effects are largest in the low plastic 

clay layer until the preconsolidation pressure is reached in the 

overlying soil. At higher stress levels, the deformations in the high 

plastic clay rapidly increase with increasing stresses and at a stress 

level of 1.1 they approach 60% of the total settlements. 

The settlements calculated with creep and full drainage in the sandy 

transition zone are compared to the measured settlements in Drammen 

reported by Bjerrum (1967) in Fig. 89. 

The stress levels for the measured values have been estimated from 

the figures given by Bjerrum (1967) and Foss (1969). No direct 

comparison should be made, due to the approximative nature of the 

stress levels and the fictitious nature of the calculations. It can 

only be observed that a certain similarity exists between the time

settlement curves thus calculated and the measured curves. 

According to the calculations, a very large part of the creep defor

mations at stress-levels below the preconsolidation pressure in the 

upper layers occur in the low plastic clay. The coefficients of second

ary consolidation assumed in these layers are very low and only amount 

to 15-25% of the values in the high plastic clay. The creep 

deformations still become relatively large due to the thickness of 

the low plastic clay layer and the low overconsolidation ratio. The 

settlements in this layer at lower stress leve l s become relatively 

large also because the preconsolidation pressure is exceeded in parts 

of the layer already at low stress increases. 

The original presentation of the settlement records from Drammen when 

the behaviour was related solely to the stress level in the high 

plastic clay layer may thus be slightly misleading. The concept that 

creep deformations start at a stress level of about 80% of the 

preconsolidation pressure and thereafter increase with increasing 

stress level is not affected by the calculations, however. 
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The ca lculations have shown that also in the stress region below or 

just around the preconsolidation pressure the permeability and drainage 

conditions play dominant roles for the development of creep 

deformations. 
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10. DISCUSSION AND CONCLUSIONS 

10.1 Creep effects 

The tests and measurements for the different loading cases have shown 

that the behaviour of the soil in the field largely follows the pattern 

postulated by Bjerrum (1967, 1972). Creep deformations occur within 

the process of pore pressure dissipation and afterwards and the compres

sibility is thus time-dependent. Quasi preconsolidation pressures de

velop due to the creep effects and the increase in shear strength fol

lows this increase in quasi preconsolidation pressure rather than the 

applied vertical stress. The concept of relating the creep effects 

to time for sustained load, however, is too coarse, except for very 

long geological time aspects concerning many thousands of years. In 

the normal engineering time aspect, the creep processes are to a large 

extent governed by the permeability and drainage conditions of the 

soil. This condition was mentioned both by Bjerrum (1972) and by Berre 

and Iversen (1972) and also mathematically treated by Garlanger (1972) 

but may not be apparent from the usual presentation of Bjerrum's model. 

The calculations of the soil behaviour with the soil model and the 

multilayer programme described have in all aspects qualitatively pre

dicted actual field behaviour. The calculations have, however, been 

performed at or close to the centre of the loaded areas only and the 

calculation method is applicable to full-scale field cases alone. 

The correlation between the oedometer tests and field behaviour is 

made with consideration to the large differences in the rates of com

pression occuring in the oedometer as compared to the actual field 

cases. It is also based on empirical observations of the pore pressure 

development at full-scale loading in the field. 

The stress-strain relation has been found to be highly time/strain 

rate dependent also in the small-scale oedometer tests with their rela

tively high rate of compression. In fact, the shape of the time settle

ment curves from incremental tests and the results from continuous 

oedometer tests with different rates of strain indicate that the 

stress-strain relation is continuously time-dependent. What is 

classically called "primary consolidation" may thus solely be, or is 

at least partly, the effect of the hydrodynamic delay of a continuously 

timedependent compression process. A continuous time-dependent 
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stress-strain relation normalized against the strain rate has been 

suggested by Leroueil et al (1985). A similar function would be 

obtained if the model described here was extended to rates faster than 

the reference rates. The interpretation of the separate processes 

occurring within the oedometer tests is somewhat speculative and highly 

debated, though. The introduction of the creep processes occurring 

at fast rates of compression may thus at present involve more problems 

and uncertainties than increase in accuracy in the prediction of soil 

performance in situ. The omission of these processes may affect the 

predictions in the very earliest stages of the consolidation process. 

The presented model is thus just a practical way to adapt the results 

from small-scale oedometer tests to field conditions, and is especially 

suited to predicting the long-term behaviour of the soil. 

10.2 Relevance of the oedometer case 

The calculations have been made at or close to the centre of the loaded 

areas. If points further out from the centre are considered, a number 

of aspects would have to be accounted for. The closer the boundary 

for the loaded area is approached, the more the loading condition devi

ates from the oedometer case. The shear stresses increase and the prin

cipal stresses rotate. This affects the development of excess pore 

pressure, which has to be accounted for. For points where the principal 

stress-axes remain unchanged, this can be done using the normally 

determined yield surface. For points where the principal stresses 

rotate, an hypothesis such as that described by Larsson and Sallfors 

(1981) and exemplified by Larsson (1983 and 1984) must be used. There 

is so far no extensive verification from field measurements for such 

hypotheses, though. The deviation from the oedometer case enta i ls 

horizontal deformations, as wel l as a change in compressibility 

(Larsson 1981). The closer to the boundary for the l oaded area the 

point of consideration is located, the greater the effect of horizontal 

water flow becomes. Accurate predictions of the consolidation process 

close to the boundaries of the loaded area would thus require a finite 

element program which could take into account creep as well as 

horizontal water flow and a soil model which accounts for anisotropy 

and the change in soi 1 compress i bi 1 i ty and pore pressure response 

occurring when the shear stresses increase and the principal stresses 

rotate. Such a program should, of course, also account for the initial 
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deformations and for the fact that the uploading phase is normally 

partly drained. 

10.3 Relevance of small-scale oedometer tests 

The calculations for the test fills and embankments have been based 

on a large number of tests and the soil profiles have been divided 

into large numbers of layers with relevant soil parameters. Possible 

errors in test results and the effect of unrepresentative samples have 

in this way been evened out. The quality of the calculations can be 

expected to be related to the extent of the soil investigation and 

routine investigations are usually not as comprehensive as in the pre

sented cases. The problem that small specimens are not always represen

tative for the soil mass is thus usually larger than appears in the 

presented results . 

10.4 Assumptions on drainage conditions 

The calculations are performed with the measured properties and with 

normal assumptions about drainage conditions, except for the stage 

loaded embankment. In the stage loaded case, the original predictions 

gave a much slower rate of deformation than the actual field rate. 

A new assump tion about the drainage conditions was made after the 

results from the first stage had been obtained, and the agreement 

between the predictions and the field performance improved considerably 

for this and the foll owing stages. 

In the same way, the predictions of lon g-term behaviour of actual field 

cases may be improved by a follow-up of field behaviour, includ i ng,, 
pore pressure measurements of the early stages of the con so1 i da t ion 

process, mainly in order to establish the dra i nage conditions. Modifi

cations of the initial assumptions for drainage in the other cases 

have been omitted. Such modifications could not have been made 

beforehand and would thus be misleading as to the ability to correctly 

predict the course of consolidation in advance. Neither have any 

modifications of the measured values or the empirical correlations 

been made. There are so ma ny factors involved in the calculations that 

almost perfect fits to any behaviour ·could afterwards be obtained with 
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the introduction of a number of so called "reasonable assumptions". 

Such calculations are of very limited value, though. 

10.5 Sources of errors 

10.5.1 Sample disturbance 

Discrepancies between predicted and observed settlements are often 

attributed to sample disturbance and errors in the tests. Sample 

disturbance is often a problem in sensitive and brittle soils and 

especially in clays with infusions or layers of silt or coarser 

material. This problem has not been very pronounced in the actual cases 

and the quality of the samples has in most cases been checked and found 

to be good. There are, however, more and probably greater sources of 

error in the calculations. 

10.5.2 Applied load 

The intensity of the applied load is not always certain. In fills the 

density of the material is somewhat uncertain . The degree of saturation 
may vary with time and also periodically. The fill is seasonally 

covered by snow and will with time often be covered by some kind of 

vegetation. Road embankments are subjected to adjustments and 

repavings. For buildings, the estimation of the live load is often 

made from a general pattern and is not exact. The decrease in load 

due to settlements is somewhat uncertain and may vary with the ground 

water level in the upper layer. 

The description of the sequence for load app l ication is also often 

a very coarse approximation and the exact procedure is often complex 

and dependent on factors arising during construction. 

10.5.3 Stress distribution 

The stress distribution with depth is another source of error. 

Different theories for stress distribution give slightly different 

results. Furthermore, the load itself is described as rigid or totally 

without stiffness, neither of which is usually quite true. The varying 

stiffnesses in the different layers should ideally be accounted for, 
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as well as the limited depth to firm bottom. Even a smaller error in 

the stress distribution might involve the difference between exceeding 

the preconsolidation pressure in a highly compressible layer or not. 

Another problem is how to account for the load distribution occurring 

in the lower parts of a stage constructed embankment when new stages 

are applied. 

10.5.4 Ground water conditions 

Calculation of the course of consolidation is also usually made with 

the assumption of a constant ground water regime and permeabilities 

that change only with compression. Long-term measurements of ground 

water levels and pore pressures have shown that fluctuations are a 

rule rather than an exception. These fluctuations have been shown to 

affect not only the crust and draining layers but also penetrate far 

into the clay layers (e.g. Berntsson 1983). Changes of temperature 

in the ground create volume changes and pore pressure changes in the 

affected soil masses. The affected zone is usually limited to a few 

metres in the upper part of the profile. In this part, however, the 

permeability of the soil is also affected and if freezing should occur 

in the upper drainage paths the effect might be very pronounced. 

Seasonal variations in settlement rate were observed at the Ska Edeby 

test field and have also been found in a number of other settlement 

observations in Sweden. 

Moreover, the determination of the pore pressure profile is often very 

coarse. To determine the pore pressure is as important as to determine 

the preconsolidation pressure and this can be done very accurately. 

The pore pressure profile has in many cases been shown to deviate 

strong ly from the hydrostatic water pressure. Sti 11, many settlement 

calcu l ations are carried out with the pore pressures estimated from 

an observation of the free water level in a borehole or the crust and 

with the assumption of hydrostatic water pressures further down in 

the profile. In many cases in Sweden, it has been possible to express 

the preconsolidation profile in the way that "the soil is normally 

consolidated for a ground water level so many metres below the ground 

surface" and this ground water regime has then often been assumed to 

exist without further measurements. This situation must be improved 

and this will hopefully come automatically with the wider use of piezo

cones in soil investigations. 
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10 .5.5 Drainage conditions 

Another large uncertainty is the drainage condition. This may be a 

minor problem in the thick homogenous clay deposits with only a thin 

crust, where also horizontal water flow can be relatively easily ac

counted for. Most soil profiles are more complicated, though. The fis

sured crusts may be thick and root threads and channels may penetrate 

several metres down in the clay . To estimate the drainage conditions 

in this part of the profile and how they will change with compression 

is very difficult. Further down, any amount of infusions or layers 

may occur and to estimate their extension and discharge capacfty may 

be difficult and expensive. Even in the homogenous clay profiles, there 

is usually a transition zone in the bottom part with a gradual increase 

in the frequency and thickness of coarser layers and to estimate a 

level where free drainage should be assumed may not be so easy. 

10.6 Sensitivity of calculations to changes in input data 

Some f ic tive calculations have been performed to obtain an idea of 

the sensitivity of the results to changes in input data. It has then 

been found that the results are very sensitive for the assumptions 

on the drainage conditions. This has been demonstrated here by the 

calcu l ations for the special cases in Drammen, but is valid generally. 

On the other hand, the calcu l ated courses of consolidation are norma lly 

not very sensitive for errors in the creep parameters. In the model 

used, the creep parameters are very important, but the extra sett lement 

due to creep is sti ll only a part of the total settlement. The 

consolidation process is also partly self-regulating in the way that 

creep effects larger than those required to keep the pore pressure 

at a certain level will create a decrease in the effective stresses 

which in turn will slow down the creep process. This is illustrated 

in Fig. 90, where the results of fictive calculations of settlements 

in a thick clay deposit are shown. The coeffic ient of seconda ry 

consolidation has been varied from zero to 1.5, 2. 3 and 3.1%/log cycle 

of time. 

As can be seen from the figure, there is a large difference whether 

creep is assumed or not, but the curves with different assumption s 

about the creep parameters are very close . It is first in the later 

stages of the process , when the excess pore pressure is no longer kept 
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up, that the curves start to deviate and differences in the creep pa ra 

meters start to show. The effect of these differences becomes largest 

cl ose to the drainage boundaries. For most calculations, the accuracy 

of the creep parameters obtained from the empirical relations would 
be quite sufficient. 
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10.7 Agreement between predicted and observed settlements 
according to "experience" 

The settlements including creep effects become larger and faster than 

i f creep is disregarded. How th i s agrees with previous exper i ence from 

observed and calcu l ated settlements is very difficult to evaluate. 

Real long-term observations are scarce and of those exi sting, very 

few include observations of pore pressures, sett l ement distribution 

or horizontal displacements. Much of the Swedish "experience" emanates 

from cases where the soil has simply been assumed to be normally con

solidated. 

Some attempts have been made to summarize old "experience" but it has 

not been possible to draw any conclusions . The conditions in the 

different cases have varied too much, the pore pressure situations 

have been uncertain, calculations of load and stress distribution have 

usually been made in some simplified way and there has been much room 

for subjective interpretations of the investigations and test results. 

Also in other aspects, there has been a wide scope for assumpt i ons. 

Assumptions of high permeabilities in the horizontal direction and 

large shear deforma.tions have, for instance, often been made without 

any supporting measurements . On the other hand, there has hardly been 

any questioning of the validity of Terzaghi's consolidation theory. 

Bjerrum (1973) found that the agreement between old predictions of 

settlements in Norway and the corresponding observations became rela

tively good, provided that the settlements were large enough. This 

was in a region where a typical overconsol idation ratio of about 1. 5 

has been found. In the old predictions, the overconso l idation effects 

had been disregarded and the settlements had been made with assumptions 

of normally consolidated soils. Two calculations of the course of con

solidation in a thick c l ay layer are shown in Fig. 91. One calculat i on 

is made for a normally consolidated profile without creep effects and 

where the applied load causes approximately a doubling of the vertical 

stresses. In the other calculation, the soil exhibits norma l creep 

effects and has an overconsolidation corresponding to half of the extra 

load. All other parameters are identica l . 

As appears from the calculations, it is quite possible to obtain almost 

identica l time - total settlement curves if both overconsolidation 

and creep effects are disregarded or if they are accounted for. This 

type of self-cancelling error was pointed out by Tavenas and Leroueil 
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in 1981. Similar results would be obta i ned in more normally 

conso l idated soils if both load distribution with depth and creep were 

disregarded. Observed agreement between predictions and total 

settlement may thus be seriously questioned unless all aspects of the 

behaviour are measured and accounted for. 

Several field observations of settlements have been made during recent 

years in connection with road constructions in Sweden .. The investi 

gations have been more extensive than older investigations usually 

were and modern test techniques with more objective evaluation have 

http:Ov~coMol.i..da
http:coMol.i..da
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been used. No "final" sett l ements have been measured but the general 

observation is that the settlements that have occurred during the times 

for observation have been f aster and larger than what was predicted 

f r om calculations where creep effects were disregarded. 

10.8 How come that not all clays are overconsolidated due to 
creep effects? 

Another question that arises is why not all soils are overconsolidated 

to some degree. In Sweden, many soft cl ays are referred to as norma l ly 

consolidated. One reason for the apparently normally consolidated state 

i s to be found in the properties of these soils. They are normally 

relatively high plastic with high compressibi l ity and low permeability, 

so that the l arge creep deformations required to create quasi precon

solidation pressures require a long time to develop. The reason is 

also to be sought in stress history. Owing to the ongo in g isostatic 

land heave in this region, there is in many areas a very slow but 

steady increase in effective stress in the soil as the ground water 

leve l is lowered. Because of the changes in ground water conditions 

there is also a slow leaching of salts from the soil and this and other 

chemi cal changes may break down some of the preconso lidaticn eff ect s. 

It should also be considered that there are no tota l ly normally 

consolidated prof i les. The dry crust and a considerable l ayer below 

this are usually overconsolidated. It is also common that the bottom 

parts of the profiles show overconsolidation effects when the lower 

boundary provides drainage. It is thus usually the centre parts of 

the clay profiles with long drai nage paths t hat are "normally" 

consolidated . The t erm "no r mally consol i dated" means t hat the 

preconsolidation pressure corresponds to an effective stress at a 

certa in ground water cond ition. This ground water condition is usual l y 

a gro und water l eve1 at some dept h be1ow the ground s urface and a 

hydrostatic water press ure below t hat level. The ground water 

conditions vary, however, and the pore pressures are seasona ll y much 

higher than in the normally consolidated state. Pore pressures as low 

as at the normally consolidated state may not even have been actua l ly 

measured in all cases. The "normally consolidated soil" may thus for 

most or part of t he t ime be slightl y overconsolidated. An increase 

of the pore pressure to the hydrostatic pressure from a ground water 

1eve1 in the ground surface would, in the cases of Ska Edeby and Li 11 a 

Mellosa, increase the overconsol idat i on ratio to 1. 5 a t the top of 
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the "normally" consolidated part of the profile. This effect would 

gradually decrease downwards. Apart from putting the relevance of the 

overconsolidation ratio in question, the fluctuation in ground water 

level also has the effect of periodically halting the creep process 

and generally slowing it down. 

That there are periodical variations in ground level and a very slow 

long-term settlement also in natural ground in the soft clay areas 

in Sweden was found already in 1918 by Virgin. 

\ 
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