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PREFACE
The landslides in St Jean- Vienney, Canada, 1971,
in Tuve , Sweden, 1977,and in Rissa, Norway, 1978 ,
resulted in an increased activity among researchers
and politicians in these countries to improve the
knowledge of what causes large slides in soft clays.
The running research co- operation between these
countries was intensified as to slide problems, i.a.
within the scientific co- operation of 1980 between
Universit~ Laval, Quebec, and Swedish Geotechnical
Institute (SGI), Linkoping.
To enable an informal exchange of experience within
the slide field SGI arranged a symposium in Linkoping
on March 8-10, 1982. About 25 researchers were invited. Most attenders had contributed with papers,
which were discussed during the meeting. These papers
are presented, without comments, in this report.
The institute expresses its sincere thanks to Bo
Berggren, the organizer of the symposium, and to Jan
Lindgren, the editor of the report .

Linkoping in August, 1983

Torbjorn Stal
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A METHOD OF STABILITY ANALYSIS APP LI CABLE TO NATURAL SLOPES
IN SENSITIVE AND QUICK CLAYS
Gunnar Aas, Norwegian Geotechnical Institute

INTROOUCT ION
Some researchers seem to feel it important to establish categorically
whether one should prefer a total stress or an effective stress stability
analysis for natural slopes in soft clays . However, as long as these terms
have not yet got a precise definition such a discussion has limited value.
In reality, the choice has to be done between an emgirical_method based on
conventional undrained strength and a stress-~ath_method where the shear
resistance of the clay is detennined at certain selected stress conditions
in the laboratory. These should as closely as possible resemble the in-situ
stress conditions in the field.
There is only one excuse for applying a conventional total stress analysis
to a natural slope stability problem. Namely, that long time experience
has stated that, for instance, the vane strength, eventually with certain
corrections, leads to a correct value of the safety factor when applied
to a slope of given geometry and soil conditions .
In all other cases one has to base the sta'bility analysis of natural slopes
on shear strength values determined as a function of in-situ effective
stresses . The samples should ideally be loaded in the same mode and
fo 11 owing the same effective stress path as one would expect failure for
the different soil elements to occur in the field, as originally suggested
by Lambe (1967) in his "stress-path" method. It is, of course, the
questions regarding the mode of failure and the effective stress path
followed i n a s l ope failure which are the major issues.
It is suggested (Aas, 1981) that due to a quite special fai lure mechanism
in quick clay slides it might be appropriate to use measured undrained
strength values from laboratory tests directly in a slope stability analysis in quick clays rather than conventional effective strength and pore
pressure parameters.
This paper outlines such a method of stability analysis appliable to
natural slopes in sensitive or quick cl ays. The validity of the method has
been tested both for a number of previous landslides and for a couple of
safe and stable quick clay slopes.
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FAILURE MECHANISM
To evaluate any slope stability problem one needs knowledge about:
l) The existing stresses in the ground
2) How the shear strength of the soil depends on these existing
stresses
3) How the soil react on a sudden s~all increase in shear stress or
decrease in effective normal stress along a potential sliding surface
As will be shown, the latter point which is not taken into account in
conventional long-time effective stress analysis may be of great importance
in materials prone to structural collapse, like quick clays .

To get an understanding of the failure mechanism in a quick clay let us
start to have a look at the stress history in an idealized erosion-made
slope where sliding along the plane A-B-C could be thought to have recen t ly
taken place (Fig. 1) . This plane is inclined a small angle a to the horizontal.
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Fig. l . Stress conditions in clay element at potential sliding surface
before
I and after I I erosion
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At the time when the top of the clay stratum was brought above sea level
an element on the potential sliding surface was subjected to effective
stresses ov 0 ' and K0 · ov 0 ' in vertical and horizontal directions, and a
very small shear stress Taalong the a-plane. These stress conditions are
illustrated by the effective stress circle I in Fig. l
Some few thousands of years later erosion might have unloaded the clay
stratum locally at the toe and thus caused an increased shear stress along
the a-plane. At the same time the clay might have been subjected to
leaching and become quick.
As we know the effective vertical stress ov 0 ' and the shear stress Ta'
and we may assume the horizontal effective stress nearly unchanged the
new stress conditions in our element can be expressed by a stress circle II
as shown in Fig. l. It is quite clear that the a-plane by no means represents the most critical plane according to conventional effective stress
strength consepts. The maximum ratio between applied shear stress and
effective normal stress corresponding to a mobilized friction angle,
<Pmob' exists for a plane inclined an angle 6 to the horizontal.
Shear_strength
Examples on effective stress paths from an undrained active and a passive
triaxial test on a typical Norwegian quick clay are shown in the upper
diagram in Fig. 2. The samples were reconsolidated to in-situ stresses
assuming K0 = 0,5 and sheared by increasing respectively decreasing the
axial stress. In the active test the maximum shear resistance, sua corresponds to a mobilized friction angle equal to 25,8° . Thereafter, a
dramatic increase in pore pressure leads to a rapid decrease in shear
resistance in spite of the fact that mobilized friction angle is continually increasing towards its ultimate value~· = 31° corresponding to
(o 1 '/o 3 'lmax· This simply means that if a stratum of the quick clay is
subjected to stresses corresponding to <P'mob = 25,8° and there exists no
reserve support in adjoining zones, any small shear stress increment will
cause a rapid failure in the clay.
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Resul ts of undrained triaxial tests and a direct simpl e
shear test on a quick clay from Oslo (Pilestredet)

It has been observed (Bjerrum and Ke nney, 1968) even in drained
triaxial tests where controlled strain prevents a dramatic failure to
occur, that the shear resistance is temporarily constant or gently decreasing with increasing strain just at a stress level corresponding to
a mobilization of the critical value of the friction angle, ~·er·
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The lower diagram im Fig. 2 shows the results from an undrained (constant
volume) direct simple shear tests (DSS-CCV) on the same quick clay.
Except for the last part of the shearing phase the horizontal shear stress
Td does not represent the maximum shear stress in the specimen. Hence,
the curve can tell us little about the fundamental effective stress
strength behaviour of the clay. Unfortunately, as we do not know exactly
the magnitude of the horizontal stress in DSS tests we are not able to
construct a stress-path for the test.
However, it has been observed for a number of Norwegian quick clays
(Aas, 1981) that the maximum horizontal shear stress, sud' does not differ
very much from that critical value, THcr which, if added to the consolidation stresses o'vo and o'ho = 0,5 o'vo' would imply yielding conditions along the most critical plane in the specimen. Such yielding conditions mean that mobilized friction angle along this plane equals ~·er as
determined in active triaxial tests. These stress conditions are illustrated by the stress circle in the diagram. Thus, it is postulated that
if the test had been run under drained conditions until the shear stress
equalled THcr and then continued under constant volume conditions the
result would have been a curve like the dotted line in the diagram in Fig. 2.
This hypothesis is supported by the results of a series of special direct
simple shear tests on a quick clay as shown in Fig. 3. The specimen were
reconsolidated either to in situ stresses or to a vertical stress equal to
2,4 time o'vo · Some of the specimen were sheared under constant volume
conditions, whereas most of the tests started with applying a horizontal
shear stress Tdr under drained conditions and then continued as constant
volume tests. It can be seen that in all cases where Tdr exceeded THcr no
significant additional shear strength could be mobilized during the constant volume phase. On the other hand, in all tests where Tdr was less
than THcr the shear resistance was gradually increased during the constant
volume phase, reaching a maximum value somewhat lower than THcr·
Stress_ changes
Let us then go back
stresses correspond
especially see what
sliding surface for

to the quick clay slope and see how the existing
to the strength of our clay element. And let us
happens if the applied shear stress along the potential
some reason is suddenly increased by a small amount.
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Results of direct simple shear tests on Oslo quick clay.
The reconsolidation stress <5vc equals effective overb~rden
cr'vo or 2,4 · cr'vo· In most at the tests a horizontal shear
stress was applied under drained conditions prior to the
costant volume shearing phase

If ~·mob along the most critical plane is substatia l ly lower than ~·er
our clay element is sufficiently stable. Even if ~·mob is very close
to ~·er the element is still stable. However, i n this case any small
increment in shear stress would imply yielding along the critical a-pl ane- .
Now, it is quite clear that if only one single element or a limited
number of el ements were subjected to yielding stress along their a-planes
the result would be that yieldi ng elements or zones found support in
neighbouring zones and became stress released.
In a case of regular topographical and subsoil conditions, and where the
stresses have been applied to the clay over a very long period of time
one might, however, eas i ly imagine a situation where al l elements along
the potential sliding surface being in exactly the same state of stress.
If this was true, a quick clay layer along the potential sliding surface
would be able to deform uniformly in exactly the same manner as the specimen in a direct simple shear test. In such a situation a combination of
existing stresses corresponding to ~mob:::: ~· er along any arbitrary planes
and a sudden shear stress increment could cause a dramatic failure
simu l taneously alongthe entire sliding surface .
The only requirements for such a complete failure to take place is that
the rise in pore pressure due to the first yielding along the a-planes
is sufficient to provide for yielding conditions al ong another set of
planes inclined a-6S 1 , that yielding along these new planes causes a
further increase in pore pressure making the neighbouring planes S-6a -6a
1 2
to fail and so on until failure occurs along the a-planes which represent
the first kinematically possible sliding surface.
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Stress conditions in clay elements along potential sliding
surface at first yielding (S-planes) III and at yielding
along the a-plane IV

In Fig. 4 the stress circles Ill and IV represent the start and end
of this process of t~asfering of a yieldi'ng state from the 13-pl anes to
the a-planes through a rapid pore pressure development and a subsequent
rotation of principal stresses. Note that Tawhich is an applied shear
stress entirely determined by the geometry of the slope cannot undergo
any change during the failure process. Its critical values i s easily
deri ved from Fi g. 4:

'l~cr

= <S~o [(

I-:) 5 it'J 2~ +-

( ~');:nt q);r

- ('t' )2 ·lo~ 2o<.]

....... 1)

or expressed in terms of the corresponding critical stress along a
horizontal plane, ' Her=
, acr -- , Her . c os ·2 a+ a , vo (1-K'
--z--)sin 2a

••• • ..... 2)

Here K' denotes the ratio between horizontal and vertical effective stress
just prior to start of yielding. As long as maximum <P'mob in the clay
layer has not exceeded <P'cr during the formation of the slope there has
occurred no yielding and therefore no changes in effective horizontal
stresses. Hence, the value of K' in eqn. 1 and 2 should be assumed equal
to K' 0 ~ 0,5.
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The expressions for 'acr given above, are valid for positive values of
a limited by a maximum value: amax = 45 + ~·cr/2 - v {degrees), where
v denotes the angle between the horizontal plane and the prior-principal
plane (tg 2v
"Her

~

(1-K')

The rise in pore pressure (6uf) which is necessary to fulfill the failure
criteria along the a-plane may be derived from the following expression:
cracr

= cr'vf

· tan~·

= {cr'vo

- 6uf) · tan~·

Typical values for Norwegian quick clays seem to be:

The main consequence of the failure mechanism outlined above is the
enormous difference which exi~t for a gently inclined slope in quick clay
between the critical value of shear stress 'acr which in practice implies
a factor of safety equal to unity and the conventional long term strength
cr'aN · tan ~· based on the assumption of idealized drained failure conditions.

METHOD OF STABILITY ANALYSIS
Fig. 5 shows examples of two quick clay slopes where the question has been
raised about the risk for a house sitting on the slope being involved in a
quick clay slide. ln both cases the house is situated on a fairly horizontal terrain within a distance of about 100 m from a locally steeper
slope. The potential sliding surface shown must in both cases pass through
strata of quick clay as well as low sensitive clay.

A

' ~
Fig. 5.

Examples on quick clay landslides. Shaded areas represent
quick clay
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In evaluating the shear resistance to be applied in a stability analysis
the two types of clay have to be treated in a quite different way:
Along the part B-C of the sliding surface passing through the quick clay
one should assume a shear strength equal to the critical shear stress
outlined above. Approximate values may be calculated from eqn. l) on the
basis of ~·er measured in active triaxial tests or from eqn. 2) on the
basis ofrHcr (or sud) from direct simple shear tests. Eventually, a
correction for rate effect should be applied as discussed below.
Along those parts of the sliding surface which pass through other materials
than sensitive or quick clay one should assume a shear strength corresponding to fully mobilized effective stress strength parameters and
recorded or estimated maximum in-situ pore pressures.
Now, if the stability analysis turns out to give a factor of safety equal
to unity this means that any sudden increase in shear stress or decrease
in effective stress exceeding what the slope has previously experienced
would be critical. The result would be yielding in the quick clay, and
because the zones of non-sensitive clay has also mobilized their ultimate
resistance and is unable to offer any additional support to the quick clay,
the yielding would lead to a structure collapse and complete failure.

It is of interest to notice that since a critical stability condition implies that the shear strength has to be fully mobilized along the part
A-B of the potential sliding surface, the factor of safety regarding a
local slide A-B-B' would also usually be close to unity. It's therefore not
surprising that quick clay slides often seem to start with a smaller initial
slide.
If the stability analysis gives a safety factor sufficiently in excess
of 1.0 both with respect to a large slide and an initial slide the slope
should be regarded as safe.
In cases where calculated safety factor is close to unity for a local
slide but apparently satisfactory with respect to a large slide, one has to
try to evaluate the effect of an eventual smaller slide on the remaining
part of the slope (e.g. the possibility for a retrogressive type of
sliding as observed in some or phases of some quick clay slides).
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In the examples i n Fig. 5 the active and passive zones of the sl i ding
bodies are supposed to consrst of non sensitive clay. If the entire slope
consists of quick clay a shear strength correspond i ng to sua from active,
undrained triaxial tests (Fig. 2) should be applied i n the active zone
and sup from passive tests in the passive zone.

APPLICATION OF METHOD
Stability calculations were carried out for 5 Norwegian quick clay slides,
all of which have been submitted to a comprehensive investigatioa i ncluding a determination of the position of the sliding surface. Moreover,
in all these cases there exist no doubt that the whole slide or a major
part of it v1ent out very rapidly and apparent ly monilithically. The slides
were all flake-formed, and a major part of the sliding surface was plane
and s l oped very gently.
The investigations at four of the sites included direct simple shear tests
on quick c lay similar to the soil in the sl i ding zone reconsolidated to a
vertical stress equal to the effective overburden. At one site (Furre)
large scale in-situ shear box tests were run (Hutchinson and Rolfsen, 1962 ).
In these latter tests which were run verY, slowly and thus under drained
conditi ons, the shear resistance was measured along a pl ane just below
and paral l el t o the actual s l iding surface.
The_Furre_slide {Fig. 6)
The slide at Furre, Namdalen, 14.April 1959 embraced an area of 180.000 m2
(2,5 - 3 mil l. m3) of which 30-50% slid out l ike a monol i thic flake along
an only O,l m thick quick clay layer embedded i n silt (Hutchinson, 1961) .
Some few weeks before the slide, strong erosion i n the river caused a
ce rtain stress increase in the quick cl ay, and the slide possib ly started
with a l ocal initial instability near the river. According to eye-witnesses
t he whole sliding process took about half a minute.
The stability ana lysis was based on an assumption of fu l ly mobi l ized
friction angle in the si l t and sand masses within the passive and active
zones . Along the plane sliding.surface in quick clay the shear strength
was assumed equal to 0,16 times the vertical consolidation pressure in
accordance with the results from the above-mentioned shear box tests.
Below the steeper s l ope in the front of the slide, o 'vo was ca l culated on
bas i s of an assumed previous sea bottom level as indicated in Fig. 6.
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For a sliding surface extending back to the actual boundary of the slide
the calculated factor of safety is 1,11. For a smaller length of the
sliding body the factor of safety becomes somewhat smaller. In evaluating
the lowest calculated F.S. = 0,81 shown for the local failure surface
near the river it should be remembered, however, that this values to a
considerable extent depends en other assumptions than those concerning
the strength properties of the quick clay.
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The Furre slide. Site plan and profile through the main slide

The_BAstad_slide (Fig. 7)
2
The slide at BAstad 5.December 1974 destroyed an area of 80 000 m
{l mill. m3 ) in the course of a minute or less {Gregersen and L0ken, 1979).
The slide most probably was initiated by earth works for agricultural
purposes which may have caused overstressing of the quick clay near the
toe of the slope .
In this case the soil within the active and passive zones consisted mainly
of quick clay. Thus failure was here assumed to take place at a stress
level corresponding to a mobilization of the undrained shear strength
measured in active and passive triaxial tests respectively. Typical values
for the BAstad quick clay is sua/cr'vo = 0,33 and sup/cr'vo = 0,08.
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Along the plane sliding surface, which wa~ partly horizontal and partly
inclined a few degrees, one applied a shear strength equal to 0,16 times
effective overburden o'vo as measured in direct simple shear tests.
Along the horizontal slip surface and in the passive zone the shear
strength was based on o ' v0 -values corresponding to an assumed previous
sea bottom level.

From direct simple
shear tests:
Su3/" cr~0 ;: 0.16

Fig. 7.

1

The BAstad slide. Site plan and .profile through the slide

As seen from Fig . 7 the ea lcul ated factor of safety for the actual slide
is 1,05. Again we can see that the calculated factor of safety against a
local slide including only the eroded slope is somewhat smaller, 0,95.
If using a 'racr as calculated from eqn. 2 along the inclined part of the
sliding surface calculated safety factor for the actual slide would be
about 1,3.
The_s 1i de_at_ Sem.,_Hedda l (Fig. 8)
The sl ide at Sem 17.April 1974 was initiated by placing a minor earth fill
and caused a 10 m lateral displacement of a flat area of 6 000 m2
(50.000 m3) in the course of 2-3 min.
In this case the stab i lity analysis was based on undrained shear strength
of the quick clay in the passive zone (sup/o'vo = 0,10) and along the
nearly horizontal sliding surface (sud/ovo = 0,21), whereas a friction
angle equal to 30 degrees was assumed for the clay, fine sand and clay
fill in the active zone. Calculated factor of safety is 1,08. Using 'r«cr
instead of sud along the plane sliding sufrace gives a F.S. of about 1,2.
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From direct simple
shear tests:
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The slide at Sem. Site plan and profile through the slide

The safety factor was apparently somewhat lower in the upper part of the
sliding area where a volume of clay fill had been placed some fe1·1 years
in advance and where some mi nor earth fi 11 work was actually going on and
probably triggered the slide .
The_slide_at_Bekkelaget~_Oslo {Fig. 9)
The slide at Bekkelaget ?.October 1953 embraced an area of 16.000 m2
(100.000 m3} which in less than half a minute moved 15-20 m (Eide and
Bjerrum, 1954) . Also in this case some filling operations had been going
on just before the slide took place, and may well have been responsible
for local yielding, leading to some stress increase over the entire slide
area.
In the stabi li ty analysis the shear strength of the quick clay was assumed
on the basis of laboratory tests equal to 0,07 · o ' vo in the passive zone,
0,22 o'vo along the plane sl iding surface and equal to 0,33 · o'vo in the
active zone. As shown in Fig. 9 safety factors of 1,32 and 1,12 was calculated under the assumption of a length of the sliding body equal to the
maximum, respectively the average, actual extention of the slide area in
the direction of sliding . A calculated safety factor of 0,87 indicates,
however, lower local stability of the embankments for a road and a railway
situated along the north-eastern boundary of the slide.
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The slide at Bekkelaget. Site plan and profile through the
s 1i de

The_Rissa_slide (Fig. 10)
The sl i de at Rissa 29.April 1978 embraced an area of 330.000 m2 (5-6 mil l .
3
m ) . The slide started with a series of successive minor slides covering
6-8% of the total area. About 40 min. after the initial slide took place ,
the first one of a series of large flake-type slides occurred, and the
whole sliding process was completed about 5 min. l ater.
The profile shown in Fig. 10 is representative for the first flake-slide,
the extent. of whi eh is quite we11 documented by eye-witnesses (Gregersen,
1981). This area was almost unaffected by the preceding minor slides, and
the stab il ity calculations were carried out as for an independent flaketype s l ide. App lyi ng undrai ned shear strength valuesfrom triaxiial and
direct simp le shear tests equal to 0,1 cr ' vo in the passive zone, 0,3 cr'vo
in the active zone, and 0,2 cr 'vo along the gent ly inclined plane s l iding
surface one gets a factor of safety equal to 1,10. Due to the regu l ar
topography a safety factor of about the same magnitude is ob t ained if
extending the potential slide area into the lake Botnen, and still
supposing the entire sliding surface to pass through quick clay.
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Exchanging sud with Tacr from eqn. 2 along the plane sliding surface
gives a safety factor a little in excess of 1,2.
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The Rissa slide. Site plan and profile through the first
flake-type slide

Stable_slo~e~_R0esgrenda~_Verdal
Due to a case of catastrophich local erosion in September 1893 the river
HelgAa took a new course passing around the water-fal 1 Ha!rfossen. This
caused severe erosion upstreams. Over a short time the river had eroded
about 30 m down into the clay sediments within a distance of 5 km from
the water-fall. This event started a process of side-ways erosion and
earth-sliding which is still going on.
At several sites quick clay became exposed by erosion in the river banks
and slides occurred. However, in some cases such failures did not result
in a retrogressive slide process, in spite of the fact that the quick clay
deposit extends several hundred meters away from the river bank and the
back scarp of the slide.
Fig. 11 shows an example on such a slide which took place in 1929. Recent
investigations which have confinned that quick clay exists below and behind the slide scarp, have included triaxial and direct simple shear tests
on undisturbed quick clay samples.
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Fig. 11.

Profile through the river bank, R0es grenda
,

The soil conditions at this site consist of 8 m sand overlying; mighty
clay deposit. In a depth interval] between 11 and 18 m the clay is quick.
The depth of the ground water table is approximately 8 m.
Stability calculations based on a shear strength of the quick clay equal
to 0,21 · a'vo as determined from direct simple shear tests, and~· =
30 degrees in the sand layer, gave a safety factor of 1,0 for a slide of
approximately the same size as the actual slide in 1929. Calculated safety
factor increases as the assumed length of a potential slide is increased
and is about 2,0 for a flake-type slide extending about 100 m from the
river bank. The main factors governing the satisfactory stability conditions in this case are high effective-stresses in the quick clay and the
nearly horizontal position of this layer.
The example shows that a local failure in quick clay will not automatically
initiate a retrogressive slide. This is valid even if the undrained shear
strength of the clay is far below a value corresponding to half the total
overburden which is by some researchers postulated as a critical value in
this connection.
Stable_sloge_Veienmarka 1 _H0nefoss
Fig. 12 shows a profile through a proposed housing area, wbere soil investigations had shown an ~xtensive deposit of quick clay and where NGI was
asked to analyse the stability conditions. The soil conditions consist of
a top sand layer of thickness 0 - 22 m, followed by 10 - 20 m of lowsensitive clay and 8 - 17 m of quick clay. The total difference in height
between the bottom of an excavation made for a railway line about 70 years
ago, and the top of the slope 250 m away is about 40 m.
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Profile through a housing area at Veienmarka

Pore pressure measurements showed a very marked underpressure in·the
quick clay compared to a hydrostatic pressure related to a ground water
table near the bottom of the sand layer. This means that the ratio between
effective and total overburden pressures by far exceeds usual values for
quick clay slopes, which, of course, is favourable from a stability point
of view.
Stability calculations based on sup= 0,1 o'vo from triaxial tests in the
passive zone below the railway line, sud = 0,18 o'vo from direct simple
shear tests along the plane sliding surface and assumed values of~· =
30 and 35 degrees for clay and sand masses, respectively~ in the active
zone, gave a factor of safety of about 1;5 for a potential large flaketype slide. A factor of safety equal to 1,4 indicated slightly worser
stability conditions locally for the steeper, excavated slope.
Thanks to high vertical effective
of the quick clay layer caused by
survived the processes of natural
today be declared as sufficiently

stresses, due to a successive drainage
deeper perivous strata the slope has
erosion and manmade excavation and can
stable.

DISCUSSION AND CONCLUSIONS
A recalculation of 5 flake-type slides in quick clay has shown that the
shear stress acting along a gently sloping sliding surface just prior to
failure is extremely low in relation to the effective overburden, corresponding to an apparent angle of internal friction of only about 10 degrees
mobilized along the sliding surface.
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This critical shear stress is defined so that it together with the remaining stresses implies a ~·mob equal to the yielding value ~·er {observed in active triaxial tests) along the most critical plane. This
critical plane is not coinciding with the failure plane. If every clay
element along a potential sliding surface were subjected to such a
critical shear stress, any sudden small stress increase would cause
simultaneous yielding accompanied by a dramatic rise i n pore pressures.
As a result of decreasing effective normal stress the friction angle would
be fully mobi l ized and failure would take pl ace along the sliding surface.
The criti cal value of shear stress backcalculated from the lands~ides seems
to be approximately equal to the undrained shear strength, sud' determined
for a horizontal failure plane by direct simple shear tests. Theoretically
and experimentally, the critical shear stress along an inclined plane
should be somewhat higher than sud· This might be compensated for, however,
by various factors like, for instance, rate effects, tendency of progressive
failure and unexplored excess pore pressures within the slide areas.
In four of the cases the lowest safety factor was calculated for a sliding
surface including only a part of the total slide . This might indicate that
yielding and strength softening started locally causing a shear stress increase which was sufficient to provide for a critical stress i n the quick
clay within the rest of the slide area. However, such a progressive failure
does not seem to have taken place in the first flake slide at Ri ssa .
In any case due consideration should be taken to the uncertainties mentioned
above and especially rate effects should not be neglected in this case of
long-term stability analysis. It would therefore be wise to app ly a reduction of about 20%on the values of 'acr computed from eqn. 1 or 2, or
alte rnati vely, as done in the stability analysis of the quick clay slides
reported in this paper, to apply s ud from the shear tests directly for
sliding surfaces which are inclined an angle less than 5-6 degrees with
the horizontal.
A conman feature with the two stable quick clay slopes included in this
investigation is low pore pressures and corresponding high effective
stresses in the quick clay . It should be emphasized that the calculated
safety-factor against a flake-type slide, in general, is very much dependant
on the ratio between the effective and total normal stresses on the
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sliding surface. Hence, it is necessary to know the magnitude of the
in-situ pore pressures. As occurrence of quick clay not seldom is connected
with rather significant pore pressure gradients, it is strongly recommended
to base stability analysis of this kind on relatively comprehensive pore
pressure measurements.
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SRESSES AND DISPLACEMENTS IN NATURAL SLOPES
Per-Evert Bengtsson, Swedish Geotechnical Institute
Driss Lekorchi,

Swedish Geotechnical Institute

INTRODUCTION
The mechanism of a slope failure has taken the attention
of many soil engineers for many years. Almost every slope
failure has introduced new aspects to the understanding
of the mechanism of slope failure. In Sweden every
important slope failure has given a new input to the
discussion on slope stability problems. After the land
slide at Tuve, Gothenburg, SGI started a project called
"Stresses and displacements in natural slopes". The aim
of the project is to get more information on the stress
strain state in a slope that has not failed. The in
formation given from the project would then better
explain the slope failure mechanism.
Project history
The project started in 1980 and was divided into two
parts. In the first part the aim was to find out a
system for measuring the horizontal stress in normal
consolidated clay. This study contained an evaluation
of th e existing methods of measuring horizontal stress.
The Glotzl-zell-method (Massarsch, 197 5 ) was chosen as
the method of measuring the horizontal stress. The
project was run together with the Department of geo
technical engineering, Chalmers University of Technology
(CTH), Gothenburg.
The actual measurements were aimed to be made in two
slopes. The two slopes are situated in areas with earlier
slope failures and with low calculated safety factor.
The two slopes are also

part of the CTH and SGI re

search program on slope-stability.
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So far the measurement of the horizontal stresses
has only been made in one of the slopes and not so
extensive as planned.
The first part of the project contained also a study
of the influence on the preconsolidation pressure of
the stress field in situ. Samples were taken with the
NGI sampler (95 mm) at one site and with the Canadian
sampler (200 mm) in the other site. Oedometer tests
were performed on samples with different inclinations
to the vertical axis . Larsson (1981) has presented the
results of this investigation. The inevstigations showed
that the stress-field in situ has influenced the preconsolidation pressure .
Continuation of the project
In part I of the project the aim was to find out a method
of measuring horizontal stress in soft highplastic clay.
The actual measurement should then be made in two well
documented slopes. In part II the chosen method of
measuring horizontal stress should be used in some slopes.
Parallel with this measurements a laboratory study on
the influence of the stress field in a slope on the
behaviour of the soil should be made.
Below a proposal to the continuation of the project is
given:
A.• continuation of the measurement of horizontal stress
in the slope in part I.
• check of the repetition capability of the measurement method
• extended measurement program
• distribution of horizontal stress parallel to and
perpendicular to the slope
e development of a new type of stress zell? (CTH has
started)
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s possibility to measure stresses in different
directions
• pore water pressure in measuring points and
global.
• measurement of horizontal stresses and pore water
pressure in other well documented slopes.
B.

~

continuation of the laboratory study to investigate
the influence of the stress field in a slope on
the strength properties.
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CLASSIFICATION OF SLOPE STABILITY
Bo Berggren, Swedish Geotechnical Institute

1.

Introduction

There exists a lot of equations and diagrams to solve
slope stability problems. One expression may contain a
more detailed model of the real slope than another.
Knowledge of soil parameters may be extrapolated from
a fe\1 single points to an entire slope area. The soil
may not be homogeneous. The experience may differ from
one engineer

to another.

All this means that the safety margin to equality (F=1 .0)
must be related to the reliability of all the engineering
judgements.
In preliminary slope stability classification the knowledge of soil parameters and the configuration of the ground
surface and especially the firm bottom is very poor.
Steep slopes of firm bottom can not be revealed. The
safety margin to equality for a completely safe slope
must in this case be large.
In order to study the influence of the experience of the
engineer and the calculation method 20 slopes were chosen
to be calculated by 15 engineers at SGI. The calculation
methods were Janbu's diagram method and a diagram method
developed at SGI. It must be kept in mind that the study
was done to obtain experience for preliminary slope
stability classification.
2.

Calculation methods

2.1 SGI diagram method
Many diagram methods have been developed all over the
world. This method is not at all unique. The slope studied
and the forces involved are presented in Fig. 1.

Bo Berggren
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The slope and the forces in the SGI diagram
method.
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Some simplif i cations have been made
• the shear strength is con stant

e t he fai l ure surface is parallel to the
ground surface
e active and passive Rankine pressures occur

If the slope is partly under water the safety factor
can be cal culated from the expression

F =

where

F

0

Yw
y

. Hw
1 _ Yw
y
H

=

safety factor without water
density of water

= density

of soil

Hw

water height

H

slope height

The position of the potential failure surface is not
automatically obtained but must be gained from experience
and testing by the engineer.
2.2

Janbu's diagram method

Any description is unnecessary because the method is
widely used and accepted. The diagrams used in this study
are presented in Fig. 2.

3.

The tested slopes

Twenty slopes were persented to the engineers. The material
i s of such a quan t ity that it is not possible to present
here. One s l op was presente d by three slope sec t ions. Of
20 slopes 1 1 slopes had failed. The soil shear strength
was presented in the drawings. In order to be able to
use the material in the future all informations cannot
be revealed here.
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4.

Results

4.1

Safety factor from the SGI diagram

The slopes were calculated by 6 engineers using the SGI
diagram method. The method is very quick to use and in a
mean one slope was analyzed in 0.5 hour. The result of
the safety factor calculation is listed in Table 1 together with mean values

F,

standard deviations sand

coefficients of variation V. When the coefficient of
variation is larger than 0.3 it is said that the calculation method is poor. Here V >0.3 for 40% of the
slopes which is a very poor result. The calculation
results of the three engineers No. 3, 4 and 5 are listed
in Table 2. Also here V>0.3 for 40% of the slopes.
The engineers were also told to classify the slopes in
four classes where a class numer 1 slope was "completely
safe" and a class number 4 slope was "very dangerous".
The result from this test is listed in Table 3 where
it can be seen that slides had taken place in slopes
where the calculated safety factor was 2.9 and the mean
class number was about 2 (slope No. C, D and E) and that
no slide had taken place where the class number was 3.8
(slope No. T).
4.2

Safety factor from Janbu's diagram

Here only three engineers had calculated the safety factor.
The result is shown in Table 4. This result can be compared to the result in Table 2. The results are equal.

5.

Conclusions

Twenty slopes have been calculated by engineers having
no other information than a section of the slope, undrained shear strength and in some cases other soil
properties. The safety factor was in one case calculated
to 2.8 by engineers for a slope that had gone to failure.
In other cases the safety factor was calculated to below 1.0 for slopes that had

not failed.
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The study shows very clearly that the SGI diagram
method and Janbu ' s diagram can not be used to classify
s l ope stab ility in p reliminary slope classification.
The d i fferent experience of the engineers plays a too
big role.
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Sloe
A

F

F

1. 5 - ?..5

2

V=F

s

2 . 17

0.22

0 . 10

2. 5

Eng i nee r No
3

2.3

1.9

4

5

2 .0

2. 26

B

1 . 19- 3 . 3

2 . 05

0 . 90

0 . 44

3.3

1. 19

1. 3

1. 56

C

1. 3 - 2.8

2 . 16

0 . 64

0.30

2.8

2.8

1. 3

2 .0

- 3

6
2.05
1. 95
1.9

D

0 . 76- 2 . 9

1. 71

0. 72

0 . 42

2. 9

1. 7

1. 2

0.76

1.8

E

0 . 9 1-1. 89

1. 2 1

0.40

0.33

0 . 92

1.89

1. 2

0 . 91

1. 15

F

1. 1 -1. 77

1. 33

0 . 27

0 . 21

1. 43

1. 77

1. 2

1. 10

1.16

G

0 . 9 - 1 . 54

1. 23

0.27

0 . 22

1. 54

1. 33

0.9

1. 00

1. 40

1.33

2.06

0.9

1. 19

1. 29

(0 . 16)

1. 1

1. 25

1.07

1.9

1. 3

1.08

2 .0

2.5

H

0.9 - 2 . 06

1. 35

0 . 38

0.28

I

1.07- 1.9

1.29

0 . 35

0 .2 7

1.14

0 . 42

0.8

1.3

J

0.8 - 2 . 5

1. 50

0 . 63

K

0 . 94 - 1 . 68

1. 33

0 . 32

0.24

1.1 1

1. 64

1. 3

0 . 94

1. 68

0 . 99

0 . 29

0.29

0.9 1

1.04

0.8

0 . 82

1. 55

L

0 . 8 -1 . 55

1. 9

1. 3

0 .8

M

1.07-1.9

1. 13

0 . 14

0 . 12

(0 . 25)

1. 13

0.9

1.25

1.18

1. 2

N

0 . 69-1. 0

0.81

0 . 12

0 . 15

0 . 74

0.72

0.8

0.9

0.7

1.0

0

0 . 5 -1. 19

0 . 90

0.23

0.26

0 . 95

0.82

0.5

0 . 93

1. 19

1.0

p

0 . 57-1. 18

0 . 70

0 . 24

0 . 34

0 . 66

1. 18

0.6

0. 57

0 . 58

0 .6

Q

0.52- 1 .3 1

1.02

0 . 31

0 . 31

0 . 96

1.3 1

(0 . 3)

0 . 52

1. 23

1.1

R

0 . 5 - 1. 3

o. 75

0.28

0.37

0 . 63

0 . 62

0.5

o. 74

1.3

0 .7

s

0 . 6 1-1. 4

0 . 97

0 . 33

0 . 34

0 . 95

0 . 61

0.9

1. 40

T

0 . 8 - 1. 24

0 . 99

0 . 18

0 . 18

0 . 92

0 . 83

0.8

0 . 97

V(V )

0 .3 5 1

IV=

Table 1 .

0 . 28

s (V)

0 . 10

Resu lt of ca l culation with SGI diagram , a ll 6 e n gineers .

1. 24
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F

Sloee
A

s
V=F

s

2.05

0.19

0.09
0.47

1 . 95

0.92

C

1 . 65

0.49

0.30

D

1. 25

0.52

0.42

B

E

1. 09

0. 16

0.14

F

1 . 15

0.05

0.04

G

1 • 10

0.26

0.24

H

1 • 13

0.20

0. 1 8

I

1. 14

0. 10

0.08

J

1. 46

0.48

0.33

K

1. 31

0.37

0.28

L

1.06

0.43

0.40

M

1 . 11

0. 1 9

0.17

N

0.73

0.06

0.08

0

0.87

0.35

0.40

p

0.58

0.02

0.03

Q

0 . 88

0.50

0.57

R

0.85

0.41

0.48

s

1. 15

0.35

0. 31

T

1.00

0.22

0.22

Iv

0.26

Table 2.

s (V)

0.16

V(V) = 0.61

Result of calculation with SGI diagram,
engineers No 3, 4 and 5.
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Slope

Class No
Mean

Slide

Engineer No
2

3

4

5

A

1.0

1

B

1•2

2

1

3

2

2

2

1

2

3

4

C

1.8

X

1

D

2.0

X

3

E

2.2

X

2

F

2.2

2

2
3

G

2.4

3

1

2

H

2.6

2

3

3

2

3

2

4

2

3

I

2.8

X

2

2

4

2

4

J

2.8

X

3

2

4

4

1

K

2.8

4

1

3

3

3

L

3.2

4

3

3

4

2

M

3.2

3

3

3

4

3

N

3.6

X

4

3

4

3

4

0
p

3.6

X

3

3

4

4

4

3.6

X

4

4

2

4

4

Q

3.8

X

4

4

3

4

4

R

3.8

X

4

3

4

4

4

s

3.8

X

3

4

4

4

4

T

3.8

3

4

4

4

4

Table 3.

Appointed slope class-numbers by engineers
1- 5.
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Slope
A

F

s

2 . 02

0.14

s
V=F

Engineer No
4
5

3

0.07

2.0

2 . 16

1. 89

B

1. 9

0.71

0.37

2.4

1. 4

C

2.53

0.61

0.24

2. 1

2.96

D

1. 25

0 . 19

0. 16

1. 4

1. 03

1 • 32

E

1. 34

0. 31

0.23

1.7

1 . 11

1 • 22

F

1. 10

0.03

0.02

1. 1

1. 07

1 • 12

G

1. 48

0.35

0.23

1. 8

1. 11

1. 53

H

1 . 11

0.03

0.03

1. 1

1 . 14

1 . 08

I

0 . 93

0. 15

0.16

1. 1

0.83

0.86

J

1 . 12

0.50

0.45

0.76

1. 4 7

K

1. 71

0 . 86

0.50

2. 6

0 . 88

1 . 64

1. 2

0 . 74

1.18

0.56

1. 28

L

1.04

0.26

0 . 25

M

0.92

0.51

0.55

N

0.95

0.30

0.32

0.8

0.75

1. 3

0

0.92

0. 11

0.12

0. 8

0.97

1. 00

p

0.55

0.04

0.08

0.6

0.52

0.54

Q

0.89

0.48

0 . 54

0. 5

0.73

1. 43
1 • 62

R

1 . 19

0 . 39

0.33

1. 1

0.85

s

0.93

0 . 11

0. 11

1.0

0.85

T

1. 02

0.09

0.08

1.0

0 . 94

V

Table 4.

0 . 24

s (V)

0.17

1. 11

V(V) = 0 . 71

Result of calculation with Janbu ' s diagram.
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THE SAFETY FACTOR AND FAILURE PROBABILITY
Bo Berggren
Bo Car l sson
Swedish Geotechnical Institute

Introduction
There is a continuous discussion going on in geotechnics on the validity of different calculating methods.
The reason for this is mainly the heterogeneous structural material - the soil - and the various loading
conditions in nature, for instance the varyina ground
water. The variations are normally taken into consideration by the geotechnicians in a reasonable manner to
?ay logical regard to most of the affectino factors.
During the last 5-10 years researchers have realised
the advantages in a systematic analysis of the different
variables, e.g. the shear strength and load, by using a
statistical approach. Among the researchers Harr (1977),
Helenelund (19 77 ), Meyerhof (1970) and Olsson

&

Stille

(1979) can be mentioned.
In Sweden a new building code is expected 1985 and the
code will be related to partial safety factors . In order
to be able to choose right values of the partia l safety
factors , thorough knowledge of the variat i on of shear
strength , loads and other variables is needed.
This article illustrates some advantages of statistical ana l ysis compared to conventional analys i s methods.
I n order to get a clear view simplifications have been
made.
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The safety factor
In stability analysis the safety factor is commonly
used. The safety factor is defined as reactin~ forces
(or moments) to acting forces (or moments). A simple
example is shown in figure 1.
The safety factor is an instrument used in the decision
procedure. Different safety factors are used in different
areas. For instance it is common to use F = 1 .3 -1.5 at
temporary excavations. Surface footings and piles are
normally constructed with the safety factor F

=

3,

which is remarkable considering that the consequences
of failure are totally different in the two cases
(surface footings and piles).
Geotechnicians choose the required safety factor regardi ng tradition, existing investigations, earlier
experiences and expected consequences of failure. The
choice is consequently based on experiences and if
geotechnicians are asked of the required safety factor
in a certain case different answers will be chosen.

-failure ,urfau

W5

-=
5cltet~ fader
;J~ert

Fig. 1

:;.,-

1/'

T ,{_, I('

F~ Wga

1:: = shear

st-,c":1+'1

\/\J5 • ..soil

+ Sv.rload

Ieng+~ {
rcad-;.,q rnow1c"-/ )
acl-i"':J 01o"lc"t

Calculation of the safety factor.
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Statistical methods
Among the uncertain factors that the geotechnician
has to consider in analysing a problem are to be
noticed:
®

how the shear strenath varies in the soil

o

the shear strength dependence on the investigation
method

o how conclusions can be drawn from limited investigations
~

the loading situation

o the validity of the calculation method, i.e. how
the model describes the reality.

How much the uncertainty can be reduced varies from
case to case. For instance it can be economic to
increase the number of shear strength tests (decrease
the uncertainty of the shear strength) in order to
compensate for the validity of the calculation model.
By analysing a problem in a statistical way the factors
can be quantified to a great extent.
of uncertaint~,
The probability (the risk) of failure is calculated in
the statistical method, which considers the variations
of strength and loads in a more systematic way than
the conventional calculation of the safety factor
not alone fulfil this require~ent .
The statistical method can look as follows:
1. Formulate the problem to be solved.

For instance: the risk of failure is high for a road
near a river.
2. Decide different alternatives solving the problem,

e.g.
a) remove the way to a safe location
b) remove the heavy traffic to another way
c) exchange heavy masses to lighter ones
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d) make excavations
e) protect against erosion
f) raise the water label
g) stabilize the soil (e.g. lime columns, embankment
piling, vertical draining)
h) culvert the river
3. Calculate the costs to carry out each of the alternatives
a) building a new road, longer distance
b) longer distance of heavy traffic
c) exchange of masses
d) excavation
e) erosion cover
f) dam the water label to a higher leve~
g) stabilization, at vertical drainage costs for
management and service
h) culverting
4. List other possible consequences for carrying out
each of the alternatives
a) the risk a"f human lost disappears but remains
in the other alternatives
b) the risk of human lost decreases
c), e), g) levels are maintained
d) levels are changed
f)

levels are maintained, the risk of erosion is
eliminated

g) levels and milieu are changed
5. Calculate the costs in case of damage and restoring
after a thought fulfilling of e~ch alternative.
a) a removal of traffic which charges all other
alternatives
b) reduced removal of traffic
c-g) removal of traffic
In all the alternatives removal of slide masses
and restoring has to be carried out.
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6. Calculate the probability of slide after thought
fulfilling of every alternative. At alternative g)
the risk of failure is high during the performance
and is possible to treat separately.
7. Estimate costs/consequences for each

alternative.

Here a weighing of costs and consequences is made
in one or more units (money, human life, value of
milieau)
8. Form a value of each alternative and choose the
best of the alternatives.
Often the "probable loss" is used as the value in
point 8. The probable loss is the product of the
probability of a consequence and its value. The choice
of the best alternative is then made to get the smallest
total value (probable loss+ other costs). However,
the consequence is sometimes so disastrous that it must
not take place and consequently the alternative is
withdrawn. The situation can be compared to that where
a company avoids an alternative of maximum profit if
this alternative means a risk of bankruptcy. This is
often referred to as "maximum probable loss".
The shear strength of clays
Many investigations have shown that the shear strength
of clays approximately is normal distributed, e.g.
Meyerhof (1970). See fig. 2.
The curve in fig. 2 has the mean value

1

and the

standard deivation cr. The shear strength of clays has
a variation coefficient V

0.1-0.3 according to several

=

investigations , e.g. Meyerhof (1970). The variation
coefficient is the ratio between the standard deviation
a nd the mean value, i.e. V

=

cr/T.
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The shear strength of clay can be normally
distributed.

How many tests of the shear strength must be done?
If the mean value

T and the standard deviation o are

unknown estimation of these has to be done with help
from the geotechnical investigation. Here several
problems must be considered, both the measurement
method itself and the inhomogeneous conditions in the
soil. In order not to complicate the discussion too
much the measurement method is supposed to be reliable
or at least reproducable. Also inhomogenities in the
soil are neglected.

Further more the shear strength is supposed to be
measured in site with a vain borer. From each measurement
conclusions can be drawn about the actual and earlier
measurements. The situation can be compared to that
when pulling coloured bullets from an urn and according
to the pulled bullets conclusions can be made of the
remaining bullets in the urn.
To throw light on the problem a land area of 40.000 m2
has been studied where the clay layer has a depth of
10-15 m. Totally over 260 tests of the shear strenght
have been made with a vane borer. The shear strength
is here supposed to be the same as the recorded vain
bored values. From the tests 5 series of 50 tests have
been randomly chosen. Calculation of
made continuously and in figure 3
function of the number of tests.

T

T and o has been
is described as a
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The variation coefficient depends on t he
number of tests.

Reduction of t he s hear strength has not been done. The
inf l ue nce of different reducing met hods on the probabil ity of fa ilu r e and t he corresponding safe t y fac t or
has been described by Hele nelund (1977).
In figure 4 t he variation coefficient V
plotted against the number of tests.

o/T has been
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As can be seen from figures 3 and 4 "stability" is
achieved after 25-30 tests. It must be noticed that
the clay has not been classified and that no knowledge
is used e.g. of the variation coefficient of similar
clay. The number of required tests to obtain "stability"
decreases at such consideration. Exactly how many tests
that must be performed has to be analysed in every single
case regarding the character of the problem. It is clear,
however, that more than 30 tests in a continuously and
limited terrain area affectthe result in a neglectable
way.

The relationship between the probability of failu re
and the safety factor
The "true" variation of the shear strength of the
clay in the investigated area based on more than 260
tests gives T

=

25 kPa and o

=

8 kPa. The safety factor

in the simple calculate model in figure 1 is known as
F =

1 /Ta

where

Ta

is the shear strenght that has

to be mobilized along the circumference of the soil
element to keep it just in equilibrium. If the shear
strength is mobilized in a non-weakening model, e.g.
linear elasto-plastic as in figure 5 a relationship
between the safety factor and the probability of failure
can be fou nd, see figure 6, by using all the tests.

Fig. 5

The shear strength mobilised in a linear
elastoplastic model .
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The relationship between the safety factor F
and the probability of failure pat numerous
tests.

From figure 6 can be noticed that F = 1. 5 corresponds
to p = 12 %, where p is the probability of failure.
This can be regarded as a high risk since every 10th
slope would fail where the safety factor is 1. 5
calculately, This is not realistic . However, the result
in figure 6 corresponds better to the situation of
temporary excavations. It must be remembered that the
conditions in a natural clay slope may be considered as
drained while undrained conditions are prevailing at
temporary excavat ions. The resultin figure 6 confirms
a conception among geotechnicians that natural clay
slopes primarily should be calculated in a drained
analysis .
A statistical approach in a drained analysis is, however, a very difficult task and cannot be done based
on today ' s knowledge . The difficulty is to correlate
rain volume, rain intensity, soil conditions and other
factors to a corresponding pore water pressure in the
soil. After a long (years ) and e xtensive continuous
measurement of e . g . rain fall volume and pore water
pressures at different depths a drained analysis could
be performed within a small land area . Normally natural
slopes therefore have to be analysed in an undrained
analysis provided that calculation method is calibrated
to known slope failures .
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Figure 7 illustrates the difficulty in calculatin9
the safety factor only. Depending on the size of the
variant coefficient V, that can be looked upon as a
soil parameter, and the number of tests, different
relationships exist between the safety factor and the
risk of failure. However, the same risk should be
chosen for the same type of excavation even if the
excavation is made in different types of soils. Thus
the conclusion can be drawn that different safety
factors should be chosen in different soils, in different
problems and with different information volume of e.g.
strenqth properties and loads. Thie conclusion is
important when choosing the partial safety factors in
the 1985 building code.
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The relationship between the safety factor F
and the probability of failure at a limited
number of tests. Students' t-distribution used.

Optimum decision of the safety factor
Provided that the consequences of collapse of a strucutre
is known and quantitative an optimum safety factor can
be determined.
The safety factor's function of the probability of
failure is shown in figure 7. With this result as a
base the principle looking at total cost of different
structures can be drawn, see figure 8.
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From figure 8 can be noticed that when the Kf-curve
is shifted downwards (sinks, the probable loss decreases) F

t·
becomes smaller, provided that K
op ima1
a
is the same. This is obvious in figure 9 , whi ch is
from Helenelund (1977). Kf if the total bost, F

t·
op ima 1
is the optimum safety factor and Ka is the construction
cost .
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The total cost of every alternative has a minimum
at a certain safety factor.
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The optimum safety factor depends on the relationship between failure costs and construction costs
(from Helenelund, 1977) .
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Summary
When basic material for decision is reported it is
important that this is done in such a way that the
assumptions and different consequences are obvious
and understandable. In geotechnics the safety factor
can not alone fulfil this requirement e.g. depending
on the fact that "uncertainties" are not reported.
Different geotechnicians also recommend different
safety factors under given assumptions. The safety
factor is regarding to variation of e.g. soil strength
depen~eat on the number of tests. Also knowledge of
construction cost and the cost of damage due to soil
failure is required when deciding the optimum safety
factor.
The next building code (1985) will contain the idea
of partial safety factors. In order to be able to
choose the right values of partial

safety factors

and to adjust the coefficients to different problems
a statistical method is needed. In this article the
statistical method is briefly and generally discussed
and the principle relationship between the safety
factor and the probability of fai lure shown. From a
practical case the influence of the number of tests
is shown.
The authors ' idea is that decisions under risk requires
that uncertainties in strength parameters, calculation
methods etc are presented. Considering this the conventional calculated safety factor must be replaced
or completed.
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ACTIVE EARTH PRESSURE BUILD- UP - A TRIGGER MECHANISM IN LARGE
LANDSLIDES IN SENSITIVE (QUICK) CLAYS
Stig Bernander

1:

*

Introduction
Many of the l arge landslides and ground movements in western Sweden,
Surte ( 1950), Rollsbo (1967), Ravekarr (1971), Rodbo (1972), Bjorlandavagen (1972) have undoubtedly been triggered by human activities. Except for the slide at Rodbo, which was initiated by a large
rock fill, all of the mentioned slides were triggered by piling
operations. However, the landslide at Tuve (1977) - the largest
of them all , invo l ving 9 deaths and the destruction of some 65 homes
- was not released by any special known agent other than heavy rainfall during the weeks preceeding the slide. Admittedly it has been
shown that parts of the slope had low factors of safety (Sallfors
(13) and others) but this condition had probably prevailed for may
be thousands of years.
Thus , at the commencement of the slide no special activity was
going on in the area and the slide appears to have developed
spontaneously.
In references (1), (2), (3), (4) and (5) the author has contributed to demonstrating how a local failure (drained or undrained)
in a slope may develop progressively into a large landslide involving
not only the entire slope but also adjoining areas of virtually
stable - some times even horizontal - ground. Theory and applications of numerical analysis on progressive failures are dealt
with in ref (3) , (4) and (5). The present article deals specifically
with the immediate cause or trigger mechanism which initiates
the dynamic phase of a spontaneous slide such as that at
Tuve ( 1977).

2:

Definition
With the term "Active Earth Pressure Bui 1d-up" the author refers
to the sudden and dramatic increase of earth pressure resulting
from the interaction of strainsoftening behaviour in an active
Rankine zone and accumulation of strain in the same zone due to
down- slope movements e . g. creep.
Thus due to incremental strain in the active zone the undrained
shear strength falls from a low strain peak va l ue Tmax to a large
strain strength TR. Fig 1.

* Associate Professor

Department of Structural Engineering
University of LULEA
Chief Engineer, SKANSKA, Gothenburg
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Active Rankine Failure due to strain accumulation

The interaction between deformation in the slope and the
increase of active earth pressure is the "motor" of the
almost explosive build-up mechanism. In this context it
shou ld be remembered that active failures tend to be
bri ttl e because of the decrease of horizonta l stress.
The maximum increase of active earth pressure due to
strain increment is:

where N is the well-known factor N

=

2

/1 j · r
+

(r is defined in Fig l)

In a slope with Tmax = 20 kN/m2 the values in table I for 6Ja
apply. As can be seen substantial forces may develop.
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Values of LIJ a for different values of H, TR and Tmax' r

Table

T
R;T

0, N

0, 1

0,25

0,50

0,75

360

300

200

100 kN/m

540

450

300

150 kN/m

720

600

400

200

max
10 m

LIJ

H = 15 m

LIJ

H = 20 m

LIJ

H

3:
:1

a
a
a

kN/m

Effect of down slope defonnations in a slope - e.g. on account of creep
Analysis
The following assumptions are made:
The slope inclination is a relatively small angle, so in this
analysis we can put
sinB: tgB : B

tga : a

cosB: secB:

seca: 1
dox
dz

POTENTIAL
FAILURE ZONE

0

E.x -

Cx Figure 2

dox.
dx
OOWNSLOPE

STRAIN

INCREMENT DUE TO

ox

Effect of down slope movements - Notations

This implies that the downslope strains and stresses are considered roughly equal to their horizontal components. With
notations as in Figure 2, where Bis the inclination of the

2
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potential failure zone the following applies:
dz

Slope inclination

Bx

=

Downslope strain

EX

- ax

Shear stra in

Yx

-v

ax

..... . .. .. . 2

3<\

..•....••.. 3

aox

..... ..• ... 4

Active Earth Pressure Bui ld- up will be critical under undrained
conditi ons and hence the fo 11 owing deductions refer to total
stress analysis. Nevertheless the results can be shown to be
valid also for drained conditions.
The initial stress 'x is taken to be proportional to t he weight
of overburden and the inclination of the potential failure
zone.
'x

P •

g • Hx

sinB/ cosBx
........... 5

Elastic deformation as well as time-dependant creep may be
assumed to be a function of the shear stress level (,xl,maxl
and hence - in the case of a natural slope - a
function of the inclination of the potential zone of failure,
fig 2. In most cases this zone will be defined by the soil
strata. Thus with notations in fig 2:
The shear stress l eve l:

'x
' max

p•g • HX•
'max

BX

........... 6

From the creep equation given by Mitchell & Singh (1 7) wi th
regard to clayey materials
........... 10

it can be shown that creep as a function of stress level
may be approximated by the expression:

canst • (

'x ) n
'max

H

canst· ( ~ )n · Bn
'max
x

. ...... 7
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It can also be shown by elementary mathematics that in normal
slopes the variation in Hx can be disregarded for the purpose
of this analysis. This applies in particular to slopes in normally
consolidated clays where the shear strength is more or less proportional to the prevailing effective stress and hence also to
the depth Hx. (Cf Hansbo, (16).)
Tmax

[Ml • p • g + {Hx - tiH) •
==

p'

•

gJ • wl • canst
........... 8

canst • Hx

Thus equation 7 can be written:
c5 :: canst. an
X

• . •....••.. 7a

X

The strains in the slope direction are then:
ex= ~~x =canst· a~-l · ~

where

dax diz
ax
= ci?"

........... 9

is the curvature of the potential failure zone.

Thus from equation 9 it is evident that when the slope
inclination (ax) is constant then dax/dx = O giving Ex= O.
It can also be readily deduced that the strain Ex has its
highest values for large simultaneous values of both ex
and dax/dx - typically as is the case in the zone denoted
AB in figures l through 5.
The important implication of this mathematical language
- put into words - is that
a)

Creep deformations in a uniform slope do not affect
the distribution of stra in Ex or the force Nx.

b)

In a non-uniform slope on the other hand (Figure 2)
the deformation (c5x) will cause accumulation of strain
in the parts where the slope inclination and the rate
of change of inclination {dax/dx) are great.

c)

The downs l ope strains are associated with vertica l strains
causing settlement or heave of the ground surface in the zones
where strains accumulate.

Thus due to the downslope deformation c5x tensile strains tend
to occur where the curvature of the insipient failure zone
is convex upwards whereas compressive strains will develop in
those parts of the slope where the curvature is concave
upwards. It can be shown that the aforesaid holds true for
any other applicable function of creep with respect to
stress level .
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Another way of understanding this phenomenon in a qualitative
sense is to note that deformation in steep parts being faster
or greater than those in gently sloping parts, tension or
compression must occur in the transition zones between different slope inclinations.
:2

Case records:

:21

The slope at Gunnestorp, Gothenburg
The phenomena described above have been observed in natural slopes.
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Creep displacements at Gunnestorp, Gothenburg

Figure 3 a illustrates a gentle slope at Gunnestorp, Gothenburg,
where creep has been found to take place over the years.
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Figure 3 b shows the measured horizontal and vertical displacements in the zone AB, which corresponds to the strain
accumulation zones denoted by the letters A-Bin figures l
and 2. In this case it was interesti ng to observe how the distribution of the tensile strains along AB cou ld be recorded by
studying the gaps between concrete elements in the curb along
a small road. Such gaps of any appreciable size did not occur
downslope of the point B. Figure 3 b also illustrates the
seasonal variations in creep . The rate of creep at Gunnestorp
is, however, not critical with respect to the stability of
the slope.
:22 Observation at Kotmale, Sri Lanka
At Kotmale Hydro Power Project, which is being realized by
SKANSKA in Sri Lanka, the author has observed the typical
vertical settlements associated with differential creep in
the upper part of a fast creeping slope in residual clayey
laterite soil . The settlements here were about 0.5 m and
as a result of this subsidence a foundation for a rock
crushing plant had to be rebuilt .
4:

Active Pressure Build-up - a phenomenon analogous to "buckling"
In Figure 4 the curve I shows the distribution of the earth
pressure (axial force Nx) along the slope prior to deformation.
Previous creep in the slope has brought about a tendency for
Nx to be greater down slope than up slope . As deformations
(ox) due to creep - or any other cause for that matter occur, tensile strains develop in the zone AB and Nx drops
to the level of active earth pressure Ja.

A

B

C

D

Eart h pressure prior to defo rmation (6 )
x
(Reasonable assumption)
Earth pressure after moderate de f ormat i on ( 6,)
Earth pressure afte r act ive earth pressu re build-up

Figure 4

Effects of downslope displacements on the earth pres sure Nx.
Active earth pressure build-up in zone A - B.
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{In the zone BC Nx will increase.) If the rate of strain increase is
sufficiently high undrained strainsoftening behaviour in the active
Rankine zone (curve III) will result in a corresponding increase of
the active pressure on the soil downslope of B. This will of course
in turn increase and accelerate the deformation ox which again causes
additional strain increase in zone AB, involving further loss of shear
capacity - and so on. {The phenomenon is analogous to the problem of
elastic stability e.g. "buckling" of struts where deflection generates
additional deflection in a never ending geometric series and as is the
case with buckling the s•i tuation becomes critical when this geometric
series no longer converges.) It is thus evident that for a certain
critical rate of deformation (dox/dt} (t = time) the increase of active
pressure due to strainsoftening will be so dramatic that it would seem
justified to use the word "explosion" to describe the sudden growth of
the force Nx in the failing active zone AB, where the failure mechanism
in a Coulombian material as described by Janbu (9) may apply. Hence in
a brittle soil there will be a critical rate of down slope deformation,
much the same way as there is a critical stress in the phenomenon of
buckling. In a drained situation creep deformation will not be critical.
The critical rate of strain will develop under undrained conditions and
therefore undrained parameters should be used in the analysis.
The author suggests that it is this dramatic build-up of earth pressure
6Ja = N • Hx • (Tmax - TR) that may provoke a local failure in a slope
and which provides the necessary force and displacement to initiate a
progressive failure (or sometimes even a plastic failure) down the
s lope as described in references (3), (4) and (5).
Example:
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Fig 5 represents a slope where the disturbing force {NsR) required
to initiate an undrained progressive failure down the slope

400
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(according to (3)) is 33 kN/m. However, under drained conditions the slope is stable, having a conventional safety
factor against a major slide of l,9O. In case of accelerated creep, active earth pressure build-up 6Ja may amount
to 170 kN/m. This force, being much greater than NsR = 33 kN/m,
will thus under the assumed conditions initiate a progressive failure which results in a catastrophic landslide,
heaving the ground over a distance of some 240 m (fig 5).
The example illustrates how active earth pressure build-up
may constitute a sufficient disturbance to provoke a major
slope failure.
5:

History of a landslide - down slope progressive failure
The following sequence of events describe the genesis, development, propagation and ultimate configuration and extent
of a large translatory landslide.
a)

Heavy rainfall generates high pore water pressures in
the soil.

b)

Reduced effective stresses and reduced drained shear
strength in the soil thus involve increased creep deformation 6x (l), which may attain a critical rate
d6X)
(at
.

c)

The creep displacements result in locally accumulated
tensile strains in convex portions (knees) in the
potential failure zone.

d)

An active Rankine zone (AB in figures 1-5) develops. In
a strain softening material the active failure will tend
to be very brittle. Active earth pressure increases,
thus accelerating the downslope movement. The strains
in the active zone grow even more rapidly.

e)

The downhill force Nx develops fast (undrained situation)
to values corresponding to the residual shear strength
Ja+ 6Ja

=

p • g • H~/2 - N ·Hx"TR

f)

In quick clays the explosive character of the rapid buildup of active earth pressure (curve III in figure 4) may
initiate a progressive failure as described in references
(2) and (3). The failure then propagates downslope with
increasing momentum and growth of the force Nx - provided
the downhi l l components of the gravi tational forces
out- ba l ance the residual shear resistance.

g)

Further downslope Nx may exceed the passive earth pressure
(Jp). This is the critical event that turns the ground
movement - which up to this point may only be a question
of a few feet - into a disaster causing the ground in
the passive Rankine zone to heave while a stratum-bound
progressive failure simultaneously propagates into ground
areas wh i eh in themselves may be e_xJ;r.emili---5..t.ahle., See
references (3), (5).
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{h)

One of the main factors governing the development of a
major translational landslide is the general tendency for
brittleness in the soil to increase with growing rate of
deformation. Thus the brittleness ratio (TR/Tmaxl must be
set at a lower value when predicting the extent of a slide
than when the risk for its initiation is evaluated.

It is the author's opinion that the description according to
the sections a) - h) outlines the main events in downward
progressive slope failures such as e.g. the landslide at Tuve (5).
6:

Up slope progressive failures
The failure mechanism of retrogressive step by step slides has
been explained by Janbu (9). The direction of slide propagation
during such retrogressive failures may not even be related to
the slope direction as was the case in the initial stages of
the Rissa slide (1978).
In the opinion of the author monolithic retrogressive translatory
slides (Skottorp 1946) cannot be directly explained by the above
mentioned theory of Janbu, in any event not without due modification.
The history of a translatory slope failure caused by down slope
undercutting or erosion can be described as follows:
a)

Due to a previous slide or undercutting a scarp
(CD in Figure 6) is formed.

SCARP RESULTING FROM
EARLIER SLIDE
E
D

C

X

LEGE~:

==~ }

N, • J. ,

~
II
IV

N,

i'RIOR TO SCAP.P FOO'AT!ON

IN DIFFERENT STAGES OF FAILURE PROGRESSING

UP SLOPE,

t..l« , ACTIVE EARTH PRESSURE BUIL.D-{JP WE TO

STRAIN CONCENTRATIONS IN THE ZOOE /'f, OR
TO QUICKER CLAY IN THIS AREA,

Figure 6

Up slope progressive failure
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7:

b)

The failing lateral support is equivalent to the effect
of a tension force ~Nc acting at the scarp CD. The change
in earth pressure (reduced horizontal confinement) initiates
a progressive up slope failure in accordance with the
theory described in (3) and (5).

c)

When the downslope movement ox, associated with the
progressive failure, reaches the zone AB, stress and
strain concentrations occur on account of the change
of curvature of the failure zone. Active earth pressure
build-up according to section 4: in this paper may take
place and Nx successively increases in a downslope direction, thus giving the soil block a final push downhill.

d)

If the downslope gravitational forces now out-balance
residual shear resistance along CAB , Fig 6, the soil slab
may move downhill as a block until it eventually - because
of reduced horizontal confinement - disintegrates according to the failure mechanism in a Coulombian material
described by Janbu (9).

Summary
Some large landslides - such as e. g. Tuve (1977) - have developed spontaneously during a spell of abundant rainfall
without any obvious triggering cause.
This article deals with a trigger failure mechanism named
"Active Earth Pressure Build-Up" which is suggested to be
a dramatic process that may initiate a progressive failure
in a slope - or any other type of slope failure at that.
With the term Active Earth Pressure Build-up the author refers
to the dramatic effect in quick clay of the interaction
between strainsofteninq in an active Rankine zone and
strain accumulation in the same zone on account of
differential downslope movements in the potential slide
area.
It is shown that there will be a critical rate of downslope
defonnation e.g. creep that brings about a sudden increase
in active pressure which, if the conditions are adverse, can
trigger a landslide. The factors influencing the active
pressure build-up are:
a)

Inclination and upward curvature of the potentia l rupture zone usually defined by the stratification of
the sediments.

b)

Brittleness (strainsoftening) properties of the soil.

c)

Rate of downslope deformation and stress level in the
soil immediately in front of the active Rankine zone.

d)

Drainage conditions.
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The author finds the phenomenon of Active Earth Pressure
Build-up similar in principle to that of elastic stability
(buckling) in structural mechanics.
Further it is shown how Active Earth Pressure Guild-up may
play a role in the formation of retrogressive landslides caused
by failing support at the foot of the slope.
The applicability of the described trigger mechanism is of course not restricted to spontane()US landslides such as that at Tuve. It may also be
an effective agent or component in slooe f~ilures where initial slips
and displacements have been caused by man-made operations.
However, in most cases downslope deformation will not be critical,
e.g. in drained situations. Nevertheless, the vertical settlement
or heave of the ground associated with the concentration of downslope strain may be appreciable and is known to have caused considerable damage.
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THE LANDSLIDE AT TUVE, NOV. 1977
Stig Bernander

SKANSKA, GOTHENBURG*

Ingvar Olofsson SKANSKA, GOTHENBURG
1.

INTRODUCTION

1. 1

The long term stability of slopes should be checked
with drained analysis. However, when a natural slope
fails it is mostly due to some short term agent acting
locally (e.g. increased pore water pressure due to
rain or piling activity etc.)
But even in the case when failure in a slope is of
drained nature the continued failure process will
gradually change into an undrained failure.
So in the analysis of failure mechanisms, failure
propagation and prediction of final extent and con
sequences (degree of catastrophy) of a slope failure
the use of undrained parameters are justified . This
discussion pertains primarily to translational slab
landslides such as those at Surte 1950, Tuve 1977,
Rissa 1978.

FIG 1.

Shear def ormation in a potential s liding body .
(Compare Fig 2.)

* Associate Professor
De pt. of Structural Eng inee ring
University of LULEA
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1. 2

Analysis of stability problems in soil mechanics are
generally made by means of slip-surface computations,
whereby a numerical value of the safety against fail ure is assessed. This safety factor (F) is defined as
the ratio between the mean shear stress in a state of
failure and the average shear stress corresponding to
the actual loads.
F

Tfailure(mean)
Tmean

This implies that the laws of equilibrium, forces and
stresses at failure are considered in the analysis
whereas displacements and stress distribution within
the soil mass are disregarded.
The prerequisites for the validity of this concept of
plastic failure can be expressed thus:
a) the material in the failure zone - even when this
is composed of thin layers - may be subjected to
unlimited deformation without substantial loss of
strength
b) or - the displacements within the sliding body are
small as compared to the displacements in the
failure zone - the s liding body thus being practically rigid i.e.
Y1

<

YF(x)

<

Y2

in Fig 1 and 2.
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FIG 2.

Examples of stress- strain relationships in soils.
A= Ideally elasto- plastia material
B = Sensi~ive alay , high strain- rates , OCR> 1,0
C = Tough alay, low strain rates , OCR< 1,0
OCR= overaonsolidation ratio with-respect
to the aatual effective pressure situation.

In many cases ne i the r of these conditions are ful filled for e x tensive slidin g bodies . Criterion a ) is
strictl y va l id on l y for cohes i o nless soils without
tendency to liquefy and i n p l astic clays at low str ain
rates and at low OCR-values.
Cond i tion b ) i.e . Y1 < Yp (x ) < Y2 (Fig 1 a nd 2) cannot
be p resumed to be f u lfi l led i n l arge potentia l sli di ng bod i es i n br i ttle so il s

(Bernande r, 1978 [ 1] , [2] ).
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2.

PROGRESSIVE OR BRITTLE GROUND FAILURES

The conditions of stiffness and deformation in a po
tential sliding body that are crucial for the validity
of the theory of plasticity are closely related to
the relationship between the dimensions of the body
in the vertical and the horizontal directions.
However, if the criteria a) and b) are not fulfilled
the analysis based on the plastic failure concept is
no longer valid. Strongly strained zones with severely
reduced shear resistance may develop locally within
a potential slide area while full shear resistance is
not simultaneously mobilized elsewhere in the poten
tial failure zone. Risk for progressive or brittle
failure is thus impending and if the geotechnical con
ditions are unfavourable a slide may take place. In
loose saturated cohesionless soils, clayey or silty
sands (sensitive mixed soils) and quick clays the
authors suggest that one must always allow for the
possibility that the prerequisites for plastic failure
may not be fulfilled - especially when high strain
rates and high OCR-ratios are at stake.
Progressive stability failures are thus characterized
by a local failure starting at some point in a sensi
tive part of a volume of soi l from where it develops
spontaneously and progressively into a total fai lure
constituting a translational landslide. The mechanism
through which the failure propagates is the effect on
the brittle soil of the incremental strain associated
with the stress redistribution due to loss of shear
strength in zones which have already failed. Thus the
mobilized mean shear resistance does not hold any
predictable relation to the shear strength parameters
as determined by standard procedures. Saftey factors
defined according to equ.

(0), therefore, may not

express any physical reality whatsoever when the
dimensions of an assumed sliding body exceed certain
critical va lues.
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An important result of the subsequent and analysis is

that the force required to initiate a failure plane
which is practically parallel to the ground surface
is - in strain softening soils - far less than the
force needed to produce heave of the ground due to
passive Rankine failure.
Progressive failures can propagate up slope (Skottorp
1946, Rissa 1978?) as well as down slope (Surte 1980,
Tuve 1977). They may of course also propagate sidewards (ground movement at Ravekarr

[2], [12]).

Progressive translational slab slides in normally consolidated soils have been treated by Bernander (1978)
[1]

[2]. In a report to ICSMFE 81 Bernander and

Olofsson [3] account for a new method for assessing
the degree of stability in translational slab slides
by which - apart from forces - also relevant displacements in the studied body of soil are considered.
Assuming the stress-strain characteristics of the
soil are known, the development of brittle failures
in slopes can be studied numerically. The study comprises a theoretical analysis of large slopes, failure
criteria and results of calc ulation s with a computer
program, which may be adapted to a large variety of
soil and terrain conditions. The influence on slide
development of important parameters such as initial
stress l evel, brittleness index of soil and geological
characteristics are accounted for.
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3.

SOIL MODEL FOR ANALYSIS OF PROGRESSIVE
FAILURES IN EXTENSIVE SLOPES

PASSIVE ZONE OF
POTENTIAL SlllJE HAS
NO INFLUENCE ON
FAILURF AT POINT

CRITICAL LCCALITY (STc EP SOIL
STRATA AND STEEP TERRAIN J

CD
·a· (or strainsoftening
layer. in the potential failure zone).

BRITTLE STRATUM

(:i,

·-r

MASS DENSllY
Of SOIL ~

FIG 3.

3.1

Soil model - definitions .

Soil model (Fig 3, Fig 4)

The analysis according to [3] is based on the following assumptions:
a) Terrain conditions are arbitrary in a two-dimensional system. The width of the potential sliding
body is variable.
b) The failure zone is located in brittle material or
a highly strained stratum "a", the stress-strain
properties of which are taken to be known. The
stress-strain r e lationship is time-dependent and
must be compatible with the rate of application of
the force Nx.
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c) Shear deformation is primarily presumed to take
place in the brittle stratum "a". This is justified
on account of its strain-softening properties
(Bernander, 1978

[1

l

f.2

J).

Hence vertical devia-

toric strains in the upper soil stratum "b" are
neglected. Note that stratum "a" and "b" do not
necessarily consist of different soils.
d) The compression of stratum "b", due to the force
N is assumed to be of elastic nature up to the
point where passive earth pressure is reached i.e.
for Nx < Jp.
e) Initial shear stress in layer "a" is presumed to
correspond to the slope inclination i.e.

TO= p •g•H•sin 8.
f) The transmission of forces sidewards from the
potential sliding body is neglected. This is justified in the analysis of extensive slides for the
reason that failure in layer "a" occurs already
when the horizontal shear strains and corresponding lateral forces are still insignificant
(Bernander, 1978).

3.2

Symbols

Nx

Applied force in point x

ox

Downhill displacement of layer "b" compatible
with the force Nx

x

Influence length with regard to the displacement ox induced by the applied force
Nx (Fig 4)

NsR

Maximum stabilizing resistance in layer "a"

No

Net driving force constituting the balance
between downhill gravitational forces and
stabilizing shear in the zone x > LsR

LsR

Influence length corresponding to maximum
stabilizing resistance (NsRl
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LcR

Critical influence length when the downhill
driving forces balance the maximum stabilizing
resistance, i.e. NO

ocR

=

NsR, Nx

= 0,

x

=

LcR

= Critical displacement, for which the slope

fails (Fig 4)

'x

Shear strain in layer "a" at x

'Max

Peak shear strength in layer "a"

'R

Large strain strength in layer "a"

'0
Ja,Jp

Active and passive earth pressures

Initial stress in layer "a"

bx

Local width of slide (variable)

F,Fn

Safety factors

Other symbols are defined in the figures.

3.3

Theory according to (3]

A soil stratum "b" is subjected to a displacement Ox
due to some cause or action (load, active earth
pressure growth, pore water pressure increase etc).
(See Fig 3 and 4.) For every value of Ox there is a
corresponding force reaction Nx and a specific distribution of stresses N and

1:

downslope of the point

defined by x. For values Ox> ocR static equilibrium
is no longer possible.*
The deformation in a small element 6x of layer "b"
due to an axial force N causes incremental shear
strain in the brittle stratum "a". The corresponding
increments in shear stress gradually change the magnitude of N.
To maintain equilibrium of forces and the compatibility
of strains and displacements, the following equations
must be satisfied:

*In a non-uniform slope a new state of equilibrium
may result from changing conditions.
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6N

1x·bx· 6x

M

6x
EHxbx

M

6Yx

TQ

Hx•p•g•sinS

.

.

(1 )

Hx·bx·6x• p•g•sinS

(N + 6N )

(2)

2

(3)

hx

(4)

where Hx, hx and bx are functions of x.
Elimination between equations (1),

(2) and (4) gives:
(5)

T

= Ill (y)

(6)

If the shear stress, is a known function of t he
deviatoric strain y (equ. 6) the differential equ.
(5) can be integrated numerically yielding the state
of stress, strains and displacements in the chosen
soil model. Differentials of the second order are
not neglected.
The following step-by- step method may be used for
manual as we ll as computer computations:
Step

1)

The shear stresses are increased in constant
steps of 6, beginning with,= ' 0 + 61.

2)

Equ.

(3) and the relationship (6) render the

corresponding values of the shear strain
and the displacement
3)

o.

6x is then obtained by solving equ.

( Sa ) with

respect to 6x.
4)

The increment of axial force over the length
6x is then obtained from equ.

(1).
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Jp_.. +
Nx

INITIAL 6ARTH
FRE5SUR.c J 0

K . 1::_9_·_1-f 2.
4--.Jf'--0
.t.

=

.........
L

ACTIVE EARTH

'

Pf?E.5SUl?E"'-a ..._

FIG 4.

3 .4

ExampZe of resuZts from pr ogressive faiZure anaZysis
in a uniform sZope . For each vaZue of Nx there ar e
two corresponding vaZues of Ox.

Results of computations - conclusions

Progressive failure can only occur i f ' R < '0 < ' Max
(Fig 4) i. e .

1 < F < ' Max

' R

where

F = ' Max

TO

Thus if the residual shear strength 'R = 0,5 ' Max
progressive failure may take place if t he safety
factor determined in the conventional way is less
than 2. For a closer study of the t he ory for progressive failure see ref [3].
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Fig 4 illustrates the result of an application of the
method described above on a uniform slope.
The following applies:
a)

Maximum mobilizable resistance against the force
No is represented by the shear force in stratum
"an.

b)

The driving force is No.
X

No = LJ
(To - Txl
SR

bx• dx • sec B

When No becomes greater than NsR - which takes
place when x ~ LcR - the slope is unstable
(Nx < 0) and from then on the failure propagates
downslope with increasing momentum. If the force
No further downslope exceeds the passive earth
pressure in stratum "b" a passive Rankine state
is developed in this layer from the point where
No> Jp - Ja to the location where No - due to
changing conditions - again becomes smaller than
Jp - Ja. Only when No< NsR the progressive failure in layer "a" stops which means that the ground
is displac e d also in the area in front of the
point where the passive Rankine zone terminates
(Fig 5 and App. III).
c)

If - on the other hand - the driving force No
never exceeds the passive resistance Jp - Ja the
potential slide will only result in a moderate
ground displacement . The above theory for progressive failure thus explains why some ground
failures result in catastrophic landslides (such
as Surte 1950, Tuve 1977 and so on) whilst other
ground failures only cause moderate displacements
of the soil volume (Ravekarr 1971, Bjorlandavagen
1972). This progressive failure analysis also
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offers interesting explanations of the configuration of the ground surface in the finished slide
(Fig 5). The lower part of the slide (the tongue)
thus evolves as a result of a passive Rankine
state in stratum " b " while failure simultaneously
takes place along layer " a". Depending on the
geotechnical conditions this state can cover considerable portions of the foot of the slope and
of adjoining virtually stable areas of ground.
Dynamic inertia forces due to retardation of
sliding soil masses also play an important role.
The phenomenon accounts for the heave of the
ground and the characteristic irregularities of
the ground surface of the finished slide.
Correspondingly - when the length of a slide exceeds LcR and Nx becomes negative - tension and
cracking in the upper part of the slide r e sults
in active failures, involving large displacements.
These finally lead to the typically jagged surface
at the "root" of a slide .

ACTIVE 2DNE

•

. No> NsR I No<NsR
J No+ Ja<Jpj No+ Ja<Jp

FIG 5.

Failur e criter ia and typical conf iguration of a downhill
progr essive slab slide. Dynamic forces (T) according to
4. 4 ar e not considered here. Note that No and NsR vary
along the slope .
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d)

From the aforesaid it can be concluded that slip
surface analysis in soils with limited plasticity
is pointless where the dimensions of the potential
sliding bodies in the direction of the slope is
greater than the critical length LcR• It may be
that the slope is unstable without it being
possible to establish this fact by means of the
theory of plasticity. Passive earth pressures at
the foot of the slope cannot be mobilized simultaneously with the initial evolution of the progressive failure in layer "a".

(Fig 4.) According

to [3] LcR for natural uniform slopes generally
varies between 30 and 100 m.
If conventional analysis is to be made relevant in
sensitive (brittle) clays the lengths of the
assumed sliding bodies have to be less than LsR
which normally varies between 15 to 50 m. Hence
it is evident that knowledge concerning the large
strain strength of soil under different circumstances must be one of the most important targets
for future research in this field.
It is equally evident that the landslide at Tuve
which extended over 500-700 m can be explained in
a satisfactory way only if the displacements in
the soil volume are included in the ana lysis.

4.

THE LANDSLIDE AT TUVE

The shown model for evaluation of progressive failures
has been applied on the landslide at Tuve. Plan and
cross sections of the slope are shown in Appendix I,
II and III. In the calculations the following data
have been used.
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4.1
E

=

Calculation data
10,000 kN/m 2

(Modulus of compression for
stratum "b")

17 kN/m 3

(Unit weight for clay in
stratum "b")

TMax = (10+1.5 H) kPa

(Shear strength at the depth
H m below the ground surface)

7 kPa

(Residual shear strength, independent of the depth, according to Torstensson [17])

Within the lower part of the slide, the zone of failure is presumed to be located at the depth H = 29 m.
The used value of TR is considered reasonable for
large strains when unnormally high water pressures
are acting in sensitive soil and if the rate of strain
is high. These circumstances may well have been prevailing during the initial stage of the slide and
during its further course.
h

1. O m

(Height of failure zone)

Yp

3%

(Shear deformation in the
failure zone for T = TMax l

It has been presumed that the parts of the slide
situated above section 1 (App. I, III) constitute a
retrogressive slide zone.
This, however, does not exclude that instability
within the area may have caused additional stress on
the unstable soils immediately downhill of section 1 .

4.2

Causes for the occurrence of slide

Within large parts of the area around Tuve Kyrkvag
the safety factor with respect to local failure before
the landslide was low (F < 1) if passive earth press-
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ures from adjacent areas are disregarded.* (See
Sallfors [ 16] • )
This is e.g. shown in section A- A,

(See plan, App. I)

where the safety against local instability was F <
under drained conditions (Fig 6). Increased pore water
pressures within the area have obviously caused ac celerated creep and redistribution of stresses, which
in turn has resulted in driving forces acting on the
downhill soil masses, until the value of the maximum
stabilizing resistance NsR was exceeded.

(See Fig 4.)**

The immediate cause of failure or trigger mechanism
may be as follows. Due to a difference in rate of
creep down - and up slope of section P - tension and
cracking will tend to occur in this zone. In sensitive
clay active earth pressure will then suddenly change
to something little short of liquid pressure. The
pressure increase will be:

In section I, App. III (down slope of A- A, Fig 6)
NsR is equal to 500 kN/m, if the failure zone is
assumed to be at a depth of 19 m below the ground
surface (TMax

= 39

kPa, TR

=7

kPa,

( p •glaverage

8 kN/m 3 under undrained conditions).
In this case an increase of the pore water pressure
20 kPa would mean
within section A- A with e.g . 6p
that the drained shear resistance in the failure zone
is reduced by 6T

=

6p • tg 30°

=

12 kPa. The existing

driving force N = 300 kN/m, which before the slide is
bal anced by NsR• then increases with the amount 6N
* The analysis of progressive failures as described
above demonstrates that it is not always justified
to use the passive earth pressure at the foot of
the slope as a staiblizing factor.
**Concerning detailed discussion of the occurrence of
local drained failures. (See Bernander [2].)
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and finally also by 6Ja. The initial drained failure
turns into an undrained one.

SECTION

A-A

N= 0· sin 25°-1: · L = 300 kN/M
FIG 6.
6N

Exampie of area with iocai instabiiity.

L•6p•tg 3~

=

280 kN/rn.

6Ja
=

N+6N+6Ja

= 300

+ 280 + 286

= 866

=

2•11 (20-7)

286 kN/m
kN/m. The force

component in the direction of the slide, N

866 kN/m

exceeds NsR = 500 kN/rn and a probability for the
occurrence of a progressive failure prevails.

4.3

The propagation of the slide

The following description of the evolution of the
slide aims a t

illustrating how a minor local insta-

bility may trigger a s lide which in this case comprises not only the slopes but also all of the horizontal ground of the Kville valley . Above, we have
deduced how e.g. a pore water pressure increase at
some critical locations causes the maximum shear
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resistance in layer "a" (NsRI to be surpassed in the
upper part of the slope. The table below illustrates
how the failure spontaneously propagates under continued growth of the driving forces No+ Ja. It is
thus presumed that the slide commences as a local
drained failure which - with increasing rate of
strain - turns into an undrained failure.
Ja

active earth pressure against the sliding
body uphill of each section ,

Jp

TABLE 7.

Section••

=

passive earth resistance in each section.

Computed forces showing the propagation of the sZide.

Driving forces
(No • Ja) MN

1

90+260

2

120+340

Max. mobilizable

stabilizing resistance NsR (HN)

Passive
resistance
Jp MN

.
.

350

50

320

460

60

470
720

3

220+440

=

660

60

4

510+530

• 1040

65

990

5

1110+670

= 1780

150

1740

6

1850+1080 • 2930

No < NsR*

3210

Fa i1 ure
criteria

Coornents

} No>NsR
No•Ja<Jp

{ Failure in layer
"a". The slide progresses downhill.

} No>NsR
No•Ja>Jp

in
{ Passive11 failure
layer b'1 • A Rankine
zone is formed.

} No•Ja<Jp
No<NsR

{ The slicle is retarded
and tenninates in a
passive slip surface.

*When the failure zone becomes horizontal (To= 0 < TR)
which is taken to be valid from section 6, NsR grows
without limit with increasing values of x. In this
case NsR = N0 = 1820 MN is attained for x -350 m.
The forces in Table 7 are calculated under undrained
conditions assuming that only 'R = 7 kPa can be mobil ized for active pressures and passive resistances .
Thispresupposes that the passive pressures corresponding to TMax are successively overcome by dynamic
forces according to 4.4 below.
**The numbers 1 through 6 of the different cross sections
refer to App . I, II and III .
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4. 31

Sequence of events

The driving force No in section 1 originates from
areas with initially low stability where the safety
factor has deteriorated on account of pore water
pressure increase and active brittle failures due to
tension strains on account of downslope movement
(Fig 6 ).

4.32
Between sections 1 and 4 N0 is greater than NsR and
hence the failure in stratum "a" propagates downslope with increasing momentum.
At section 4 (No+ Ja) exceeds the passive earth
pressure in stratum "b" and a passive Rankine zone is
formed. However, the progressive failure in layer "a"
goes on simultaneously, whereby it should be noted
that the value of NsR is reduced by the plastic behaviour of the soil in layer "b".

4 . 33
The retardation of the sliding soil volume in the
vicinity of section 6 is caused by increasing NsR due
to reduced inclination of the failure zone and due
to the growing value of Jp with depth. Calculations
have shown that variations in the depth of the fail ure zone in this area only affects the ratio
No+ Ja/Jp to a minor extent.

4.34
When the driving force No+ Ja becomes smaller than
the passive resistance Jp the heave of the ground
ceases and with it the more spectacular consequences
of the slide. The progressive failure along stratum
"a", however, continues until the force No again be-
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comes smaller than the mobilizable shear resistance
NsR• At the Tuve slide this seems to occur far ahead
of the area subjected to heave. The failure in layer
"a" beyond the heaved ground results, however, only
in a moderate displacement (roughly 1 m) which, along
with more tangible sequels of the slide may easily
evade observation.

4.4

(See App. III.)

Dynamic forces - retarding forces or
forces of inertia

During the retardation of a landslide forces of
inertia (T) are generated. The magnitude of these
forces is related to the kinetic energy of the sliding masses

(Er) and the distance of retardation (S).

The retardation takes place within a zone with the
length L where the heave of the ground surface is
µ

• H m (the

'retardation zone' may be defined as the

extension of the zone of passive failure on account
of dynamic forces). With previously used symbols the
following relation is obtained at fully plastic
passive failure and dynamic equilibrium:

FIG 8.

Retardation of the slide - dynamic forces causing heave
of the ground within the zone of retardation .
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The values of No, Ja and Jp vary within the zone of
retardation, whereby the values of T grow from T = O
to T = TMax at the same time as S decreases from
S = Smax to s = O.
The work carried out by the force Tin a small element
6x of the distance L will be:
dSx
dEr = Tx • 6Sx = Tx • dx • 6 x

The heave µ

(9)

Hx within the element 6x is

µ • Hx · 6x

( 1 0)

6Sx • Hx

The total work may then be expressed in differentials
as:
L

µ•Hx
Tx • - - • dx
Hx

f

0

( 11 )

If e.g. Tx is taken to grow linearily and µ • Hx is
constant we get
'fMax
Er= ET= -2- • µ • L

4.41

( 12)

Application on the landslide at Tuve

If the duration of the initial progressive slide is
estimated at t = 5 sec and the maximum speed for
respective parts of the total volume is
2•ox
Vmax = - t - m/sec

(ox = displacement of a part-volume

in stratum " b" due to progressive failure in stratum
"a ") we get
Er= 5 • 10 3 MNm
But Tmax = Jp -

(Ja+No) = 3690 -

According to (12) L

2 • Er
µ • Tmax

(1510+1520)

660 MN
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At an average heave of 3,5 m in the passive Rankine
zone the length of the retardation zone is L = 120 m.
If the duration on the other hand is presumed to be
t = 10 sec we get L = 30 m, for a heaveµ• H = 3,5 m.

4.5

Conclusions

The theory for progressive failure formation and the
applied analysis seem to correlate well with the slide
at Tuve. In the opinion of the authors the analysis
renders a qualitative and quantitative explanation
to the genesis, propagation and final extent of the
slide.

4.51
Conventional analysis - based on the concept of
plastic failure - can, however, decidedly not account
for the fact that the slide extended over the whole
of the Kville valley thus spreading over vast areas
of flat horizontal ground. The passive earth resistance
at the foot of the slope (near Nya Tuvevagen ) is
namely fa r less than the force required to generate
plastic failure over the horizontal portion of the
Kville valley (Fig 9). Thus, according to conventional
slip surface analysis it should not have been possible
for the Tuve slide to extend beyond Nya Tuvevagen
(Fig 9).
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FIG 9.

Section through the Tuve landslide. (Distorted seale.)
Foree required to produce plastic failure aeross the
horizontal part of the Kville valley as compared to
maximwn passive resistance (JpzJ at the foot of the
slope proper.

The shown application of progressive failure analysis,
however, gives an unambiguous answer to the question
why so much of the landslide covers v irtually stable
horizontal ground - the force required to initiate
a horizontal failure surface (NsRl being smaller than
Jpl· Even with wide margins with respect to assumed
residual strength the progressive fai l ure in l ayer
" a " can be s hown to exte nd to section 6 (App . III).

4 . 52
The extent of the passive Rankine zone on the o t he r
h and i s to a higher degree sensitive to the assumptions made regarding the residual str e ngth of the
c lay. This holds true - although t o a lesser degree if t he inertia fo r ces during the r etardation of the
slide are consider ed. However, as the slide actually
took place, it can be deduced t hat the re sidual or
large strain shear strength in layer "a " could hard l y
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have been more than 7 kPa in the dynamic stage, which
seems to confirm the statement by Torstensson in [18].

4.53
Further it is the opinion of the authors that conventional slip surface analysis based on plastic
failure, does not give a satisfactory cinematical
explanation to the configuration of the ground surface. The present analysis based on progressive
failure, however, offers very attractive explanations
for the details appearing in the ground surface after
the Tuve slide had taken place,

(App. III).

4.54
The present method for analyzing translational slab
slide stability is well suited for control of existing
slopes. If the strength parameters of the soil are
not well known it often proves useful to carry out
a

'sensitivity' analysis by merely inserting plausible

extreme values for the various parameters into the
computations. The analysis will non the less mercilessly unveil specific weak spots along the slope for
which selective measures to improve stability may be
taken.

4.55
The proposed method for analyzing progressive failures
in extensive slopes has at least one undisputable merit.
It proves mathematically and physically that progressive
failures can occur for rather low values of the brittleness index (IB = TMa~ - TR i.e. values that may be
Max
valid for norma lly consolidated sens itive soils. This
fact invalidates the widespread attitude of many geotechnicians that non - plastic behaviour of this kind
in normally consolidated soils - is invariably related
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to liquefaction in continuous strata of loosely compacted silts or sands, An interesting aspect in this
context is the consideration that sand and silt strata
in steep slopes should in principle have a relative
density corresponding to the critical void ratio due
to the effect of creep.

{Sand and silt subjected to

one-directional shear will always attain critical
void ratio i.e. shear at constant volume.) Hence - in
the opinion of the authors - liquefaction due to
shear increments in slopes is not very plausible in
sand and silt strata.

4.56

The authors have found that progressive failure
analysis as above has the following additional merits:
a) It yields quantitative information about whether
a slope failure will result in a mere ground displacement or a catastrophy. The final extent of
the slide emerges as a result of the computations.
b) If the stress-strain properties - and especially
the large strain strength - of the soil are roughly
known {or documented by testing), this analysis
also yields information about the magnitude of the
local displacement {and corresponding incremental
stresses) that - caused by some agent - could
trigger a large landslide.
For different slopes - with the same 'conventional
safety factor' - the order of magnitude of this
critical disturbance may vary widely with the
topography of the subground and other geological
or geotechnical features. Thus the slope of strata
in the soil may be as important - sometimes more
important - than the slope of the ground surface.
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c) The results of the progressive failure analysis
unveils whether it is justified or totally out of
place to apply conventional plastic failure analysis
to the slope. It demonstrates e.g. whether it is
reasonable or not to utilize passive earth pressure
at the foot of the slope as a stabilizing factor.
d) The deformation analysis clearly indicates that in strain softening soils - the force required to
initiate a failure plane, which is practically
parallel to the slope (NsRl may be far less than
the force required to produce heave of the ground
due to passive Rankine failure.

4.57
Following to the description by Gregersen [21] of the
large landslide at Rissa, 1978, the authors find a
striking similarity between the first large monolithic
slab slide (in a north-westerly direction) and the
development of the main slide at Tuve . It is suggested
that this particular phase of the Rissa slide was a
downslope progressive failure initiated by lateral
stress relief in the active zone. The other monolithic
slides at Rissa were probably also down slope progressive failures in their initial stages, which seems
to be confirmed by eyewitness statements according to
Gregersen [21].
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ON THE BRITTLENESS OF SOFT CLAYS
Stig Bernander SKANSKA, GOTHENBURG*
Ingmar Svensk

l:

General

SKANSKA, GOTHENBURG

(Introduction)

Many of the extensive landslides which have occurred in Sweden
cannot be readily understood by means of conventional analysis
based on the concept of plastic failure. It is true that in
many cases the slides have been triggered by man- made operations
of unknown intensity {piling, fills etc.), but even in hindsight i t
has often turned out to b:? very unrewarding to attempt to correlate
the actual extent of a slide by back-analysis in accordance with
current procedures.
At Rollsbo [3] the safety factor (undrained analysis) was e.g. found
to be 2,3. For the original slope at the Tuve slide the Swedish Geotechnical Institute (SGI-varia no 56 [20]) has evaluated safety factors with respect to slides of some length ranging from 2,2 - 2,6,
thus - pin-pointing the capriciousness of the conventional approach .

. (~

x

I

Lea

,j

- - - NsR IMAX STABILIZING FORCE!
N 0 / NET DRIVING FORCE 1

INITIAL EARTH
PRE;.~u~~ Eo =
f-<=.--!-----'--'----'--c..L-~ ~ - l - ---'--Ko·-2-

cl

Fig. l

.L,: .....-f;:·- ·r;·1
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J.=;:.=....L-"!.1.--'L----'----"---- PRESSlJRE ~~

Typical results and definitions in progressive
failure analysis (uniform slope). See also fig.ll.
To= prevai ling shear stress corresponding to
the down s l ope forces= P • g · H · tg !3
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In references [4] and [6] Bernander & Olofsson have

5hol',f) qualitatively and quantitatively how a minor disturbance acting

in a slope of strain - softening material may trigger a progressive
failure which eventually propagates into vast areas of - may be even horizontal ground.
The analysis according to [4], [s] and [6] involves studying the
effect on the slope of an additional force (N) arising e.g. from
increased active earth pressure (LlEa) on account of fills, piling
activity, strain accumulation due to non-uniform creep (7] etc.
If the residual shear resistance of the soil is less than the shear
stress corresponding to the slope inclination, there will always
exist a characteristic mobilizable resistance NsR (fig 1 and 2).
If NsR is exceeded (fig.1 and ll)a progressive failure is initiated
which - at sustained additional load N - will terminate only when
NsR• on account of changing conditions, again balances the algebraic
s·um of downslope forces and the total shear resistance.
The risk for progressive failure can thus be put as (see ref.
NsR
NsR
Fe
-N- = .aEa

~·H

1'I

...-'.'.'.:

•

./

[4] ).

/

----

Ep- Eo = 0,4· 1·g·H •2·!·H
2

Fig. 2 Mobilizable ' passive' resistance,(NsR) in a slope if
deformations in the soil are considered.

In the very same way as Ep constitutes the passive Rankine earth resistance
corresponding to the failure surface BC, NsR stands for the passive
resistance along the failure surface BO (fig. 2) if the deformations
due to compression in the potentially sliding soil are considered.

1 01

For ideally plastic soils NsR will alwc1ys be greater than (Ep).
However, in a strain softening soil NsP. may - depending on slope
inclination and brittleness etc - be co~siderably less than (Ep).
in which case failure will take place a,ong zone BD instead of BC.
Thus if the corn ression of the soil is re arded, failures in
brittle soils will tend to develo alon the beddin
anes more
or less arallell to the round surface or firm bottom rather than
along cvlindrical slipsurfaces such as line BC.
The Bernander - Olofsson approach has at least the undisputable
merit of making it possible to define the theoretical limits of
the validity of the plastic failure concept with respect to the
deformation characteristics of the soil . Inversely if these charac teristics are known for relevant strain rates the initiation and
the extent of a slide may be predicted. (Fig. lU.
2:

Drained or undrained parameters?
Long term stability for a slope may be checked by drained analysis
in which case the conventional approach with plastic failure ought
to be applicable . Hm·1ever, when failure occurs in a natural slope
the triggering agent is usually of temporary nature (increased
pore water pressure due to rainfall , fills, piling etc.)

---t-~ ___
\

l,O

__

Slope

with drains

Sl~p~(slow f i l ! i ~

, (. ' ~ Slope A

j

( rapid filling)

Ot------+--Fa_i_lu_r_e_ _ _ _--,-'_ _ _ _ _
Ti._.;me
drained
creep

undrained
creep

Fe,= ;f Z-:.ax
G· sin a:

F _ NsR
c- A Ea

drain~d
creep
Fc1

Disturbance due to e.g.
active earth pressure build-up ( A Ea

b)

rapid creep rate due to pore pressure
Increase from heavy ra infall

cl piling activity
d) piling of fill

Fig. 3

J

a)

(AEa l
( AEa)

Slope stability - variation of safety factor
with respect to creep.
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But even in the case when a local failure is of a drained character
the subsequent rupture will take place und2r increasingly undrained
conditions. Thus when analysing failure m~chanisms failure ro a. n and the ultimate extent the de reQ of disaster of otential
slides it is necessary to use undrained parameters which are relevant
to the strain rates at stake.
A slope may therefore remain stable under drained conditions for
thousands of years and yet be potentially unstable for any agent
inducing undrained behaviour in the so, I material if this is strainsoftening. Progressive failure may occur even when the conventional
safety factor (plastic failure) is considerable.(Fig. lla and b).
3:

Brittleness in soft clays in direct shear
Potentia l instability due to a progressive failure mechanism is
possible for

where

(see fig.
F

4 )

Cu
mean

T

(conventional safety factor)

Cu

undrained (short term) shear strength

er
u

undrained residual (large strain - high stress
rate) shear strength.

Thus if the ratio c:/Cu is 0,5 progressive failure can only be
excluded when the conventional safety factor (F) exceeds 2,0
everywhere in the part of the potential failure zone,
where the failure may be initiated.
The conclusion of the aforesaid is obviously that the relationship
between the residual shear resistance (CC) and the shear strength Cu
must be an important target for future research. At the SKANSKA
geotechnical laboratory (Gothenburg) an investigation has been
carried out in order to give a background experience of how to
perform new types of routine shear tests designed to reflect the
behaviour of soft clays in planar landslides more accurately than
t he current standard test procedures.
The shear tests have been carr ied out at different strain-rates
and for various values of OCR (overconsolidation ratio) as these
two factors were expected to have a decisive effect on the ratio
CG I Cu. ( Bernander, [1] , [2J ) . Thus the residua 1 shear strength
( C~) does not have-a unique value which is characteristic for
the soi l materTaT in question - a complication which, however,
also appl ies to the undrained shear strength (Cu)·
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4:

Stress-strain relationship in direct shear.
The failure mechanism in a potential fai1,!re zone of a planar slide
is taken to be as follows:

~!~g~_l
Initially the material in the potential failure zone is sheared more
or less uniforml y as shown in fig. 4 b. The tota l displacement in the
failure zone is then
h
..•...•..... . ....... 2
h
ox = J Yz dz = y m
0

Yz

where

is a function of the shear stress and the strain rate

(Other notations are defined in fig-. 1 and 4).
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?!~g~_f
At some point a slip surface is formed-an event usually accompanied by a
gradual loss of shear strength. The displacement ~ow has two components - one due to deviatoric strain in the material and one
due to the slip in the slip surface itself ( Ll6x). (Fig. 4 c).

,sx

f

h

yz

· dz

+

Llox

.. ..... .......... ..... .... ... 3

0

Yeff. h
where

the elastic modulus in shear
Yeff

apparent or effective angular deformation

'm

mean shear stress in the failure zone.

In a strainsoftening material the stress level will drop to lower
values at which a more or less linear relationship applies between
stress and deviatoric strain. (G 0 ). The residual shear stress in the
slip surface, however, will tend to be highly dependent on strainrate owin to the interaction between ore pressure build-up 1n the
sli surfaces h draulic lubrication an t e rate o 1ss1 at,on
of these excess pore water pressures. It should be noted that the
magnitude of these high local pore water pressures cannot be studied
in conventional apparatus for undrained testing as with such gear
only the mean pore pressure rise in the sample can be registered.
(See fig. Sc).

:1

Synopsis
The stress.-deformatio.n relat.ionship in direct shear is thus composed
of two ranges which differ in principle - in the first range the deformation is composed of deviatoric strain and in the second it is
dominated by the slip in the slip surface itself. Hence the stressdeformation properties of the failure zone can be expressed in terms
of the d!splacement (o) or the 'apparent' deviatoric deformation
(Yeff = ). The relationship constitutes basic data for stability
analysis11 according to the concept of progressive failure as described in references [2] through [6).
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5:

Description of tests
Most of the tests carried out in this investigation are shear box
tests (fig. 5a). This has been found appropriate as our interest
in this case has been mainly focused on the residual shear strength
properties in the slipsurface proper at high strain rates.
In some tests the sample was contained in an extremely flexible
spiral as in fig Sb. The clays have been tested for various values
of OCR and at different strain-rates. Four types of clay have been
tested, the properties of which are seen in table l.

Fig. 5b

Fig. 5a

Fig.5 c Postulated pore pressure conditions near the slip
surface.
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Stress-deformation relationships for two types of clay
at three different strain rates. (St= sensitivity).
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Fig. 8 Britt l eness ratio C~/Cu as a function of strain rate .
The value of Cu is related to OCR= 1.

1 07

The investigation shows that the residual shear strength is highly
dependent on strain rate and on the overconsolidation ratio (OCR).
However, at lower strain rates
,high OCR values (i.e. low effective
stresses) tend to give low resiaaal shear strengths and low peak values.
(Fig.6 ). (C.f. Ladd & Foot[161, Lefebvre, La Rochelle [17].)
At high strain rates (slip rates) on the other hand the residual
shear strength becomes rather independent of the prevailing effective stress (as expressed by OCR) - at least the mentioned tendency
at low strain rates is hard to detect at higher strain rates.
(fig. 8 ).
Nevertheless, the genera~ trend for the residual shear strength
(C~) to decrease with growing strain rate is very pronounced and
seems to be a more crucial parameter than the inherent clay
characteristics themselves - including sensitivity (fig. 7 ).

M

Very low residual shear strengths have been found for soft clays
at the tested strain rates, which - although they are considerably
higher than those corrvnonly used in direct shear tests - are still
very far from the strain rates actually occurring during the evolution and in the final phase of a landslide. (Fig. 8).
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Fig.10 Jacking of two sections of a concrete pipe in clay
- separately and both together.
p

Force required to jack pipe 0-1 separately
5500 kN
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4780"
0-2 simultaneously 7420 "

'mean
C~(O-l)
34 kN/m2
64
31
16,3 kN/m 2

The fig.9 and 10 refer to results from measurements made in the field
when a pipe is being jacked through clay . The diagrams clearly show that
the mobilizable shear stress in the soil is strongly dependent of the
dimensions of the structure - in this case the length of the pipe. These
phenomena underline the importance of considering deformations also in
soil mechanics.
6:

Consequenses of brittleness in clays with regard to landslides.
The stress deformation relationship for clay in direct shear can be expressed in term~ of the displacement (o) or the apparent angular deformation Yeff (= 1,), and constitutes the basic data for stability analysis
accordins to the concept of progressive failure as described in ref. [2]
through L6J. In these reports the brittleness ratio er/ Cu has been
found to have a most decisive influence on the initia~ion, propagation
and ultimate extent of a slide. Fig. lla and b.
As can be seen from fig. lla the question as to whether the CG / Cu-ratio
is 0,55 or 0,40 constitutes the crucial issue with regard to the degree
of disaster of a potential failure in that particular slope. For a value
of ci I Cu= 0,55 a failure in the upper part of the slope will result
in a minor slip (causing a moderate crack), whereas for C~ /Cu = 0,40 a
major disaster will take place heaving the ground in the passive zone over
some 250 m. The stress - deformation characteristics derived from from the
tests in this investigation indicate that the brittleness ratio C;j / Cu may
attain values as low as 0,3 for soft clay at strain rates, which are relevant to l andslides. Brittleness ratios of this order readily expla in the
large planar landslides in Sweden. The risk for a local failure and in
particular the f inal configuration and extension (the ' scope of disaster')
of a potential landslide can thus be predicted by means of progressive
failure analysis based or. stress - deformation data, which are relevant to
the actual strain rate during the slide. NsR is the decisive parameter for
predicting the risk for initiation of a slide. As the strain rate during
initiation of a slide is not well defined it is a fortunate circumstance
that the value of NsR (fig 2) depends more on the slope inclination and
on the modulus of elasticity of the soil than on the brittleness ratio.
Thus NsR may be computed with reasonable accuracy even with a rough estimate of the brittleness ratio.
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Fig. 11. Progressive failure analysis of two slopes having the same
conventional factor of safety vis a vis failure (along AB).

Progressive failure analysis -a long with conventional methods - is
now a routine approach in the assessment of slope stability at SKANSKA
design office in Gothenburg. Fig. 11 shows a comparison between the results from such non-linear failure analysis for two different slopes having
the same conventional safety factor (1 ,90) with respect to extensive slidi ng.
The two slopes have the same mean steepness and differ only with regard
to the shape of the contour defining firm strata.

11 0

If the increase in active earth pressure by some agent is 6.E =50 kN/m
slope C will fail (.6E > N~R = 33 kN/m) whereas slope A willa remain
stable (~Ea < N~R = al67 l<N/m)
Thus

167

3,3

33

0,66

~

"5tf

As can be seen in fig. 11 b (slope C) the downslope forces will exceed
passive earth pressure creating a passive Rankine zone over a length
of some 240 m with due disastrous consequences .
If, however, the disturbance force - for some -reason - should exceed
167 kN/m in slope A (CG/Cu = 0,5) the downslope force N will hardly
exceed passive Rankine pressure, in which casefailure will only result in a moderate slip causing only cracking in the active zone.

7:

Resume
The stress -deformation characteristics derived from the tests
in this investigation indicate that the brittleness ratio cc;cu
may attain values as low as 0,3 for soft clays at strain
rates, which are relevant to landslides. Brittleness ratios
of this order readily explain the large planar landslides in
Sweden. The risk for a local failure and in particular the
final configuration and extension (the 'scope of disaster')
of a potential landslide can thus be predicted by means of
progressive failure analysis based on stress - deformation
data, which are relevant to the actual strain rate during
the slide .
The progressive failure analysis reveals inherent properties
in a slope the nature of which cannot be evaluated by the conventional approach. This is of course a serious matter as e.g.
one of the studied slopes in fig. 11 is quite stable, while
the other treacherously conceals a potential disaster. Yet,
both have the same conventional safety factor of 1,90.
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THE LANDSLIDE AT FROLAND, JUNE 5, 1973
by Gosta Bjurstrom, Fil. lie. Civ ing, Tyrens Foretagsgrupp AB, Stockholm, Sweden, and Bengt B Broms, Professor, Royal Institute of Technology, Stockholm,
Sweden.

INTRODUCTION
A landslide occurred June 5, 1973, at Froland located
about 4 km west of the town Uddevalla in the southwestern part of Sweden as illustrated in Fig. 1. About
450.000 m3 of soft clay slid into the bay Byfjorden.
This landslide was undoubtedly caused by liquefaction of
thin sand or silt layers in the clay due to blasting at
an adjacent stone quarry.
A series of photographs of the slide was by coincidence
taken from a nearby hill, a very unique situation. These
photographs illustrate well how the slide started and
developed as described in the following.
SOIL CONDITIONS
The slide occurred in a de e p valley filled with soft
marine clay which had been deposited during and just
after the latest glaciation about 11700 years ago. In
the valley was a small stream which partly had eroded
the soft sediments. The sides of the stream channel
were relatively steep. The area had previously been used
for storage of crushed material from an adjacent stone
quarry.
The thickness of the clay layer, which was

approximate-

ly 2 to 3 m in the upper parts of the slide area, increased gradually towards Byfjorden. The maximum thickness was about 10 m. At the surface there was a crust of
heavily overconsolidated clay. The clay, which was
underlain by sand or till become silty with depth.
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A typical soil profile after the slide within the slide
area is shown in Fig. 2.
The undrained shear strength of the soft grey clay as
determined by fall-cone tests varied between 13 and 25
kPa for all the samples tested and the sensitivity between 11 and 94. The sensitivity of samples taken outside the slide area exceeded 300. Seams or layers with
fine sand were found in most of the samples.
The ground water level as observed in open boreholes was
located about 2 m below the ground surface in the upper
and middle parts of the slide area and between 0.5 to
1.0 below the ground surface in the lower parts.
The initial slope of the area was 1:16 (3.6°) down to
the chore of the bay and about 1:30 (1.90) in the
water up to 100 m from the shore line. Further out the
slope of the bottom was considerably steeper.
The slide occurred after a period with heavy rains. The
total rain fall had exceeded the normal rain fall by
more than 70 mm. About 65 mm had fallen immediately
before the slide. The ground water level was probably
high.
The length of the slide was about 200 m with respect to
the former shoe line and the width about 120 mas illustrated in Fig 3. The surface of the slide area was very
rugged after the slide with many sharp clay ridges and
numerous ponds as illustrated in Fig 4. Several springs
were observed along the steep scrap around the perimeter

of the slide area.
The slide extended into Byfjorden about 150 m from the
initial shore line. The slide reached to the north almost to the side of the steep valley. At the edge was
an approximately 5 m high scarp. The valley floor was
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covered by fallen and broken trees and by large blocks
of clay which essentially have been displaced laterally
without rotation. Numerous sand ridges and sand cones as
well as craters with seeping water were found within the
slide area which indicated that the sand had liquefied
during the slide.
DEVELOPMENT OF THE SLIDE
The slide occurred at 15.30, June 5, 1973, during blasting in an adjacent quarry immediately north of the
valley. The slide was photographed by Mr. Erik Hafstad
from Gothenburg from an adjacent hill (Fig 3). It was
possible from the photographs to get an indication of
how the slide initiated and developed as described in
the following.
In Fig. 5 is shown the stone quarry located just north
of the valley, where the slide occurred and the blast
that initiated the slide . There are no indications yet
of any large scale movements and that a landslide is
imminent. The first signs of the slide can be observed
in Fig. 6 about 8 seconds after the b last in the center
part of the slide area, where some of the trees have
started to lean as can be seen to the left in the
photograph.
The shore line is shown in Fig. 7 about 12 seconds after
the blast. Several large cracks can be observed parallel
with the inital shore line . These cracks have probably
been caused by uplift due to high pore water pressures
in pervious sand or silt layers in the clay, which
likely have exeeded the total overburden pressure just
beyond the shore line. The ground surface above the
shore line slopes gent l y towards the bay (1:16). The
cracks in the road in the upper part of the photograph
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and at the storage bin in the center indicate that the
area in front of the road and the storage bin has
settled without any appreciable lateral displacement.
The center part of the slide area is shown in Fig. 8
about 16 seconds after the blast. The area at the center
had settled. The trees to the right in the photograph
have started to lean. Cracks can be observed immediately
to the right of the front wheel loader at the center of
the photograph.
The upper part of the slide area is shown in Fig. 9
about 20 seconds after the blast. Large movements have
occurred within the whole slide area.
The lower part of the slide area close to the shore is
shown in Fig. 10. The water in front of the sliding soil
mass appears to be boiling. This is probably caused by
the liquefied sand, which under high pressure is forced
through cracks in the clay. The sliding soil mass is mo
ving laterally as a block. The road and the storage bin
are almost intact. It is estimated that the velocity of
the slide is about 7-8 m/s.
The road behind the front wheel loader at the center of
the slide area has been pushed up and cracked as shown
in Fig. 11. A steep scarp can be seen in the upper part
of the photograph.
The upper part of the slide area is illustrated in
Fig. 12 about 50 seconds after the blast. Large
movements can be observed within the whole slide area.
Many of the trees have fallen down.
The lower parts of the slide close to the former shore
line are shown in Fig . 13 about 60 seconds of the blast.
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Part of the slide masses have disappeared into the
bay. The velocity of the sliding soil masses is about
7 to 8 m/s.
The center part of the slide area about 70 seconds after
the blast is shown in Fig. 14. The slide is retrogressive during this stage. Large blocks of clay are breaking away from the south side of the valley.
A somewhat later stage is shown in Fig. 15. The scarp on
the far side is approximately 6 m high. Water is flowing
from pervious sand layers in the clay as can be seen to
the right in the photograph. Water from Byfjorden is
flowing into the slide area at the lower left corner.
CONCLUDING REMARKS
The landslide at Froland has undoubtedly been caused by
liquefaction as indicated by the unique series at photographs in the article. This landslide differs from the
retrogressive rotational slides that are common in the
Gota River Valley and which are triggered by an initial
slip at the toe of a slope. Landslides caused by liquefaction are mainly known from Holland, Chile, Alaska,
Canada and China and are generally caused by earthquakes.
A submarine landslide in Norway has been reported in the
literature which has been caused by blasting.
Landslides caused by liquefaction are progressive and
spread downwards. This type of landslide occurs primarily
in fine uniform sand with low relative density and where
vibrations from earth quake, blasting, pile driving of
traffic will cause an increase of the pore water
pressures and reduce the shear strength. Landslide caused
by liquefaction can occur even when the ground surface is
almost horizontal and the slope is only a few degrees as
was the case at Froland (3.60).
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Fig. 4.

Fi9.

5.

Upper part of the slide area

Photograph of the quarry r1nc'l the blr1st that
initiated the slide.
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Fig. 6. The center of the slide area. The smoke after the
blast can be seen to the right. Some of the trees
to the left have started to lean . Photograph is
taken about 8 seconds after the blast .

Fig. 7.

The lower part of the slide area about 1 2 seconds after the blast. Several large cracks can
be observed parallel with the shore line which
have probably been caused by uplift. The cracks
in the road and at the storage bin in dicat8 that
the ~rea in front at the bin had settled without
any apprec iable displacem e nt.
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Fig. 8.

Fig. 9.

The center part of the slide area about 16
seconds after the blast. The area has settled.
The trees to the left have started to lean.
Cracks can be seen close to the front wheel
loader and just below the hill in the left hand
corner of the photograph.

Upper p a rt of the slide ar e a a bout 20 seconds
after the bla s t. The whole area below the hill
is moving.
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Fig. 10. Lower part of slide area about 30 seconds after
the blast. The water just in front of the shore
line appears to be _boiling.

Fig. 11. Center part of slide area about 40 seconds after
the blast. The road behind the loader has been
pushed up.
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Fig. 12 . Upper part of the slide about 50 seconds after
the blast. Large movements within the whole
area.

Fig. 13. Lower part of the s lide area a bout 60 seconds
after lhe blast.
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Fig. 14. Center part of slide area about 70 seconds after
the blast. Large blocks of clay are breaking
away from the south side.

Fig . 15. Upper part of slide area about 90 seco~as after
the blasts. Observe the approximate ly 6 m high
scarp at the far side of the slide area.
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Progressive Translationary Landslides
Bengt B Broms, Professor, Royal Institute of Technology, Stockholm, Sweden.
INTRODUCTION
Bernander and Olofsson (l98la, 1981b) have presented an analysis of the development of progressive
translationary landslides in loose saturated cohesionless soils, clayey or sandy soils and quick clays
taking into account the reduction of the shear strength
that takes place at large deformations. The stress
distribution along a weak layer in a slope is illustrated in Fig. l after an initial slip has occurred.
The lateral displacement of the soil in the weak
zone has been sufficient to reduce the shear resistance from its peak value 'f to its residual
value 1 in the weak zone between Sections a-a and
r
b-b. This reduction of the shear resistance increases
the lateral earth pressure in the slope between
Sections a-a and b-b. This in turn will cause the
failure surface to spread further down the slope with
a further reduction of the shear strength (from 'f
to 'r).
It has been assumed by Bernander and Olofsson that
the deformations of the soil take place entirely
in a narrow zone which is approximately parallel
with the ground surface, that the deformations outside this zone are small and negligible and that
the initial shear stress (1 0 ) in this zone in a plane
para l lel with the ground surface corresponds to the
slope . It has also been assumed that the peak shear
resistance of the soil within this zone (1f) is lower
than that of the surrounding soil and that failure
occurs in this weak zone. The proposed analysis
indicates that a slide will propagate down a slope
if there has been an initial local slip within this
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Fig. 1

Progressive translationary landslide.
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weak zone and if the length of the failure surface
exceeds a certain critical length Lcr· It was shown
that this critical length depends primarily on the
thickness of the weak zone and the peak and residual
shear strength and the elastic compressibility of
the soil above the failure surface. A simplified analysis is presented in the following which is based
on the failure mechanism proposed by Bernander and
Olofsson (1981a and 1981b).

PROPOSED ANALYSIS
Typical stress-strain relationships for strain
hardening and strain weakening materials are shown
in Fig. 2. For a strain hardening material the
shear resistance will increase with increasing deformation while for a strain weakening material the resistance will decrease one the peak strength has been
exceeded. Progressive translationary landslides of
the type indicated in Fig. 1 can only occur in a
strain weakening material where the residual shear
strength tr is lower than the initial shear stress
t 0 along a potential failure surface in the soil
The rectangular stress-strain relationship BCDEF
shown in Fig. 2 has been used in the following analysis of the stability of a slope in order to simplify the calculations. Point Bon the assumed stressstrain relationship corresponds to the initial stress
conditions along a plane in the weak zone approximately parallel with the ground surface. The initial
average shear stress and initial average shear strain
in the weak layer have been assumed to t 0 and y 0 ,
respectively.It has thus been assumed that a very
small deformation is required to mobilize the peak
strength -tf of the soil (B-C), that the shear strength
is constant (tf) beyond t 0 (C-D) until the shear strain
is equal to tf and that the shear resistance then is
reduced tr (D-E).
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Fig. 3

Initial stress conditions.
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The initial stress distribution in a slope is shown
in Fig. 3. The force P0 is acting on a vertical
plane through the slope. This force will be constant
along the slope if the slope is long and the inclination is constant. The initial shear stress T
0
can be calculated from the equilibrium of the wedge
between Secti ons a-a and b-b.
H pg si n 8

(l )

where His the depth to the weak layer, p is the
unit weight of the soil and 8 is the inclination
of the weak layer.
CRITICAL LENGTH
The load distribution after an initial slip with
the critical length Lcr has occurred is illustrated
in Fig. 4a. Section b-b has been displaced the distance o0 along the assumed failure plane in the
weak zone while Section a-a has not yet moved.
The corresponding shear stress distribution along
the weak zone is illustrated in Fig. 4b . The shear
stress at Section a-a which ha s not yet moved is
assumed to be equal to T0 • The peak shear strength
Tf i s mobili zed between Sections a-a and b-b . Between Sections b-b and c-c t he shear stress in the
weak zone along a plane paral l el with the ground
surface corresponds to the residual shear strength .
Because of t he reduction of the shear strength from
Tf to Tr between Section b-b and c-c the lateral
force at Section b-b has increased to {P + N) where
0

N

(2)
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a) Shear strain distribution

b) Shear stress distribution

Fig. 4

Fai l ure conditions
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The increase of the lateral displacement ~o of Section b-b caused by the force N can then be calculated from the equation

~o

=

(3)

where x is the distance between Sections a-a and b-b
and Eis the modulus of elasticity of the soil above
the weak zone.
The lateral displacement ~o can also be calculated
from the angular displacement of the weak zone at
Section b-b as illustrated in Fig. 4a.
(4)

where his the thickness of the weak zone .
The increase of the lateral load Nat Section b-b
corresponds also to the increase of the average
shear stress between Sect ions b-b and a-a as shown
in Fig. 4a . Then
N

(5)

where 10 is the distance between Sections a-a and b-b .
The following relationship can t hen be derived from
Eq. (2) through (5)
Lcr

=

since Tf/'o

I

2 (yr - -Yo) (Tf - TO) EH

(TO

-

Fs and Tf/Tr

Tr)

2

5t·

(6)
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Eq. (5) can be rewritten as
L

er

=

j

2 (Yr - y0 )(1 - 1/Fs)Hh
(1/Fs - l/St)

E

T-

2

f
(7)

In the case liquefaction takes place in the thin
weak zone and tr = 0 (St= 00 ) then
(8)

The critical length Lcr will thus depend on the
thickness of the weak zone h. If this zone is thin
the critical length will be small. If, for example,
h = 0.02 m, H = 10 m, (yr - y0 ) = 0.1, Fs = 2.0,
St= 10 and E/tf = l 000 then Lcr = 11.2 m.
It is interesting to compare Eq. (6) with that derived by Bernander and 0lofsson (1981a) where
Lcr

~ 5 /Yf EHh

[Tf T-f,, r/2 '

(9)

(to - tr)

In this equation Yf is the shear strain at the
peak shear strength tf. This equation can be rewritten as
5

jyf Hh(l - l/Fs)l/2
(1/Fs

E

( l 0)

- 1/St)

At h = 0.02 m, H = 10 m, yf = 0.03, Fs = 2.0, St=
10 and E/tf = 1000 then Lcr = 19.4 m. This critical length is thus somewhat larger than that from
Eq. (7).
The main difference between the two equations is the
term (y - yr) which in Eq. (7) corresponds to the
0
shear strain required to reduced the shear strength
to its residual value. In Eq . (10) the shear strain
Yf which corresponds to the peak shear strength tf
has been used instead.

136

WEAK ZONES
It has been assumed in the derivations of the critical length that the deformations are concentrated
to a weak zone or layer in the soil and that the
deformations in the soil above or below this weak
layer are small and that the shear resistance of
this layer is smaller than that of the surrounding
soil. In the case the soil is isotropic and the
shear strength is constant or increases with depth
which is normally the case the critical failure
surface will deviate upwards towards the free ground
surface.
The undrained shear strength 'fu of a layer of
a normally consolidated clay increases with increasing effective overburden pressure crvo and thus
with depth except in the stiff surface crust The
ratio 'fu/crvo is constant and increases in general
with increasing liquid limit of the soil In Sweden
this ratio is about 0.35. It is thus unlikely that
a normally consolidated clay will contain any pronounced weak zones where the undrained shear strength
is substantially lower than that of the surrounding
soil except close to a sand or silt seam where
leaching of salt from the clay or infiltration of
organic material can have occurred and reduced the
undrained shear strength and increased the sensitivity.
A sensitivity ratio (St) of 7.5 is sufficient to
reduce the shear strength enough so that failure
can occur even if the slope of the ground surface
is as low as 1° in the case the clay is normally
consolidated, the failure surface is parallel with
the ground surface and the ground water l evel is
located at the ground surface. In the case the slope
is 0.5° the required sensitivity is 15. It has been
assumed that the shear strength along the failure
surface corresponds to the remoulding shear strength.
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For the clays that are conman in Sweden, a relatively large di splacement is required to reduce the
shear strengt h to i t s resi dua l val ue. An i ndication
is the low rapi dity of these cl ays {Soderbl om, 1974)
due to i ts rel atively high clay content, about 60%.
The work requ ired to reduce the shear strength of
these clays is high.
The length 10 of the deformed zone shown in Fig. 4
can be estimated from the following equation

/2

EHh (y0

-

yr)

(ll)

( l - l /F s)

It wi l l thus depend on the shear deformation
(y 0 - yr) which i s required to reduce the shear
strength t o its residual value . In the case
(y0 - yr)= 0.1, Fs = 2.0, St= 10 and E/,f = 1000
then l O = 8. 9 m.
The largest uncertainties in these calculations are
connected with the thickness of the weak layer h
and the deformat ion (y0 - yr) required to reach
the remoulded shear strength 'r· In the case
(y0 - yr) = 0.5 and h = 0.l m then the length 10
wil l increase to 44.5 m.
It is considered likely that t he mechanism described
above wil l mai nly occur in sand or si l t seams . High
excess pore water pressures may devel op whe n these
l ayer s are disturbed si nce t he diss i pation of excess
pore water pressures is prevented by t he surrounding
clay. A dist ur bance of sand or si lt layer will i ncrease t he pore water pressure i n t he case the relatively density is low. (I n dense sa nd or silt a
disturbance will reduce the pore water pressure and
increase the shear resistance.) An increase of the
pore water pressure will al so affect the stabi l ity
further down the slope and reduce the shear strength
due to partia l or complete liquefaction.
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Progressive failure by partial or complete lique
faction will spread down a slope until the sand
or silt layer disappears or the increase of the
pore water pressure is so small that the shear
strength will be equal to or exceed the shear strength
of the surrounding soil. When this occurs the fail
ure surface will propagate in the direction of least
resistance towards the free ground surface . The ex
tent of a slide will in this case depend on the la
teral extent of the sand or silt layers down the
slope.

SUMMARY
The analysis presented in this article of progres
sive translationary landslides is based on the
failure mechanism described by Bernander and Olofs
son {1981a, 1981b). It has been assumed that fail
ure takes place along thin weak zones in a slope.
Because of the reduction of the shear strength
that takes place at large deformations in loose sand
or silt the lateral pressure will increase in the
slope when the peak shear strength has been exceeded
and the shear strength is reduced to its residual
value. This will occur when the length of the initial
failure surface exceeds a critical value which de
pends on the thickness of the weak zone, the resi
dual shear strength and the shear strain which is
required to reach the residual shear strength.
It is likely that the proposed failure mechanism
will occur where there are thin sand or silt seams
present in the soil and the relative density of
the sand or silt is low . Layers with low shear
strength has, for example, been observed at Tuve
which could have contributed to this landslide.
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STABILITY OF SLOPES WITH RESPECT TO LIQUEFACTION
by Bengt B Broms
Professor, Royal Institute of Technology ,
Stockholm , Sweden.

INTRODUCTION
Several landslides have recently occurred in Sweden which
probably have been caused by liquefaction of thin confined
sand or silt layers as illustrated in Fig. 1. Vibrations from
e.g. pile driving or blasting may cause local liquefaction
of the soil and a reduction of the shear strength as the pore
water pressure in the layers increases.The dissipation of the
resulting excess pore water pressures in these layers will be
very slow due to the low permeability of the surrounding clay
layers especially when the thickness of the sand and silt
layers gradually decreases down the slope and finally dis
appears . The sand and silt seams will then form pockets in
the clay. The pore water pressure may easily approach the to 
tal overburden pressure especially when the sand or silt seams
are sloping which is normally the case.
The liquefaction is initially probably very local close to the
point where piles are driven or where blasting is going on.
The local liquefaction and the resulting reduction of the
shear strength of the soil may cause an initial slip (local
failure) which may spread down the slope along the sand or silt
seam as the sand or silt is disturbed by the initial slip .
The mechanism is likely that described by Bernander and
Olofsson ( 1981) .
The stability of a s l ope with respect to liquefaction depends
to a large extent on the slope of the ground surface. However,
also the slope of the sand and silt layers, the inclination
of the ground water level in the overlying clay layer are im
portant as presented in an analysis by Broms (1978). In order
to simplify the calculations it was assumed that the pore water
pressure in the clay was proportional to the distance to the
ground surface. In the following a more complete analysis is
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THIN SAND OR SILT SEAMS

Fig. l

Landslides caused by liquefaction of thin
sand or silt seams.
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presented where the pore water pressure i n the clay is inde pendent of the location and the slope of the ground surface .

STABILITY ANALYSIS
The stability of a slope with respect to liquefaction has
been analyzed from the equilibrium of a wedge of clay that has
been cut as shown in Fig . 2 . At the bottom of the wedge is a
sand or silt layer. The stability of the wedge has been expressed
in terms of the angle of internal friction 0 1 req which is re quired to prevent sliding along the sand or silt layer. The
required angle of internal friction depends on the shear
force T which acts in the direction of the pervious sand or
silt layer and the effective normal force N perpendicular to
this layer
tg 0 =

T

(1)

N

The length and the average height of the wedge are a and b ,
respectively . The inclination of the ground surface and of
the interface between the wedge and the underlying sand or
s i lt layer is

a and 8, respectively. The ground water level

in clay in the wedge is characterized the slope~

and the dis -

tance nb above the sand or silt layer .
The lateral force caused by the pore water pressure is

u1

at section A- A and u

at section B- B . These forces correspond
2
to the long term pore pressure conditions in the slope. Time
is required for a change of the water content and of the pore

water pressures due to the low permeability and the relatively
high compressibility of clay compared with sand or silt . Even
in the case the c l ay i s slightly overconsolidated a few days
will likely be required before the pore water pressures have
equilized , throughout the clay layer. There is thus a time lag
between the pore water pressure in the sand or silt layer and
in the overlying clay. This time lag can be calculated from
the Terzaghi consolidation theory using the coefficient of vo lume expansion. It has thus been assumed that the pore water
pressure in the clay is not affected by sudden

changes of the
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Fig. 2

Forces acting on a sl i ding clay wedge. Failure is
assumed to take place in a sand or s ilt l ayer just
be low the wedge.
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pore water pressure in the sand or silt layer below the clay
wedge caused by, for example , vibrations from pile driving ,
blasting or traffic.
The pore water pressure in the bottom layer below the center
of the wedge is characterized by the height mb which is shown
to be higher than the average ground water level in the clay
due to the time lag mentioned above. The difference (mb - nb)
represents the increase of the pore water pressure caused by
the vibrations . It is not necessary in the following analysis
that the pore water pressure in the clay is higher than the
pore water pressure in the underlying pervious sand or silt
layer.
The lateral effective pressure at the two vertical end sec tions can be calculated when the pore pressure distribution
is known. The effective lateral stress can be expressed in
terms of the coefficient of lateral earth pressure at rest
K

0

which can be estimated from the following expression if

the clay is normally consolidated
K

0

=

(Massars~h, 1979).

0.44 + 0.0042 PI

where PI is the plasticity index of the clay .
This coefficient will be higher for an overconsolidated clay
than for a normally consolidated clay and will increase with
increasing overconsolidation ratio . It may even be larger than
unity if the clay is heavily overconsolidated . For a normally
consolidated clay K

0

normally varies between 0.7 and 0.9.

The pore water pressure above the indicated ground water l evel
of the clay has been assumed to be negative and proportional
to the distance from the ground water level. The effective overburden pressure in this part of the wedge will thus be larger
than

the total overburden pressure.

The corresponding effective force

P1

and

P2

at sections A- A

and B- B , respectively, can then be calculated.
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The difference in total lateral force between the two sec tions
(P2 - p 1 ) =

( j5 2

+ U2) - <i51 + Ul)

(1)

can then be calculated from Fig. 2 .
p
(1- K

0

)(

2

- pl = ab

j K0

!,.

n tg B + (1-n) tg

C(

(tg B - tga) p +
- tg 1/J) pw/p

( 2)

The effective normal force Non the assumed failure surface,
the sand or silt layer below the clay wedge, can be evaluated
from the expression
N = Wg cos B + (P 2 - P ) sin B - ua/cos B
1

(3)

where W (=p ab) is the mass of the sliding wedge and u = mb pw
is the average pore water pressure along the assumed failure
surface. The shear force T along the assumed failure surface
can then be calculated from the expression
T =

Wg sin B - (P

2

- P ) cos

1

B

( 4)

The angle of internal friction ©req which is required to prevent failure along the sand or silt layer can be determined
from the expression
tg © I
=
req

T

N=

Wg cosB + (P 2 - P1 ) sin B - ua/cos B

( 5)

If the values on N and T from Eqs (3) and (4) are substituted
into Eq . (5) then
( 6)

tgB - K0 (tgB - tga) - (1-Ko)[ntgB+(l - n)tga - tgi/JJ PwlP

The required angle of internal friction ©;eq to prevent failure
is affected by a large number of factors as can be seen from
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Eq . (6) such as the slope of the ground surface a, the slope
of the ground water level in the clay wedge ~ , the slope of
the pervious sand or silt layer B below the wedge as well as
the average pore water pressure in the clay wedge and in the
sand or silt layer below the wedge as expressed by the coefficients
n and m, respectively. Also the coefficient of lateral earth
pressure at rest K

0

and the unit weight of the soil p affects

the stability as illustrated in Figs 3 through 9.
In Fig. 3 is shown the effect of the slope of the ground surface
1
on the required angle of internal friction 0 req
to prevent
failure along the sand or silt layer below the wedge at different

a

values on the coefficient of lateral earth pressure at rest K0

•

It can be seen that

01
increases rapidly with inreq
creasing slope of the ground sur f ace and that the effect is
larger at high values than at low values on the coefficient K0

•

An angle of 30° is required on ~;eq at a= 10° and K0 = 0 . 7 for
the assumed values on m,n , p and Pw·
The corresponding variation of the required angle of internal
friction at different values on the pore water pressure in the
clay wedge as expressed by the coefficient n is shown in Fig . 4.
It can be seen that the slope of the ground surface a

has a

large effect on 0;eq at different values on the coefficient n.
The required angle of internal friction at a= 10° varies between 28° and 35° at n = 0.1 to 0 . 9 .
The effect of the slope B of the sand or silt layer below the
clay wedge is shown in Fig . 5 . For a horizontal ground surface
the required angle of internal friction increases from 12° at

B = 10°

B=

to 21° at

50° at the assumed values on m, n , ~ , K0

and p . The effect is larger at small than at large values on
the coefficient K0

•
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The corresponding influence of the inclination of the ground
water level win the clay wedge on the required angle of
internal friction © 1
at different slopes a of the ground
req
surface is illustrated in Fig . 6. The value on©'req increases by about
level

w increases

7° when the inclination of the ground water
from 10° to 30°.

The effect of the average pore water pressure in the clay
wedge as expressed by the coefficient n is shown in Fig. 7 .
It can be seen that the required angle of internal friction
t~eq decreases with increasing value on n and thus with
increasing average pore water pressure when the coefficient
of lateral earth pressure at rest K0 is less than 1.0.
In the case K

'
will increase with
o is larger than unity© req

increasing values on the coefficient n.
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The effect of the pore water pressure in the sand or silt
layer as expressed by the coefficient n is illustrated
in Fig . 8 . It can be seen that this pore water pressure
has a very large effect especially when the pore water
pressure corresponds to a ground water level which is lo cated close to or above the ground surface.(At m = 1.0)
the pore water pressure corresponds to a ground water
level which is located at the ground surface . )
The large effect of the coefficient of lateral earth pres sure at rest K0 on the required angle of internal fric tion ~req especially when the slope of the ground surface
a is small is illustrated in Fig. 9. At very low values
on K0 an angle exceeding
local slip .

4o 0 will be required to prevent

SUMMARY
The stability of a slope with respect to partial lique faction has been investigated by analyzing the equilibrium
of a wedge cut out of the soil. The stability has been expressed in terms of the angle of internal friction ~~eq
which is required to prevent local slip which in turn
can spread laterally down the slope when a critical length
of the failure surface has been exceeded.
The analysis indicated that the main factors affecting the
stability and the required angle of internal friction~ ·
req
are
the slope of the ground surface
the pore water pressure in any pervious sand or silt
layers in the clay as expressed by the coefficient m
the initial stress conditions as expressed by the coefficient of lateral earth pressure at rest

K

0
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The analysis indicated that the stability is also affected
by
the incl i nat i on of the ground water level in the clay
as expressed by the slope~ - (The seepage pressures
caused by an inclined ground water l e vel will increase
the requ i red angle of internal friction and reduce the
stability of a slope)
the pore water pressure in the clay as expressed by the
coefficient n (u = nb pw)
the unit we i ght of the soil
the slope of the pervious sand and silt layers B
The analysis indicates that local slip can occur even when
the ground surface is almost level if the pore water
pressure in a sand or silt layer or seam in the clay approach
the tota l overburden pressure . The local slips that have
been observed at , for example , Ravekarr (1971) and Bjorlandavagen (1972) have probably been caused by high excess
pore water pr essures generated by the vibrations from pile
driving .
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Summary of slide in stiff fissured clay at Sandnes near
Stavanger in Norway
Ove Eide, Norwegian Geotechnical Institute

Stability problems for natural slopes in higly overconsolidated
stiff clays are well known from England and Canada and other
places, including Denmark, but rare in the other Scandinavian
countries.

Back in 1963 however, we had in Norway a rather

serious slide in this type of clay.

As the case has not been

published, and as the sliding mechanism is different from what we
are used to in the soft clays, it may be worth reviewing.
The area involved has an extend of 250 x 200 m in length and
width, see Figs. land 2.

The natural ground rise from elevation

2 to 45 m with an inclination l vertical to 5.2 horizontal,
corresponding to 11°.

The sliding surface go down to 25 m depth

and appr. l mill. m3 was included in the final monolitic slide.
The slide area has been the source for clay in brickproduction
which started in 1873 and was terminated in 1952.

Excavation

took place only at the toe of the slope, as the pit was refilled
each year like a Sarepta pot.
during the years was 220 000 m

The total clay volume excavated
3
•

The sliding activity progressed stepwise up the hill as
excavation took place.

The inclination of the slope within the

sliding area was the same as for the natural slope, only at a
lower level, see Fig . 3.
The last major slide during the brickproduction period took place
in 1950.
In 1955 the area was developed with roads and facilities for
housing.

In addition to one family houses, one 10-story and one

6-story appartment-building were constructed on the area.
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Foto : W,doree

Fig. '-'- •

Foto of the area in 1952
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In 1956 during the construction period, a movement took place
including the same area as in 1950. The slide was at that time
misinterpret.

It was not realized that it was a deep seated

failure in the stiff clay. The reason for this was that soil
investigation showed that the clay was very stiff with undrained
2

shear strength values between 200 and 300 kN/m •
It was assumed
that the top sand layer was sliding on the stiff clay due to high
ground water level.

The remedial measure taken was to drain the

top sand layer by horizontal pipe drains.
Stability calculations based on undrained shear strength values
from field vane and unconfined compression tests yield a factor
of safety of the order of Fs

=

5.

In 1963 excavation was started for a new building at the toe of
the slope in the southern corner of the area. Planned excavation
was 14 000 m3
reactivated.

,

but when 6 300 m3 was taken out, the old slide was
It was clear that the sliding took place on a

pre-existing sliding surface including appr. 1 mill m 3 •

The

maximum movement was 30-40 cm before the slide was stpped by
filling back in the pit.
NGI was now engaged and a rather comprehensive investigation was
carried out including pore wa ter pressure measurements, fi e ld
vane tests and undisturbed sampling with 54 mm and 100 mm
samples .

The laboratory testing program was also comprehensive,

including residual shear strength determination .
The layer governing the stability or the lack of stability of the
slope proved to be a 10 m thick highly overconsolidated plastic
clay with slickenside fissures.

This layer being originally

horizontal and extending under the whole slope, was squeezed to
the surface at the toe of the slope, Fig. 3 .

160

Triaxial tests gave a frict i on angle of 32° at peak value for
this material, assuming c' = 0.
Stability calculations with pore pressures as measured in the
field indicated mobilized friction angle in the plastic clay
layer~· = 16° when sliding took place, Fs = 1.0.
Residual shear strength values determined in shear box tests,
gave some scatter, but correlated on an average very well with
friction angle of 160.

It is thus shown that the shear strength

on the pre-existing sliding surface is equal to the residual
shear strength value.
The major question is how to explain the first sliding when the
peak value has to be exceeded.

It certainly has to be some sort

of progressive failure, and L. Bjerrum envisage a model for this
mechanism.

He thought that the highly overconsolidated, plastic

clay exhibit some special material properties.

Due to the blade

shaped clay mineral grains the highly overconsolidated clay has
stored energy which is released upon unloading.

The k 0 -value in

this material is very high, and when unloaded laterally the clay
expand and a local failure zone is developed.

More lean clays

such as morainic clays do not exhibit the same properties.
The sliding surface is believed to have been exactly the same in
1950, 1956 and 1963.

No regain in shear strength has taken place

in the years between the slides.
The excavation in 1963 caused a reduction in safety factor of 2%,
bringing it down to Fs
stability to Fs

=

=

1 .0.

The first backfilling improved the

1.03 , and further fil l ing increased t he safety

factor up to Fs = 1.06, which is believed to be sufficient.
movement has taken place after 1963.

No
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MAPPING OF QUICK CLAY LANDSLIDE HAZARD IN NORWAY.
CRITERIA AND EXPERIENCES
by Odd Gregersen and Tor L0ken, ffon1egi an Geotechni ea l Institute

QUICK CLAY LANDSLIDES REPRESENT A SERIOUS PROBLEM
Statistica lly every fourth year there is a large qu i ck clay landslide in
Non-1ay '(volume of more than l mill. m3). As the marine clay areas are
amongst the heaviest populated parts of the country, quick clay landslides
represent serious hazards .
The most recent is the Rissa slide, which occurred in April 197B. 330,000 m2
of cultivated land slid out including 7 small farms and 5 family houses,
see Fig. 1. The volume of the· slide debris was 5-6 mill. m3. The slide is
described by Gregersen ( 1981) and documented in the film "Quick Clay in
Norway. The Ri ssa Lands 1i de" by L0ken and Gregersen ( 1981).
The largest quick clay slide in modern times is. the Verdalen slide in 1893,
ten times the size of the Rissa slide both in areal extent and in volume.
112 people were killed.
Both these slides are located in the Trondheimsfjord area, which together
with the Oslofjord area, make up the two largest marine clay regions in
Norway, see Fig. 2.

A 10 YEAR PROJECT OF MAPPING POTENTIAL HAZARD AREAS HAS BESUN. TOTAL COSTS,
FUNDED BY THE GOVERNMENT, IS ESTIMATED TO 18 MILL. NOK (1978)
In Non1ay the prob l em of natural disasters is a government responsibility.
People struck by natural di sasters will always receive financial compensation . The government al so take initiatives to prevent natural disasters
from occurring . A special governmenta l office "The National Fund for Natural
Disaster Assistance" has been set up to carry out this task. NGI has been
engaged by this office to carry out a project of nation wide mapping of quick
clay areas with respect to potential landslide hazards. The mapping is based
on study of the topography and on simple field investigations. Deta i led investigations involving stability calculations are beyond the scope of this
project.
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Figure l.

Photographs from the Rissa l andslide.
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Figure 2.

lsoba ses of marine
limits ( m a.s. I.)
·Marine deposits

Map showing marine depos i ts and isobares of marine limits.
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Marine clay deposits cover approximately 5000 km2 , of which about 1000 km2
may present a potential danger for quick clay sliding. The project
makes up about 80% of the total area of marine clay including the Oslofjord
area and the Trondheimsfjord area. The remaining 20%, small isolated
parts in the numerous narrow fjords in the west and north, are left out
because of the high cost of mapping in these areas.
Within the project area the mapping will include all marine areas, built up
or not. The level of investigation will however normally be somewhat lower
in the forest covered areas compared to the more urban regions.

The project is planned to go on for a period of 8-10 years. The total cost
was in 1978 estimated to 18 mill. NOK, which represents less than the value
of the material losses in the Rissa landslide.

THE MAPPING IS BASED ON TOPOGRAPHICAL CRITERIA AND INTERPRETATION OF FIELD
SOUNDING RESULTS
For a quick clay landslide to tkae place two conditions have to exist:
a) The stress level in the clay has
shear strength

to be high, close to the undrained

b) The clay has to be quick
The first condition is a direct function of terrain topography. Therefore,
by making use of topographical criteria a first delimination of potential
slide areas can be carried out. For this purpose, the terrain is classified
into two main. mode 1s:
- Ravines in originally horizontal terrain
- Natural sloping terrain
These models are representative for the overall part of the total marine
clay area. The models are shown on Fig. 3.
From a study of a number of old slides (Aas 1979), it was found that the
"safe" height of a ravine is about 10 m. Also, based on the same study, a
naturally sloping terrain has to be steeper than 1 in 15 for a quick clay
slide to take place. These values are confirmed by theoretical analyses. Simple
stability calculations show that the stress level in the clay under these
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Schematic profile of clay deposit illustrating the terrain
classification models: Ravines and natural slopes. Also
the location of field soundings are shown.
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conditions will be of the order O, 15 x effective vertical stress. This represents the lower limit for undrained shear strength of Norwegian sensitive
clays. For practical purpose the limiting size of an individual area to be
investigated is set to 10,000 m2 .
Conclusively, the following three topographical criteria are set up:
- Ravine terrain
H ~ 10 m
- Natural sloping terrain H/l > 1 :15
- Area
A ~ 10,000 m2
By applying these three criteria, the marine clay areas are delimited to zones
where the stress level might be high enough for slides to occur, provided the
clay is sensitive.
The next stage, therefore, is to find out whether or not sensitive clay is
present. This is done by simple field investigations. Inexpensive totary
pressure soundings
are performed. Occati onally the i nvesti ga ti ons are
supplemented with fie l d vane tests or undisturbed sampling.
The number of soundings will be limited to an absolute minimum. Areas of as
much as 100.000 m2 are normally covered by only one sounding . Hence, it is
important that each sounding is placed to give maximum information with respect to landslide hazard. When examining ravine terrain the sounding is
placed a distance equal to 1,5 x H (the ravine height) inside the top of the
ravine. The soundings are finished at a depth of 1,5 x H, see Fig. 3. By this,
large quick clay zones that could lead to large quick clay slides will be
located. Smal l er zones can escape our investigations. These can possibly lead
to smaller sl ides, 10,000 m2 or less, but will unlikely result in large slides.
For a natural sloping terrain the sounding is placed in the middle of the
slope. These soundings are terminated at a depth equivalent to the slope
height.
If qui ck clay is found,the area is class i fied as a potentia l hazard area. If
quick clay is not found, the area is cleared. Supplementary investigations are
carried out when a sounding is difficult to interpret, or when the ground
conditions are likely to vary within an area.
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THE RESULTS ARE PRESENTED ON HAZARD MAPS
Hazard maps will be produced in the scale 1:20,000 with 5 m elevation curves.
In some areas a scale of 1 :50,000 may be chosen. Areas with a potential risk
of quick clay sliding are zoned on the map. Areas where quick clay has been
positively detected are marked with full lines on the map. Areas where
soundings have not been carried out or where the investigation results are
difficult to interpret are marked with dotted lines on the map. The last
category is usually forest covered areas where less effort has been put
i~to the investigations.
The map contains the following -infonnations:
Zoned_areas.
Quick clay has been detected {dotted lines: quick clay may exist)
The factor of safety against sliding may be low
Any small construction activity may lead to unstability
Detailed investigations have to be carried out to determine the stability
If area is heavily built up detailed investigations/ stabilization will
be recommended
Remaining_marine _clay_area_{not_zoned}
Quick clay has not been detected
Possible sliding wi l l be limited to smaller slides
(of the order 10,000 m2 or l ess)
Small construction activities (single houses, small fills etc. ) can
be carried out without stability problems
Large construction activities (trenches, roads, buildings, fills etc.)
require supp 1 mentary geotechnical investigations

THE MAIN INVESTIGATION METHOD IS THE ROTARY/PRESSURE SOUNDING. , NGI HAS
15 YEARS EXPERIENCE WITH THE METHOD
Special requirements to the sounding equipment are: it should be mobile, fast
in operation, robust, have good penetration ability, distinguish clay from
other soils, and give a sensitive registration of changes in clay sensitivity .
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Geonor's rotary/pressure sounding equipment fulfils these requirements
to our satisfaction. The equipment consist of 36 mm diameter rods with a
50 mm tip, being penetrated into the ground with a constant speed of
3 m/min. and rotated with a constant speed of 25 rev./min. The penetrating
force is being read continuously by an automatic recorder. The equipment
was developed in 1967. It is operated through a boring rig mounted on a
4-wheel driven truck. Since then the method has been used extensively
in Norway in sedimentary soils, and is today probably the most common
sounding method.
The penetration force, the measure of the soil properties, includes both
side friction along the rods and tip resistance. Through nearly 15 years
of extensive use the interpreting of the results has become quite reliable.
In a quick clay the penetration force will remain constant with depth or
even decrease. In remoulded state the quick clay will not offer any
resistance to penetration. Figures 4 to 7 show penetration profiles in
different souls, all involving quick clays. Figure 4ashows qhick clay
from about l m under the surface to 12 m depth. Below 12 m the clay has
low sensitivity . To locate quick clay zones at depths under non-sensitive
deposits, does not imply interpretation complication. The profile in
fig. 4b represents 5 m sa~d directly above quick clay. Figure 5 shows
two soundings of about 60 m depth. The soil consists of 20 m sand over
clay. By boring 106 the clay is not quick while by boring 107 there is
a quick clay zone from 35 to 50 m depth. In fig 6a
is shown a profile
of a 12 m thick dry crust underlain by 15·m quick clay.
Fig 6b shows both sounding profile and field vane test profile from
the same site. It is seen to be a relationship between penetration
resistance and remoulded shear strength. When the remoulded shear
strength is approaching l kN/m2 (sensitivity of 25-30) the sounding
resistance does no longer increase.
Figure 7 shows
profiles where vane borings have been carried
out to control the sensitivity at particular depths. In both cases
1,5-2,0 m thick zones of quick clay were located. This show that quick
clay zones of thickness as little as 1,5-2,0 m can be detcted by this
sounding method without much difficulty.
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MAPPING HAVE BEEN CARRIED OUT IN THREE AREAS: VERDALEN, LEVANGER
AND H0NEFOSS. OUR EXPERIENCES ARE GENERALLY POSITIVE AND THE PROJECT
WILL CONTINUE FOLLOWING THE SAME PRINCIPLES
The map of potential hazard zones for Verdalen is shown in figure 8.
As seen the zoned areas represent a relative small part of the total
marine clay area. Both for Verdalen and Levanger and H0nefoss, the other
two regions where the mapping is now finished, the investigations were
carried ou~ as planned without particular problems.
The results of the soundings are easily interpreted and therefore the
need for supplementary investigations have been quite small. 9 out of 10
sounding profiles can be interpreted uniquely with respect to quick clay
deposits. Both the time taken and the project costs have therefore been
in reasonably good agreement with the estimations. However, one boring
rig function, the penetration, can sometimes be a problem. The penetration
force is limited to about 50 kN and this has not . always been sufficient
to penetrate to the necessary depths. To penetrate layers of gravel and
sometimes in silt deposits it has been necessary to change to other and
more time consuming sounding equipment.
Overall, our experiences up to now have been good and the ~roject
will continue following the same principles and using the same type of
equipment.
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ANALYSIS OF A SMALL SLIDE IN SENSITIVE CLAY IN FREDRIKSTAD,
NORWAY
by
Kjell Karlsrud, No~egian Geotechnical Institute

INTRODUCTION
On August 17, 1980, a fairly small slide occurred in a gentle slope on
the west bank of the river Glomma near Fredrikstad. The slide-dimensions
are 25 by 50 m in plan, Fig. l, and the difference in elevation from the
back scarp to the toe is about 8 meters.
There were no eye-witnesses to the main part of the sliding, as it
occurred at midnight. The people living ir. the terraced houses along
the back scarp got out rapidly and observed that the slide scarp then
extended just to the front of the houses. During the following hours and
days the slide scarp slowly retrogressed 4-6 meters underneath houses
l to 4, and portions of the floor slabs fell down. Luckily, however, the
sliding seized and the houses were underpinned before they tipped over
into the pit.
The remoulded sensitive clay in the slide pit was later stabilized by
means of lime columns placed in a rib-like pattern. In the central
portions of the pit the remoulded sensitive clay was mixed in with fill
materials includ ing large boulders, which prevented installation of lime
column. To carry the weight of new fill in that area, a number of relief
piles were driven to bedrock. The s l ide-pit was then backfi ll ed to its original level and the houses restored.
It is quite clear that filling of earth in front of the houses triggered
the slide. When the houses were constructed in 1978 some minor fi lling
was done in the gentle slope to achieve a f lat plateau to place the
houses on. This olateau extended 2-3 m's beyond the front of the houses.
In 1980 the owners started filling to extend this plateau by 6-8 m, Fig. l.
When the slide occurred this new olnteau was completed up to apartment 2,
and included a total of 800 m3. The last 100 m3 were placed during the
very day the slide occurred.
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The NGI investigated the slide both to establish how the slide area and
the houses could be restored (and which was done as briefly described
above) and to get data for back-analyses of the slide. The results of
these investigations and analyses are presented and discussed in the
following.

SITE CONDITIONS
Soundings in and around the slide pit revealed that the de_pths to bedrock were small, only 6-8 m below original ground surface within the pit,
and 4-6 m south of the pit, Fig. l.
Below some fill and a clay crust extending to 2-3 m's depth, sampling
and a vane boring at hole 3 just behind the scarp revealed soft clay
down to bedrock. The soft clay has a watercontent, w, of 35 to 45% and
a plasticity index, Ip' of 15 to 25%, Fig. 2. The sensitivity, St, lies
in the range 10 to 30.
The vane boring 15 within the slide pit showed disturbed and remoulded
clay with very low remoulded shear strength ( < 0.5 kN/m2) below some
fill and clay crust.
Vane boring 18,. just south of the pit showed on the other hand clay of
medium to low sensitivity. This, and more favourable loading and bedrock
topography, probably limited the sliding in southerly direction. Previous
site investigations in adjacent areas north of the slide pit also shows
sensitive clay below an upper crust, but the very flat slope here with no
external loading prevented sliding in that direction.
At hole 3 and 18 the ground water table was l ocated respectively at 2 m's
and l m's depth below ground. Piezometers placed near bedrock reveal ed an
artesian pressure with respect to this ground water table of respectively
8 and 17 kN/m2 near hole l and 18.
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SHEAR STRENGTH PROPERTIES
In situ vane shear strength values, su , from the new and some previous
site investigations within 50-100 m di~tance of the slide are summarized
in Fig. 3. They fall within a fairly narrow range, and a typical average
curve is indicated.
On 54 mm undisturbed piston samples taken at hole 3 there were carried
out tests in undrained "active" triaxial compression (CAUA), "passive"
triaxial extension (CAUp) and direct simple shear (DSS). NGis standard
testing procedures were followed (Berre, 1981 ). All samples were consolidated to the estimated in situ effective stresses prior to undrained
shearing.
Stress-strain curves are shown in Fig. 4, and effective stress paths in
Fig. 5. The undrained shear strength values are plotted versus depth in
Fig. 6. Notice here that to be compatible with the other two tests, undrained failure in the "passive" tests has been defined at an axial strain
of 2%.
It is also seen in Fig. 5 that for this case the average laboratory
strength: (Sullab = {(suA + Sup + su S) is very close to the in-situ
0
vane shear strength values. The aniso~ropy of the clay is, however, somewhat unusual in that the strength in direct simple shear Su
, is very
DSS
close to the values from "active" triaxial test, Su . Normally for
Norwegian clays, Su
is about average of Su and ASup (Berre .and Berrum,
DSS
A
1973; Aas, 1979).
Table 1 below gives typical normalized undrained strength properties.
Effective stress strength parameters, based on Fig. 5, are given i n
Table 2. The cohesion c' has been assumed equal to zero. Both the maximum
friction angle, ~·max' at o1;o3 • max, and the criti cal friction angles
mobilized at the defined undrained strength, ~·er' are given.
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Table l.

Test

p
p
_c_
(fN;m 2) Po
I

I

46
66
73

SuA/p 0 '

SuplP0

. 383
.298
.333

.11 0
.1 37
. 147

l. 30
l. 13
l.09

1

s uoss I Po '

-

s ulabI Po '

.330
. 208
. 347

.274
.241
.275

Normal ized shear strength va lues

At max. o 1 ' 1a3
cp'max

I

At undrained failure
cp'cr

CAUA

32 . 6°

27.3

CAUp

32.7°

21. l

DSS

33.2

26.6

Table 2. Typica l friction angles (c '

0)

STA8ILITY ANALYSES
Both tota l and effective stress analyses have been carried out.
The undrained average laboratory shear strength values in Fig. 6 were
used as basis for assessing the stre ngth of the cl ay that was involved
in the slide. Previous experience has shown that use of the average
value rather t han the actua l anisotropic values for a s l ide of this type
does not involve significant errors (just a few per cent). The average
laboratory strength {Su)lab was assumed to increase linearly with depth
be l ow the upper crust and weathered zone, and in correspondence with the
average in-situ vane strength profil e. The thickness of the upper crust
has, however, been assumed to decrease towards the river, as shown in
Fig. 7
The shear strength used for the crust has al so been limited upwards to 30 kN/m 2 {the strength of the crust does not, however,
greatly infl uence the res ults of t he ana lyses).
Referring to Fig. 7 three loading conditions were ana lyzed .
Natura l slope before any housi ng development
2 The situation when the houses we re just completed
3 The situat ion after the last fil li ng just prior to failure
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The critical shear surfaces for the three cases are shown in Fig.
and give the following safety factors, Table 3.
Case

Fmin

1
2

1, 70
1, 24
0,96

3

Table 3 - Safety factors from total stress stability analyses
It is seen that the deve 1opment and fil 1i ng reduced the safety factor
by 75%. The computed factor of safety at failure is quite close to unity.
The critical shear surface also agrees quite closely with the observed
failure.
For the effective stress analyses two friction angles were employed. One
corresponding to the maximum friction angle ~·max' the other at undrained
failure,~· cr·:Based on the data in Table 2,typical values for ~·max and
~· er were taken as respectively 33.0° and 25.0°.
Based on the data previously described, the original in-situ pore pressure,
, have been assumed as s hown in Fig. 8 . The stability was, however,
also analysed assuming that the recent fill imposed an excess pore
pressure, tu, corresponding to 70% of the weight of the fill, tov. This
excess pore pressure was assumed to discrease to zero some distance
away from the fill. Table 4 presents the minimum safety factors obtained.
Notice that only the failure stage was analysed.

<P 'max = 33,0° (tg

<P '

= 0,65)

tu = 0
1 ,87

<P 'cr = 25,0° (tg

<P'

= 0,47)

1,37

Table 4.

tu

O, 76a
1 ,46

=

1,00

Computed factors of safety at failure (stage 3).
Effective stress analyses, c' = 0

It is seen that it is only the assumptions of <P 'cr combined with
t u = 0.7tov that gives a safety factor close to unity.
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DISCUSSION AND CONCLUSIONS
One must always be careful in drawing general conclusions from a
single case record. On the other hand one might compare this case
record with previous experiences regarding stability problems on soft
sensitive clays and see how it fits in with that. On that basis the
follow i ng comments/conclusions are made:
A.

With a plasticity index of 15 to 25%, an average su/p 0 ' ratio of
0.25 to 0.27 or a su/pc' ratio of 0,21 to 0,25, a total stress
analysis normally gives reliable results (e.g. Bjerrum. 1973;
Aas, 1979; Tavenas and·Leroueil, 1980).

B.

Even though the slide occurred in a sensitive clay (St= 10-30), it
was not necessary to consider residual strength parameters
progressive failure to achieve a safety factor close to unity in the
total stress analysis.

C.

The case tends to support conclusions by some previous researchers
(e.g. Aas, 1981) that in an effective stress analyses of
stability probl ems on soft sensitive clay it is necessary to use the
friction angle corresponding to mobilization of the undrained
strength,~· er• rather than the ultimate maximum friction angle,
~·max· In this particular case there is a difference of about 8° in
these friction angles.

D.

In an effective stress analysis one must also consider the pore
estimated
pressure at failure. In the present case it was crudly
that the recent fill could have induced an excess pore pressure in
the clay equal to 70% of the weight of the fill. Thus it might be a
coincidence that this assumed excess pore pressure lead to a safety
factor c lose to unity.

E.

Neither rate effects nor 3-di mensiona l effects have been considered
i n these analyses. Theoretically the 3-D effect might increase the
factor of safety for this case maybe by 20-30%. Th i s probably more
than compensates for the rate effect. 3-0 effects in practical slope
stability problems are, however, not well documented in practice, and
it is open to question if a purely theoretical evaluation of this
effect is valid.
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ON THE USE OF DRAINED OR UNDRAINED SHEAR STRENGTH
AND EFFECTIVE STRESS PARAME'rERS IN SLOPE STABILITY
CALCULATIONS
Rolf Larsson, Swedish Geotechnical Institute

For many years a dispute has been going on con
cerning the use of total stress analysis or effec
tive stress analysis in slope stability calculations
in clay.
Swedish and some Norwegian engineers mainly concerned
with normally consolidated clays have preferred the
total stress analysis which has proved to give
reasonable results in these soils while other engin
eers mainly dealing with overconsolidated clays
advocate the use of effective stress analysis as this
method is the only useful method in these soils.
Strangely enough, instead of trying to establish
boundaries for the applicability of the two methods,
the debate has mostly been aimed at proving the
superiority of one of the methods for all cases.
In recent years research has shown that undrained
shear strength is made up by the effective stresses
at failure and that stability is an effective stress
problem.
This has made engi neers more inclined to use effective
stress analysis as it is felt to be a more correct
method. However, to be able to perform a correct
effective stress analysis the engineer has to be
able to accurately predict t he changes in pore pressure
occurring at stress changes and rotation of prin 
cipal stresses.
The state of the art of pore pressure p rediction is
today such that to be able to predict pore pressure
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changes the engineer has to have exact knowledge
about the initial state of stresses and of the limit
state or yield surface. The engineer also has to be
able to predict the stress changes in all parts of
the soil mass due to a change in boundary conditions.
Even if all these criteria are fulfilled (which with
present measuring techniques is hardly possible,
especially not in slopes) the accuracy of the pre
diction would not be perfect. A number of empirical
pore pressure parameters such as Skempton's Af para
meter or Janbu's ru parameter are in use but the
accuracy can be questioned.
On the other hand all recent testing has shown that
the undrained shear strength is the end result at
failure of the change in stresses and pore pressures
and thereby effective stresses. If the effective
stress parameters and the actual effective stress at
failure are used the undrained shear strength is
obtained. Thus the undrained shear strength is an
indirect pore pressure parameter at failure far
superior to any of the other pore pressure parameters.
If the anisotrophy of the undrained shear strength
is known the effect of rotation of principal stresses
can also be accounted for.
A total stress analysis is consequently an effective
stress analysis under undrained conditions where the
effect of pore pressure changes at failure has been
accounted for.
The discussion on total or effective stress analyses
thus seems a bit irrelevant.
Furthermore, in many cases when effective stress
analysis is supposed to be carried out the analysis
in reality is a drained analysis as eventual undrained
changes in pore pressure are not accounted for.
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In heavily overconsolidated clays, this is always
a correct analysis as the average pore pressure
change becomes negative and the worst case from
stability point of view is when the pore pressures
have risen due to drainage.
In normally consolidated or slightly overconsolidated
soils pore pressure changes are usually positive
and a drained calculation does not represent the
worst case of slope stability and is an unsafe cal
culation.
The overconsolidation ratio at which the drained
shear strength becomes dimensioning depends on the
inclination of the slip surface and decreases with
increasing inclination of the slip surface.
If the average variation of undrained shear strength
with plasticity of the clay is considered the plas
ticity also affects the critical overconsolidation
ratio.
The question in slope stability calculations there
fore should be if drained or undrained shear strength
should be used rather than total or effective stress
analyses. As the engineers have to consider the worst
case the answer for heavily overconsolidated slopes
is always drained analyses. In normally consolidated
or moderately overconsolidated slopes the answer
usually becomes that every part of the slip surface
has to be looked upon separately. The overconsoli
dation ratio for each part has to be studied together
with the access

of free water and possibility for

drainage, swelling and consolidation during the time
considered. The worst case is usually a combination
of undrained and drained shear strength for different
parts of the slip surface.
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Swedish practise in normally consolidated clay
slopes
In Sweden slope stability in soft clay is traditionally
calculated on the basis of undrained shear strength
measured by field vane tests. In many cases this is
sufficient and the field vane is thoroughly calibrated against slope failures analysed by circular
slip surfaces. (1).
This calibration, however, is valid only for circular
slip surfaces in almost normally consolidated clays.
Overconsolidated clays, clays with layers of silt
and silty clay and layers with high pore pressures
have not been considered in the calibration.
The undrained shear strength from field vane tests is
also used in stability calculations for long noncircular slip surfaces in normally consolidated clays.
Also in these cases this type of calculation is
usually sufficient. A refined analysis considering
shear strength anisotrophy would require direct simple
shear tests and preferrabl y active and passive triaxial tests as well.
A comparison between empirical values for shear
str engths from field vane tests and direct shear
tests on Scandinavian clays shows that the shear
strengths from fie ld vane tests corrected according
to SGI-recommendation gives somewhat higher va lues
than the direct shear tests, Fig 1.
considering that

(2). However,

• direct shear tests g ive values somewhat lower than
the average of active - direct shear - and passive
shear strength
• the average slip surface is inclined and
• shear strengths from field vane tests are usually
selected cautiously and on the low side of the
average
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an extended testing program usually only results in
minor changes of the calculated factor of safety in
an undrained analysis.
If the shear strengths from vane tests are corrected
according to Bjerrum's method or Andreasson's recalculation of the same method based on liquid limit,
the corrected shear strengths empirically becomes
almost identical as the empirical shear strength from
direct shear tests, Fig 1 .

( 2).
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Fig 1. Empirical comparison of corrected undrained shear strength
from field vane tests to undrained shear strength from
direct shear tests.

Testing of undrained shear strength in addition to
field vane tests is in Sweden usually pe rformed
only when the calculated factor of safety becomes
low.
In Sweden the undrained shear strength measured in
fall cone tests is also used but the strength values
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are more uncertain than values from field vane tests
and become too low for samples taken from depths
greater than 10 - 15 m.
Partial drainage in overconsolidated parts is account
ed for by assuming a waterfilled vertical crack at
the upper part of the slip surface and the shear
strength increase measured in the dry crust is usually
neglected.
Influence of silt layers
If there are layers of silt or silty clay in the slope
they can affect the stability in a number of ways.
The undrained shear strength decreases with an in
creasing silt content and decreasing liquid limit.
Silts and silty clays with a low liquid limit are also
often very sensitive to stress rotations and the un
drained shear strength measured by field vane and in
direct shear and passive cases may become extremely
low.

(3) (4).These materials can also be very sensitive

to shock loading like pile driving or blasting.

(5) (6).

Canadian investigations concerning what soils loose
most of their undrained shear strength after a very
limited amount of remou l ding energy show that this
criteria is fulfilled only for silts and silty c lays
with a liquid limit lower than 40%.

(7).No similar

investigation has been mad e in Scandinavia but the
results are in accordance with the observations from
tests involving rotation of principal stresses on
Scandinavian soils.
If the silt layer is incapsulated in clay preventing
drainage, pile driving through the layer may have
disastrous effects eve n if the silt is not particular
ly sensitive as each pile may act like a pump stroke
in an enormous hydraulic jack.
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The normal soil profile in Swedish clays shows a decrease in liquid limit with depth. This decrease is
gradual and the usual effect on the undrained shear
strength is that it increases slower with depth than
if the liquid limit had been constant, Fig 2.
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Fig 2. Influence of variation in liquid limit on the
undrained shear strength profile.

In profiles where the silt occurs as layers and the
variations in liquid limit are large and sudden weak
zones may be present, Curve C Fig 2 . If these layers
are thick enough they are usually detected in field
vane testing and sampling. Otherwise the new piezocone probe could be used to pick them up.

(8) , Most

silt layers occur at great depth and close to firm
bottom and it is essential that the field investigation for slope stability is carried out deep enough
as the increase of shear strength in upper layers
can not be extrapolated downwards.
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Influence of high pore pressures in draining layers
Another effect of layers of silt and coarser materials
is that they are permeable enough to let through
large quantities of water and rapid variations in
pore pressures can occur in and close to these layers.
When analysing the effect of changes in pore pressures
in the bottom layers a number of factors have to be
taken into account. A change in pore pressure in the
bottom layer does not immediately affect the pore
pressure in the clay as a change in pore pressure
and effective stress is usually associated with a
volume change that is time dependent.
In a normally consolidated clay slope a rapid pore
pressure decrease in an underlying permeable layer
does not immediately affect the factor of safety for
a slip surface through the clay.
If the pore pressure decrease lasts for a longer period
the clay will consolidate. The volume decrease and
associated shear strains will due to the elevated
shear stress level in a slope be greate r than corre
sponding strains on flat ground. The effects on
eventual constructions in the slope may be almost
as disastrous as if the slope had failed. The process
is very slow though and personal injuries are un
likely.
In the same way a pore pressure increase in a per
meable bottom layer does not immediately affect the
pore pressure in the clay. In normally consolidated
Swedish clays a small pore pressure increase (relative
to the preconsolidation pressure) can penetrate the
soil mass fair ly rapidly as the swe lling modulus in
this stress range is high.
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However, the swelling modulus rapidly decreases with
decreasing effective stress and the time required
for significant stress changes to occur is considerable.
(9). Permanent rises in pore water pressure will
eventually fully affect the clay.
In analysing the effect of pore pressure rises in
normally consolidated clays a comparison has to be
made between the drained and undrained shear strength.
If the pore pressure rise is not high enough to make
the drained shear strength lower than the undrained
shear strength the latter is still dimensioning.
I

(T

Clay

Depth

Silt

Fig 3. Effective vertical stress a short time after a pore
pressure rise in a permeable layer underlying
normally consolidated clay.
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Dimensioning shear strength
When analysing slip surfaces close to permeable layers
it should be considered that the critical slip sur
face is not really a distinct surface but rather a
not too narrow zone with practically identical factor
of safety, Fig 4. ( 1 0 ).

Fig 4. Slope in clay with underlying permeable laye r.

If the pore pressure due to heavy rainfall increases
in the drained layer the pore pressure increase will
slowly spread upwards through the clay. Simultaneously
cracks at the top of the slope will be waterfilled
and water will penetrate downwards through root
channels in the top layers and then through the clay.
Theoretically the worst possible case for stability
is when the water pressure has risen to its maximum
level in all parts of the soil and those parts of the
soil where the drained shear strength is lowest can
be considered as drained and those parts where the
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undrained shear strength is lowest behave undrained.
This case may at first seem hypothetical but in reality
it does not differ very much from quite plausible
cases.
In heavily overconsolidated clays the critical stage
is when all parts of the slip surface are fully
drained. For a normally consolidated clay in a slope
with a geometry as in Fig 4 it is quite reasonable
to assume that within a limited time the upper crack
is waterfilled and water may have penetrated down
to full depth of the root threads which may be 4-5 m.
The water pressure in the drained layer is at its maxi
mum but has only moderately penetrated into the clay.
If the pore pressure in the drained layer is high
enough to make the drained shear strength close to the
permeable layer lower then the undrained strength in
the overlying clay following strengths are dimension
ing. In the upper part of the slope the strength in
the crack is zero. In the root thread zone drained
or undrained shear strength is dimensioning. As the
slip surface i s very steep in this part the drained
shear strength is almost always dimensioning. In an
intermediate zone between the end of the root threads
and some distance above the drained layer the soil
may be undrained. The extension of this zone depends
on the considered time for waterfilled cracks, duration
of pore pressure rise in the permeable layer and the
thickness and swelling properties of the clay layer.
Adjacent to the drained layer the drained shear strength
is dimensioning.
In the passive zone the undrained shear strength is
dimensioning unless the pore pressure rise in the
drained layer is of an extreme magnitude
(6u > 0 . 5-0 . 6 o J).

It should be observed that in this case the driving
forces increase due to water in the crack and the
forces in the slope are redistributed as the upper
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soil masses more and more lean on the soil in the
lower part as the shear strength in the upper parts
decrease. In the lower part of the soil this means
that the horizontal stresses increase and the principal stress direction is rotated. This in turn leads
to pore pressure changes which would be extremely
difficult to predict step by step. The only thing
that is certain about the pore pressures is that if
the soil mass in the passive zone is undrained the
pore pressures at failure will be matched to in terms
of an effective stress analysis give a shear strength
identical to the undrained shear strength.
Any effective stress analysis that can not account
for the pore pressure changes in the undrained soil
is bound to be false for the undrained case and is in
normally consolidated clays likely to give safety
factors that are far too high.
Critical overconsolidation ratio
To give an idea of what pore pressure rises in normally consolidated clays are required to make the
dra ine d shear strength critical or more generally
which ove rconsolidation ratio is critical a crude
study has been made.
In the study the e mpirical undrained shear strengths
mea sured in Scandinavian clays (2) has been compared
to the drained shear strengths obtained using the
empirical effective stress parameters for Swedish
c l ay and silt c' = O and ~ , = 3 0° .
When calculating the normal stress against an inclin e d slip surface two methods have been used .
In the first me thod only the weight of the soil has
been considered and the effective normal stress cr ~
is calcul a ted as crJ c o s 2 a - ~u . In the s e cond method
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the variation of effective normal stress with inclination with regard to k 0 has been considered.
The effective normal stress has been calculated as

This calculation is not correct as the stresses in
a slope differ from those under flat ground and k 0
changes with OCR but may be useful as a comparison.
The study is summarized in Fig 5. From this study it
is obvious that if the slip surface is steep enough
the drained shear strength is always dimensioning.
The critical overconsolidation ratio is highly dependent on the inclination of the slip surface and increases from -1 at 40° and -1.3 at 30° to a maximum
of -2 -3 at an inclination between o 0 and -1 5°.
When calculating slope stability a study thus has to
be made concerning maximum pore pressure in draining
layers, depth of possible cracks, depth to root
threads a nd what parts of the slope may behave drained
considering the time for the wet season and duration
of high pore pressures. Even if there are no draining
layers and the b ul k of the soil mass is undrained,
the wet season is usually the most dangerous time
due to waterfilled cracks and strength losses in the
dry crust due to soaking.
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CHIT = the decrease in effective vertical stress
from the preconsolidation pressure at which
drained and undrained shear strength are
equal

aJ CHIT = the effective verti cal stress at which drained
and undrained shear strength are equal

OCR

the overconsolidation ratio a0 /aJ CHIT

aJ should be calculated for the h i ghest predicted
pore pressure.
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a= the ang l e beteween the ho r izontal p l a n e and t he
i nclin a t i o n of the pa r t of the slip sur face considered .

-a

Risk for s l ide propagation a nd retrogression
Retrogressive s l ides whe r e an ini tial slide at the
toe of a lo ng slope is followed by successive s l ides
enlarging the slide area u p along the slope are quite
common. They can usually be explained by the undrai ned shear strengths and the geometry of t he
slopes. In some cases the l oss of undrained shear
strength at stress rotation and failure is very high.
This may res ul t

in flow-slides ext ending very far

up s l opes and making the flow debris travel l ong
distances before they stop .
A recent Canadi an study ( 7 ) presented i n a n artic l e
to th i s symposium s hows that soils with a potential
for developing flow - slides besides being very sen sitive have to have a liquid limit lower than 40%.
This r est r icts the problem to silts and silty clays.
Retrogressive s l ides occur after an i nit i al slide
has occurred and do not trigger the slid i ng process .
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In the propagating slide a local instability at the
top of or inside a slope causes the whole slope to
fail although both drained and undrained stability
calculations give quite satisfactory stability. New
theories have come up explaining this phenomenon
with strain softening due to long term creep or sudden
collapse of the structure.

(11) (12). In their present

stage these theories could be used to calculate a
failure for almost all existing slopes.
The new Canadian study (7) gives a much needed and
serious restriction to these slide propagation theories
in that the soil where the theoretical processes
might occur is restricted to sensitive silts and
silty clays with liquid limit lower than 40%. As stated
before no similar investigation has been made for
Scandinavian soils but the findings are well in line
with Scandinavian observations from direct shear
tests, passive triaxial tests, field vane tests and
Norwegian landslides. The author is inclined to put
the limit for liquid limit somewhat lower than 40 % for
Scandinavian soils .
The risk fo r structural break-down in the mat e ri a l
always mak e s it a haz ard to predict sta bility in t he s e
types of soi ls, e.g. (5) (6).
In the common case whe re a deposit of clay rests on
a layer of silt ther e is every reason to investigate
if the silt is likely to be of the collapsing type
and the possible consequences . Triggering for a
collapse can be blasting or pile driving but also
redistribution of stresses inside the slope causing
a rotation of principle stresses in the sensitive
layers.
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Determining for the gravity of eventual strength loss
in silt layers is the geometry of the slope and the
position of the silt layers. Very often the silt
layers are situated deep in the soil with a relatively
steep inclination following firm bottom. At the same
time the ground surface has a much smaller slope if
any. If a potential slip surface is extended along
the silt layer assuming a considerable loss of strength
this is often more than compensated by the growth in
both strength and length of the passive zone, Fig 6.

fill~

surfaces
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Q:ore Rressures

Easily destructured lov~
Permeable loygr

Fig 6. Slip surfaces with and without consideration of
possible co llapse of sensitive l ayer .
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In some long slopes where the increase of the thickness of the overlying clay layer down the slope
is sma l l a loss of strength in the s i lt layer may
trigger a slide including the entire slope.

( 11) .
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REGIONAL MAPPING OF LANDSLIDE HAZARD
IN QUEBEC
by
Jacques Lebuis
J. - M. Robert
Patrick Rissmann
Ministere de l ' Energie et des Ressources du Quebec
Introduction
Our approach in the delimitation of zones of potential landslide hazard is based on several disciplines like
geology, hy<irogeology, geomorphology and soi 1 nechanics.

In

this regard, the methodology has similarities with the approaches proposed by Bjerrum et al.

(1969), Stal and Viberg

(1981) and Viberg (1981).
Earth flows,

in sensitive clays are generally

triggered by initial slope failure and the retrogression mechanisns are probably like the ones propose<i by Odenstad (1951) and
Bjerrun (1955).

The "flake type" slide, as observed in sone

parts of the Rissa slide (Gregersen, 1981), is not common in
eastern Canada an<i no example of its occurrence has been
reporte<i in the canadian literature.
Fol lowing a general survey of the regional context associated with landslides in Southern Quebec, a simple and
workable class ification of terrains prone to s lope failures and
earth flows is proposed and data pertinent to some particular
cases are <iiscusse<i.
Regional Geology
Postglacial marine fine grain sediments have been
deposited in several marine water bod i es during the wani ng of
the last continental ice sheet (fig. 1).
names for chronological reasons:

Those bear different
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FIG. 1 - Postgl acial marine water bodies in Eastern Canada .
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1) the Champ l ain Sea from 12 500 to 9 800 14 C years old
2) the Tyrre ll Sea , in the James 13ay area , 8 100 to 6 850
14c years old with 14c dates of 1000 years 13. p . for
the lower altitude of the sedi1;ients only a few meters above
the present sea level (Hi lai re-1-larcel and Occhietti, 1977).
However, human settlings are mainly restricted to
the St.Lawrence Lowlands and the Ottawa Valley where the Champlain Sea deposits are found, and the following descriptions
apply for these regions only (fig. 2).
On the north side of the Champlain Sea, crystalline Precambrian rocks predominate with minerals such as q u artz,
fe l dspars, hor n blende and biotite.

In the central part of the

Lowlands, Paleozoic sed i mentary rocks such as limestones, mudstones and schists are found with clay minerals like i l l i te and
chlorite.
Following the recession of the continental ice
sheet , sea- water i n vaded the depressed lands , silt and clay
sedimentation took place , reaching at some si t es a tickness of
more than 100 m.

Due to isos tatic rebound,

the bottom of the

former sea was exposed to fluvial erosion and to landsliding.
The mari ne limit is now found at a n altitude of app r oximate l y

180 m, but the fine grain sediments limit is generally located
at an a lt itude of less than 120 m.
On the basis of deep water microfossi l s

identifi-

cat ion, Guilbault ( 19 80) defined several mari ne phases with
differe n t paleosali ni ty.

Gu ilbault ' s " pre A" p h ase , dating

f rom 12 000 - 12 500 years B.P. shows a change from a fresh
water environment to a saline environment of low but variable
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paleosalinity.

".'he "A" phase shows paleosalinity ranging from

27 to 33 g/!l and

is 11 000 - 12 000 14c years old .

'rhe "13 "

phase ranging from 10 100 to 1 1 000 years 13.P., shows paleosali nity of 15 -

25 g/!l and is partly contemporaneous wi t h the St.

Narcisse event (LaSalle and Elson, 1975) when the ice front
readvanced from the north into the Champ l ain Sea, bui l ding some
glaciomarine deltas.

It is worth noting that very large earth

flows (surface acea >100 ha} are uainly found in front of the
rnorainic ridge {Karrow, 1972) where t h ere is high si l t

content

in the fine sediments in which high pore water pressure was pos sibly generated after the emergence of t he land.

Finally ,

" C" phase shows paleosalinity ranging from 5 to 15 g/r.
ding to Guilbault (1980,

fig.

the

Accor-

33), phases Band C represent

significant proportion of the upper part of the sedime n tary
se0uence, this part being now exposed to landslide activity.
llith such salinit i es, leaching night not have been as

important

a phenomenon as previously thought.
Erosion and associated features
The St. Lawrence Lowlands are generally flat with
nany rivers, streams and gullies cutting vertically and latera lly into the glacial and postglacial deposits down to the bedrock .

In many cases,

the thalweg of the strea1:1 is located some

tens of meters above the bedrock surface and fluvial erosion is
proceeding rapidly,

triggering many slides and earth flows.

Typical geomorphic cond i t i ons in landslide-prone
areas are the followi ng : the surface of the originally sea bottom pla in is gently i nclined towards a va l ley at an angle of 1
or 2 degrees.

The slopes on the va l ley sides measure 10-20 m
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in height, with slope angles between 20 to 30 degrees.

The

geometry of the slopes is generally in good agreement with
factors of safety calculated by equilibrium slope stability
analyses (fig. 3).
Ancient earth flows are clustered along valleys
and escarpments cut by the St.Lawrence River fluvial system.
Obviously many of those scarps were cut in previously deposited
unconsolidated sediments.

In many cases the extension of land-

slines have been limited by topographical constraints like a
small gully, a depression left behind by a

former landslide

(fig. 4) or by bedrock outcrops ..
Close examination of air photos at 1:15 000 scale,
shows that fluvial erosion at the toe of slopes located in the
outer part of river meanders, between scars of ancient earth
flows, has caused initial failure, some of them becoming retrogressive landslide.

An example from Chacoura River on the north

side of the St.Lawrence,

illustrates how ef f ective eros ion is,

at treggering slope fai lure

(fig. 5) .

On air ~1otos taken in

1964, one can identify points where lateral erosion is taking
place.

On the 1979 photos, 11 years later, 7 landslides scars

each covering almost 1 ha in surface area can be identified over
a distance of 2,5 km along the river bank, where erosion has
been most active.
Concerning longitudinal s tream profiles,

it is

important to establish the different segments where erosion is
taking place.

Along the stream course,

in the younger segment,

the erosion is proceeding mostly vertically.

For that r eason

there are many slope failures, but earth flows are not numerous
because initial slide debris remain in the gully,

thus preven-
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FIG. 4 -

Gully limi ting the extension of earth flows .
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FIG. SB - Erosion along the Chacoura River in 1979.
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ting retrogress i ve earth flows.

In the meandrous part of the

stream , eros io n cuts laterally i n the river bank , and initial
s l ide debris can reach the middle of the f l ood plain; in that
case, short term failure may occur on the backscarp.

In very

sensitive and quick clays, the remolded materia l will flow away
and retrogressive earth flows will develop.

Another part of the

stream course may have reached the stage of the equilibrium, or
In that case erosion is minimal
may be control l ed by bedrock.
and probability of landslide i s low.
Other situation s are recognized where gullies are
cutting deeply into old landslide debris; they can induce a "second generation" of earth flow or even a third generation as it
It is
was the case at St .Jean Vianney ( Tavenas et al. 1971).
also known that erosion of the clay banks along the sea or large
In fact, erosion is di lakes is responsible for earth flows.
rectly responsible for more than 80% of the earth flows that
occurred in the period 1840-1980 the remaining 20% being the
result of huoan activities (Lebuis and Rissmann, 1981).
Concerning landslides triggered by human activities, two case histories are presented below.

The Nicolet land-

s l ide which occurred in !Jovember 1955 killing 3 people, completely destroyed a school when 300 students were out for lunch,
and cost seven millions dollars (Be l and , 1956).

At the begin-

ning of the century , a sewage pipe was installed in the c l ay to
serve a large building .

As the years passed , an hospi t a l and

the school were connected to th e same pipe ; the capacity of the
sewer system was insuffic i ent and pressure built-up i n t he
system causing leakage in the c l ayey so i l .
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In 1946 and 1950, two slumps occurred along the
river ancl the depression left behind was partly filled.
1955, in order to build a new road,

In

it was decided to complete

the hackfilling by pushing large stones from the top of the
talus.

The day before the landslide, important fissures ap-

peared in the terrace above the talus and on November 12, an
earth flow involving 2,4 ha occurred.

The upper limit of the

ea rth flow coincided with the location of the sewer pipe.
In Rigaud,

in May 1978, an earth flow of 2,3 ha

was triggered when steel piles were being driven into a silty
clay soil, at the summit of a slope 15 m high with a slope angle
of 17°,

l3orings showed that at 4 m below the base of the slope,

a bed of silt and fine sand coincided with the failure surface
and the approximate depth of the lower end of the piles.

Stabi-

lity analysis also revealed that the safety factor of the slope
was 1,7 and the "overall stability" for the entire mass of soil
with a failure plane in the silty bed was 1,5.

To decrease that

safety factor to 1,0, the pore pressure would have to be increased by 30 to 40% in the silty bed.
vibrations caused the si 1 t

The cumu l at ive effects of

and sand layers to became more dense

or more compact and consequently the pore water pressure increased rapidly resulting in an ea rth flow.

The effective stress

dropped dras tically and the shear strength became insufficient
to ensure the stabi lity of the whole soil mass.
Dimension and age of past earth flows
Chagno n (1968) h as identified from air photo at
1:30 000 scale, more than 680 ancient earth flows in the St.Lawrence a nd Ottawa Valleys a nd in Saguenay area.

From this number
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approximately 550 have a surface area of more than l ha and they
have been plotted on a log - probability paper showing the surface
area on the log scale and the cumulative frequency on the proba bility scale (fig. 6).

On the sane graph, the historical earth

flows for the period 1840 - 1980 , not included in the first group ,
have also been identified.

The two groups fall on the same

curve; it thus means that an evaluation of the dimension of
earth flows can be obtained from the dimension of ancient land slides.

As will be seen later on,

this relation seems also

valid for a small area or for a single valley.
Some historical earth flows are quite large.

The

St.Alban slide which occurred in 1894 and located at the edge of
the St . Narcisse moraine,

is 6,5 km2.

The largest known earth

flow is from the Saguenay region with a 22 km2 surface area .
This earth flow possibly triggered by an earthquake (Legget and
LaSalle, 1978) is only 300 - 400 years old (LaSalle and Chagnon ,

1968) as dated by 14c obtained on three trunks buried in
the landslide debris.

The age of the landsliding event is rela-

tively young compared with the age of the sediments (circa

10 000 - 8 000 B.P., LaSalle and Tremblay , 1978) in which it
occurred.

The second St.Jean Vianney landslide (May 1971 event)

took place within the area of the first and earlier St.Jean
Vianney landslide.
Many ancient earthflows in Southern Quebec , have
now been 14c dated and the results are shown on fig . 7.

It

is amazing to find out that dates are clustered around certain
periods of time.

The meaning of this is not known yet and this

may be due to chance only.
ted here:

However , two hypothesis are presen-
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1) It is known from historical documents that a severe earthquake of an estimated magnitude of 7,5 (Richter scale) did
occurred in 1663 and has triggered numerous landslides east
of Quebec City and in the Shawinigan area

(Desjardins, 1980).

This date correspond well with the youngest peak of the
graph.
2) One coulo find anorther explanation in the recorded periods
of hur.iid and cool cli1:iates which nay possibly have generated
high water table and high pore pressures, thus causing a
large nur.iber of earth flows in those intervals (fig. 7).
Indirect age evidence for ancient earth flows is
also supplied by a study of geomorphology and isostatic rebound
curves.

Along old terraces cut by the early Ottawa River, many

scars attributed to earth flows have been identified (Richard et
al., 1974).

However the debris from those landslides are not

found on the lower terrace (former river bed).
the debris were moved away by the river.

This means that

From isostatic rebound

curve (Elson, 1969), it can be deduced that the upper terrace
where instability took place, is approximately 9 500 14c
years old and the lower one is 9 000 14c years giving maximum and minimum age for landslide activity along that terrace.
Furthermore it r.ieans that erosion had play a determinant role as
a trigger for earth flows ,

and because no slide debris are found

on the former river bed, the pcobability of having a la ndslide
at the present time along the same terrace is very low ,
exclunes such causes as human activity and earthquakes.

if one
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Climatological factors
Historical data from Southern Quebec for the
period 1840-1980, show that more than 60% of the earth flows occurred during the r.ionths of April and Hay with another concentration in November (fig. 8).

Lafleur and Lefebvre (1978) have

also pointed out that for 1971-75 period, 63% of the slides in
clay and other surficial deposits occurred at springtime (fig.
9).

According to these authors, such a concentration of land-

slides is explained by the rate of infiltration of water in the
soil decreasing its effective shear strength and also to the
run-off portion of the precipitation swelling the river,

thus

increasing erosion at the bottom of slopes.
Infiltration is ir.iportant during April and May
when the snow cover is melting away.

During sur:unerti1-;ie evapo-

transpiration processes are very effective and infiltration is
at a minimun.

During October and llovernber, the soil is not

froz en yet, evapo - transpiration is not effective and infiltration becomes important aga in.

It is renarkable that maximu 1:i

precip itation (25 mm above the annual average) occurs in July
and December, which are the low periods for landslide activity.
Looking now at the flow rate for the Yamaska River
in the central par t

of the Lowlands (fig. 10), the max irnun

occurs in 11arch and April.

After the flood,

the flow rate de -

creases by more than 50% in one nonth or less.

The combined

effects of severe e rosion occurring immed i ately after the flood,
drawdown conditions due to the rapid decrease of the water level
in the rivers cut in clays and infiltration of water in the soil
are thus responsibl e for the high frequency of slides during the
Spring season.
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Mineralogy and grain size data
Several studies deal with the mineralogica l

con -

tent of. the sediments (Leibling and Kerr, 1965; Gil l et , 1971;
Gravel, 1974; FoscAl-tlella, 1976; nentley and Smalley, 1978a) .
Table 1 gives the results of 25 quantitative analyses obtai ned
with the same analytical procedure.

The weight percent of each

p rimary minerals was calculated by X- ray diffraction using internal mineralogical standard and calibra t ed curves.

The remai -

ning weight-percent was assumed to be that of the phyllosili cates and a1:1orphous raatter.
identified:

The following mi nerals have been

quartz 14-40 %; plagioclase 25-50%; potassium

feldspar 2-15%; calcite 0- 5%; dolomite 0- 3%; anphibole 0 -1 5%;
phyllos i licates and amorphous raatter 10-40%.

Among the phyllo -

silicates, 80% is made up of clay nica (mainly biotite) and 15 %
of chlorite with 5% of other minerals such as vermiculite and
interlayered illite - srnectite.
Mi neralogical p roportions show a good correlation
with grain s ize and figure 11 shows that a sediment wi th 80% of
par ticul es

<

2

mater i al.

This amou nt

µ

m contains 40-45% phyl l osilicates and amorphous
decrease as the particle size i n c r eases

a nd a sed ime nt with 30% of particles

<

2

µ

15% phyllosilicates and amorphous matter.

m contains only about
A compilation of 1;ior e

than 300 grain size ana l yses collected fron different sites and
at different depths in the Champ l ain Sea clay is s hown on figure
12 where samples from large earth flows area have bee n identi fied .

They general l y contain around 40-70% silt size material .
The conte n t

zling .

McKyes et al.

of anorphous matter is somewh at puz -

(1974) , Bentley and Smalley ( 1978a) and

IV
IV

"'

< 2 µm

I/hole sample

Location
Northern
Part

Central
Part

Southern
Part

Depth
(m}

%<2 µm Qtz

Pl ag. K-F,

Phyl lo.
and
Cale. Dolo. Horn. amorph.

Relative r.
phyl lo.
Micas Ch lo.

18,8
41, 1
12, 2
16,0
11 , 0
10,0
11,0

33
24
47
25
40
60
75

27
28
18
22
28
18
14

38
44
37
50
45
40
35

12
14
11
10
4
2
3

3
0
0
0
0
0
0

0
0
0
1
0
0
0

6
5
10
5
tr
tr
2

14
9
24
12
23
40
46

90
100
100
85

9, 1
21,3
21,3
24,4
27 ,4
36,6
24 ,4
27 ,4
36,6
19,8
18,3
18,3

68
71
54
63
82
77
68
72
71
56
57

30
35
27
32
30
32
27
32
30
27
26
34

3

68

22
18
21
14
14
14
16
15
14
40
20
16

4
7
7
6
7
10
8
5
11
8
9

l
0
4
1
3
2
1
0
2
0
3
1

l
0
2
1
2
2
2
0
0
0
2
2

12
10
8
9
10
7
8
6
12
7
9
14

12,0
15 ,2
18,3
21 ,3
12 ,2
18,3

76
50
50
48
72
48

16
27
29
27
17
18

35
28
30
32
30
32

2
5
9
5
3
5

1
1
0
0
2
2

3
3
2
0
3
4

5
10
7
8
5
11

38
26
23
28
41
28

70
80
85
85
95
85

10
tr
tr
15

Qtz

Plag. K-F,

Phyl lo .
and
Cale. Dolo. Horn . amorph.

10
12
11
10
1n
11)
10

28
32
34
31
38
33
34

5
6
5
5
3
3
2

0
0
0
0
0
0
1

0
0
0

25
20
15
5
20
20

9
11
10
9
11
9
11
9
8
10
13
10

25
28
18
26
28
24
30
27
25
25
23
24

tr
tr
4
3
2
2
4
2
1
5
3
5

0
0
3
1
0
0
0
2
0
0
5
0

0
l
0
1
0
0
1
0

30
20
15
15
5
15

10
13
11
12
9
9

29
25
21
27
27
28

2
2
4
3
4
3

0
0
0
0
1
1

100
85

tr
15

31

80

33
33
36
35
36
36
39
37
15
32
24

85
90
75
80
90
75
80
85
95
80
80

20
15
10
25
20
10

I nterl ayered il 1 i te - smect i te .
TABLE 1:

Mineralogical analyses of Champlai n Sea clay

Micas

Relative t
phyl l o.
Ch lo. Verm. Interla.

2
1
3
8
9
8
5

55
49
47
46
40
46
48

95
100
98
84
95
95
59

5
tr
2
16
5
5
36

0
2
0

9
8
3
5
8
2
3
2
8
2
2
9

57
52
62
55
51
63
51
58
58
58
52
52

75
80
81
65
72
84
70
75
80
95
75
75

22
15
13
35
25
16
30
23
12
5
22
18

0
0
0
0
1
0

4
4
5
3
9
7

55
56
59
55
49
52

60
75
80
78
55
60

38
25
20
20
38
30

0
I)

0
0

0

tr
5

tr?
t r?
tr?
tr
tr?

3
5
6
tr
3

1-S*
I -S
1-S
1-S
1-S

tr 1-S
2 1-S
3 1- S
3 1-S
7 1-S
2
tr
tr
2
7
10
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Yong et al.

(1979) found that the amorphous content is larger

than 10 wt.% while some other authors like Foscal-Mella (1976)
did not find a proportion larger than 5 wt.% of that material.
This discrepancy is possibly due to extraction techniques, some
procedures being conductive to the dissolution of amorphous
material and even of some clay minerals (Quigley, 1980).
As pointed out by Bentley and Smalley (1978b) the
role of amorphous matter is probably significant in the development of the high porosity structure of the sensitive clays,
acti ng as a cementing agent when sedimentation is taking place.
One the cimentation bonds are broken as a result of shearing or
remolding,

trie strength of the material would then be electro-

chemical in nature and weaker as the phyllos ilicates decrease
(or the grain size increases).

The chemistry of the pore water

will also affect the remolded shear strength as we will see
now.
Pore water chemistry
In Scandinavia it is well known that low salt
content is associated with sensitive sediments (Bjerrum, 19 54) .
In Canada , only few studies have been made on thi s subject and
Torrance (1975) found for 2 sites in the Ottawa area , that low
salt contents a re also associated with greater sensitivity of
the clay sed iments .

The ionic content of the pore water i s also

relevant to the problem as pointed out by Soderblom (1969) in
Sweden , and Penner (1965) in Canada but in the latter case the
study has been limit ed to a small number of samples.
The present section wi 11 give many new data on the
chemistry of the pore water of Champlai n Sea clay.

The pore
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water has been obtained by squeezing the samples in a modified
oedometer cell at pressure lower than 1200 kPa.

The water ex-

tracted, approximately 5 to 10 ml, was then assayed to determine
the content of Na+, I<+, r1g++ and ea++ in ppn, using atomic
absorption techniques (Guimont and Rheaume, 1979).

The salt

content was then calculated by comparison of the concentration
of these elements to the normal concentration of the same elements in the sea water (Krauskopf, 1967, p. 324).

The ratio of

the rnonovalent cations Na+ and K+ over Na+, K+, Mg++ and ea++
was also calculated using ppm values.
Typical soil and chemical profiles are presented
for Yarnaska Valley in the central part of St.Lawrence Lowlands
(fig. 13).

The St. Ilugues area is known for large earth flows

(surface area

5 ha) and the salt content increases with depth

from 0,3 g/t at 4 rn to 1 g/t at 19 m.

The monovalent cation

proportion also increase with depth from a value of 0,27 to 0,93
mainly due to the augmentation of Na+ and a decrease in
ea++ and Mg++.

An increase in sensi ti vi ty up to 500

( cone test) with depth and a reduction of remolded shear
strength with a low value of 0,075 kPa are shown in the prof ile.
The second example comes fror.1 St .Michel-de-Yamaska approxi mately
30 km downstream from St.Ilugues.

In this area only slumping has

been recognized and no retrogressive landslide has

been

identified in the viscinity, despite the fact that scarps along
the river are 10-12 m in height and exposed to fluvial erosion.
!!e r e the salt content increases from 1,2 g/t at 3,5 rn up to 12,4
g/t at 17 m.

The monovalent cation ratio is alr.1ost constant

with depth, with values around 0,80-0,85 and the sensitivity
varies from 3 to 13.
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A co mpilati on of several ana l yses from diffe r ent
parts of the Champlain Sea deposits are shown on f i gure 14 where
sensitiv i ty is plotted against sa l t

content .

Th ere is a small

increase of sensitivity with a decrease of salt content down to
a value of approximately 2 , 5 g/ R. and no sample fror.i earth flows
areas are found in the domain of "salty" sediment with concentration larger than 2,5 g/R. .

For low salt content values

however, the sensitivity of the deposits could vary fro1:i 3 up to
700 a nd soil samples fror.i areas not prone to earth flow give
values in this range to(Jether with sediments exposed to earth
flows.

Looking now at the relation ship between sensitivity and

monovalent cation ratio of the pore water with salt content less
than 2,5 g/R.

(fig. 15) , high sensit i v i ty corresponds to high

concentration of Ha+ and K+Na+ being by far the predomi nant cation .

In this graph no clear cut is possible between

sedir.ients exposed to earth f l ows or not.

A possible explanation

is given by the fact that common chemical profiles in sensitive
clays show an increase of the monovalent cation ratio with depth
(Lebuis and Rissmann , 1979).

Hhen an earth flow occurs , lique -

faction takes place at the bottom part of the clay sequence and
t he 4-5 m th i ck non-sensitive weath ered crust overlying " virgin"
clay is necessarily involved in the landslide .

It thus explains

why samples with low monovalent cation ratio and low sensitivity
area found in areas prone to earth flows.
Fi nally ,

fig u re 15 illustrates the essential con -

ditions for the development of a q u ick clay .
t i on of r.ionovale nt
water ,

is

Strong concentra-

cations with low salt content of the pore

responsible for the expa n sion of the Gouy double

layers creating repulsion between particles of a remolded
Material .

In conclusion to this section , materials prone to
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earth flows have low pore water salt content ( 2,5 g/t) and the
ratio Na++ K+/Na+ + K+ +Mg+++ ea++ of the pore water is generally greater than 0,8.
Sensitivity, Ip and WL
The sensitivity of the sediments, the plasticity
index ana the liquid limits are used to determine whether or not
the soil is exposed to earth flows and also to give an idea of
the potential dimension of a retrogressive landslide.
Sensitivity is defined as the ratio of undisturbed
to r emolded shear strength (St - Cu/Curl and all measurments
given here have been obtained by the cone test.
Figure 16 shows
a compilation for 60 different borings from different parts of
the Champlain Sea hasin, in which the lowest value only of Cur
and the corresponding value of Cu at the same depth have been
plotted, the sampling sites being at or above the base of the
slope.
There is a clear-cut separation between three groups of
samples de lineating the following areas:
l) for St > 25 and Cu r < l kPa, earth flows with retrogression
in excess of 100 mare expec t ed;
2) for 25 > St> 15 and 1, 5 >C ur > l kPa retrogressions not longer
than 100 m may be expected ;
3) for St < 15 and Cur >l, 5 kPa only slunps will occur.
Furthermore, one can see, in figure 16 that only
the Cu r value is ncesssary to identify terrains prone to
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15

earth flows.

There is also a vague relationship between the

Cur value and the distance of retrogression of earth flows
(fig. 17) which can be us ed to supplement other information in
landslide hazard zonation.
The plasticity chart may also be useful to give an
idea of potential distance of retrogression of landslides.

Very

large earth flows may occur at low values of Ip and WL (fig .
18).
Zonation
To delimite zones of landslide hazard,

the perti-

nent data are plotted as longitudinal profiles along valleys,
and on topographical maps at 1:20 000 scale or at a larger scale
depending on availabiliby.
On longitudinal profiles, the following information is given:
bedrock topography from seismic s urv ey and regional surface
topography;
- thalweg of the stream;
- floors of ancient earth flows with their age when available;
- location of borings showing the Cu r values;
- distance of retrogression of ancient earth flows as observed
from air photos and retrogression estimated according to
empirical methods developped by Mitchell (1978) and Carson
(1979).
On topographic maps, the following information is
given:
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points of active erosion along the stream course as observed
from field surveys and air photo interpretation;
- lithology of surficial deposits and bedrock outcrops;
- slope heights and angles with a compilation such as
illustrated on fig. 3 and giving a crude estimation of the
factors of safety;
- scars of ancient earth flows;
alluvial plains or slide debris which r~ay prevent erosion at
the toe of the slopes.
Two examples from the Chacoura and Yamaska Rivers
are illustrated (figs. 19 and 20) and discussed below.

In the

case of the Chacoura River, a young stream with a steep gradient, ancient earth flows are found in the median part of the
p rofile.

Their floors coincide with the lowest Cur values·.

In the upper part of the valley, there is no earth flow despite
the fact that the Cur values are extrenely low ( <0 ,075 kPa}.
This is probably due to the narrowness of the valley in this
part of the stream course but it is suspected that on the long
term, with eros ion cutt ing vertically and laterally, earth flows
wi 11 take p l ace.
For the Yamaska River, numerous ancient (14c
dated} earth flows have been recognized. The Cur values in
many parts of the soil profiles are generally lower than 1 kPa
and reaching values less than 0,07 5 kPa where the largest landslide has been delimited on the east side of the river.

In that

part of the valley, the surface of the bedrock east of the thalweg is rising closer to the surface of the land and this may
have controlled the retrogression of the earth flow; some piezometers installed at the toe of clay slopes in this a rea have
shown upward gradients.
The thalweg of the stream in the upper
part of· the valley is obviously controlled by bedrock.
Indeed,
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from this point and upstream,
the Cur va l ues increase.

there is no more earth flow and

The hydraulic gradient indicated

by piezometers in this area showed downward conditions because
the glacial deposits located stratigraphically ~tween the clay
and the bedrock, appear in the bank of the river providing good
drainage at the toe of the slopes and reducing the probability
of earth flow in this area.

At the other end of the longitudi-

nal profile, the thalweg is positioned several tens of meters
above the bedrock, and the base-level is controlled by the St.
Lawrence River only a few kilometers downstream.
The Cur
values are around 1,8 or more, and no ancient retrogressive
landslide have ~en identified.
In 1974, a large slump did
occurred at St.Michel - de - Yamaska but there was no liquefaction
of the clay.

It was then concluded that earth flows (retrogres-

sive landslides) will not occur in this section of the valley.
This type of information together with the information shown on
topographic maps mentioned above, will be used to delimit zones
of risk.
The risk is defined in qua litative term s like
high, medium, low and hypothetical and implicitely means a decrease in the probabil ity of failure in that order.

For instan-

ce, it is known from investigations on several slides which occu rred during the last 10 years in Quebec, that s tatistic ally
there are approximately 50 slumps (or initial failures) for 1
ea rth flow with a surface area larger than 1 ha in sensitive
clay terrains.

It thus means that slopes prone to slumps will

he included in zones of high risk, while terrains prone to earth
flows will be found in zones of low or even hypothetical risk .
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The zone of high risk will include slopes with
heights and angles indicating,

from a regional compilation, that

they are near failure (fig. 3), showing signs of instability
such as fissures or observable toe erosion making the slope
unstable.

At the top of the slope the setback distance is gene-

rally twice the slope height.

If slope stability analysis

is

carried out, the factor of safety will be lower than 1,2.
The zone of medium risk includes the same type of
slope but there is no visible process which seems to affect the
stability of the slope.

Failure may occur following human acti-

vities, an earthquake, a sudden increase of pore water pressure
or spontaneous liquefaction due to leaching of the clay mass.
The zone of low risk is found in areas where previous earth flows have been identified and the clay has Cur
values of less than 1,5 kPa and adjacent to zones of high risk
which has been recognized following the procedure established
before.

The limit of the zone is defined by the dimension of

ancient ea rth flow scars in the iramediate viscinity or it may be
calculated with the relation between Cur and distance of
retrogression shown on fig. 17.

Other methods could be used

s uch as the one proposed by tlitchell (1978) giving relations
between the distance of retrogression and the stability number
(N 5 = yH/Cul or the one proposed by Carson (1979) using the
stabi lity number and the sens itivity in relation with the
distance of retrogression.

It see ms however that the dimension

of scars of old earth flows is the safest way of deli mi ting zone
of low risk because the methods proposed by tli tchell a nd Carson
{op. cit.) would have failed to identify the St.Jean- Vianney
area as an earth flow-prone area.
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The zone of hypothetical risk include terrains
with sensitive clays and where ancient earth flows scars have
been identified.

However no sign of instability is recog ni zable

a nd no slope prone to initial failure (zone of high risk) is observed in the immediate viscinity.

Slides in this zone could be

caused by a failure in the zone of medium risk or by an exceptional retrogression of an earth flow affecting the zone of
low risk.

Human activities such as pile driving, embankments

and excavation may also trigger a slide in that area.
Once the zoning is completed, detail slope stability analyses are performed for populated areas as will be shown
in the next section.
Slope stability analyses
It is generally accepted that an initial slope
failure precedes an earth flow and such a situation has been
direct ly observed in some recorded cases (Eden and Mitchell,
1970, 1973; LaRochelle, 1973; Kenney and Drury, 1973).

generally agreed as well,

It is

that the lo n g-term stability of clay

slopes should be analysed in terms of effective stresses.

The

deterMination of effective shear stre ngth parar:1eters a nd a good
knowledge of the pore water regime are thus essential prerequisites for a valuable slope stability analysis.
its relative high cos t,

However, due to

this type of a na ly sis is performed only

in cases in which a risk of failure is indicated by regional
observations as described earlier and where the density of the
population ju stif ies such an endeavour.
Concerning the effective shear stre ngth parameters, Lefebvre (1981) summed up more than 10 years of experience
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in slope stability analyses for t he Cha mpla in Sea clays .

The

post - peak parameters have been used in the calculation of safety
facto r s for several

natural and permanent excavation slopes

giving reasonab l e criteria for prediction of the stability .
Post- peak or large strain strength were determined by isotropically consolidated drained triaxial test wi t h axial compression rate of about 2% per day, up to a maximum axial deforma tions of 10-12%; the post - peak strength was defined at or around
8% axial deformation .

Samples were reconsolidated under pres -

sures varying from 5 to 30 kPa, which is the range or stress
existing in most clay slopes in the St.Lawrewnce Lowlands.
noreover, Lefebvre ( 1981) found a good correlation between the
post- peak strength and the apparent preconsolidation pressure
suggesting strongly that the post - peak strength is a basic
property of the clay.
The pore pressure distribution necessary for slope
stability analysis is generally oversimplified as pointed out by
Lafleur and Lefebvre (1980).

The flow is frequently assumed to

be parallel to the slope or the pore pressures are calculated as
being under hydrostatic conditions. However, LaRochelle at al.
(1970) found that upward gradients at the toe of some slopes
could reach values up to 0,9 depending on the bedrock topography
under the clay .

From Lafleur and Lefebvre (op . cit) it can be

said that the " classical " pore pressure situation for the St .
Lawrence Lowlands would be a downward gradient at the top of the
slope with an upward gradient at the toe , for slopes located on
the sides of a vally eroded in clays.
I n order to illus tra t e the i nfluence of the
upward gradient on the factor of safe t y, two slopes profiles
have been studies.

The first one is from a V shaped gully and
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the second one from a terrace formed early in the history of the
Champlain Sea .

Both slopes are 12 m in height, their inclina-

tion being 3H : l V.

The downward gradient on top of the slope is

equal to 0,2 and the geotechn ic al properties for the clay are
like follows: C'=ll l<Pa,

4> ' =30°, Y=l8,4 kll/m3.

It is seen in

figure 21, that the slope with its opposite counterweight talus
on the other side of the gully , has a factor of safety decrea sing from 1,53 to 1,1 while pore pressure goes from hydrostatic
to an upward gradient of 1 , 2.

For the same range of upward

hydraulic gradient in a slope with no counterweight talus at the
base, the factor of safety drops to 0,6, with a failure plane
very deep in the soil.
In other words, an upward gradient will favour a
deep seated failure surface cutting into intact sensitive clay
and may trigger retrogressive landslide, while a downward
gradient will promote a surficial failure only.
Oversimplifications are also done regarding the
topography of the slope to be analysed .
To illustrate that, the
factors of safety (F) have been calculated for 5 slopes with an
average inclination of 211:lV, with the same pore water condi tions a nd geotech n ical parameters.

The slope profiles are:

a) rectilinear; b) concave; c) convex; d) concave-convex;
e) convex - concave (fig. 22).

The lower F value is for the

convex -co ncave profile which can be found along actively eroding
streams cutting the toe of slopes.

The concave and convex

slopes give almost the same va lue of F but is suspected that
after the initial failure the convex slopes as well as the
convex -concave slope , could possibly evolve towards an earth
flow situation , because shearing penetrates deeper into the soil
and may remold the sensitive clay underlying the weathered
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FIG . 22 - Geometry of slopes with different factors
of safety.
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crust.

In that case and provided there is enough space in the

valley to receive the debds, there will be no counterweight at
the base of the backscarp and it will be prone to short-term
failure.

The concave - concex slope is stable and is possibly the

result of a slump which may have occurred in the upper part of
the concave slope.

Finally,

it should be noted that oversimpli -

fication of the geometry when back analyses are performed may
lead to poor results.
In conclusion to this section, it must be said
that slope stability analyses apply for initial failure only and
there is no mean yet to calculate a factor of safety for a retrogressive landslide because of the "slice by slice" process.
If this retrogression mechanism is realistic, the energy dissipated by the initial slide should be lar<Je enough to remold clay
which must flow away from the base of the newly exposed back scarp.

In order to solve this problem, Tavenas et al. (1982,

this symposium) propose an approach to evaluate the energy
required to remold a clay compare to the potential energy
available in a slope when failure occurs.
Case history data
During our mapping program on the north side of
St.Lawrence Lowlands, 8 zones of high risk of failure have been
identified in a city where 35 000 people are presently living.
The scarps are 20 m high with slope angle up to
28°.

The base-level of the stream at the base of the slopes is

partly controlled by bedrock outcrops.

The sensi t ivity of clay

i s around 200 , wi th the lowest value of Cur at 0 , 20 kPa,
indicating a risk of retrogression.

In 1978 , a slump partly

destroyed a house and it was realized for the first time that a
large part of the city had been built on ancient earthflows
debris,

i.e. within the limit of landslide scars .
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The program to eva l uate the situation inc l uded
(fig. 23) 2 borings for undisturbed soil samples , 2 pe ne trometer
tests and the installation of 14 piezometers which were read for
a period of 14 months (once a week during spring and fa ll sea sons).

Three profi l es were studied a nd the one with the lowest

factor of safety is shown in fig.

24.

The drainage conditions

were estimated with the piezometer readings from the spring
season and the zero-equipressure line was raised up by 10 % to
take into account the possible rapid fluctuation of the water
table in the upper part of the soil pro file.

The hydraulic

gradient was found to be 0,37 downward at the top of the slope
and O at the base.

The shear strength parameters dete r mined by

CID tests according to the procedure described by Lefebvre
(1981) gave values of C'=7,7 kPa and .~38°,
The factor of safety was calculated with the
Bishop modified method and gave a value of 1,11.

However this

city is located in a seismic zone and according to the National
Bui lding Code of Canada an empirical seismic coefficient ng =
0,03 to 0,06 for an exceedance probability of 0 , 01 per annum
should be appl i ed for buildings.

I f this coefficient is intro-

duced in the calculation, F will decrease by 12 to 17%.

An

increase of the pore water pressure of 10% can also be simu lated
on every equipressure lines of fig . 24; it will lower F by
approximately 12%. The results of the different simulation s are
presented on table 2.
Several solut i ons have been proposed:
a) advise the munic i pality that regu l ations preventi ng fil l
top of the slope or new constru ctions sho uld be adop ted.
Leakage from the sewer system should also be checked;

on

o

Soundings with soil sampling

•

Penetrometer test

•

Piezometer

.~ w.J. Scarp limits
---- 1978 slope fai lure limits

L J Topographic prof ile

FIG. 23 - Location of slope stability analyses in a urban area.
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Profiles

ng

=

0,00

ng = 0,06

p.w.p. = 10%t

p.w.p. = 10%t
t.%

ll%

A-A '

1,49

B- B'

1,14

C-C'

1,36

TABLE 2:

1, 04

1,25

16

1,00

12

1,13

17

0,91

Slope stability analysis results

12
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b) continue the piezometer readings on a long term basis to
serve as an alarm system;
c) take no chance at all and do stabilizing works like placing
an abutment at the toe of the slope combined with surficial
drainage of the slope to lower the water table in spring
season.
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USE OF THE POST-PEAK STRENGTH IN SLOPE STABILITY A~ALYSIS

by Guy LEFEBVRE
Universite de Sherbrooke, Quebec, Canadu

Many methods of ana lyses in soil mechanics and foundat i ons are
based much more on past experience than on theoretical consideration.
is especially true in the analyses of slope stabi l ity.

This

Thr. design of dam

slopes relies more on the experience accumulated by the profession than on
theoretica l analyses .

The use of the field vane tests to r.valuate the un-

drained shear strength of clay foundations, combined with empirical corrections
based on experience, allows a reasonable estimate of the stability of embankment even if the state of stress and the general test conditions are not
fully understood.
In eastern Canada, a good experience has been built in analysis of
natural clay slopes using the post-peak strength, i .P. the strength mobilized
at axial deformation of about 8~; in consol i dated drained triaxial tests
(Lefebvre and La Rochelle, 1974, Lo and Lee, 1974, Lefebvre, 1981).

The

purpose of this paper is to investigate what represents thP post-peak strength
and why it appears lo corrr.cl ly <1<;sr.ss t.ilc statr. of r,t.ibi l i ty or

i1

natural

slope in the structured clay deposits of eastern Canada .

Laboratory simulations for defining the available resistance in a slope

The laboratory conditions should simulate as much as possible the
in situ conditions and sollicitations and at the same time, the tests shou l d
be easily performed on a routine basis.

In order to define the test condi-

tions for the evaluation of the available resistance in a slope, let's examine the in situ conditions.
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A clay element under a slope has been unloaded during the geologic
formation of the slope and is necessarily overconsolidated even for a normally
consolidated clay deposit.

Actual ly the stresses acting

01

a potential fail-

ure pl ane are much smaller than the maximum past pressure '.lr even the overburden stress existing before the erosion of the valley.

The laboratory sim-

ulation should be conducted in the overconsolidated range of pressure and in
fact under pretty low reconsolidation pressure as illustrated on figure 1
and figure 17.
The increase of shear stresses in a natural slope results of the
formation of the valley by erosion.
is more or less perceptable.

This process is normally very slow and

Slight decrease of shear resistance occurs

seasona l ly due to pore pressure increases related to climatic conditions.
Various type alterations of the deposit could also result in some variations
of the available shear strength.

While other causes can be listed, those

are the main factors 1~hich brinf) natural slopes to failure without human
intervention.
as drained.

Under those circu111s ta11cr.s, the condi L'ions c,in be considered
This 1~ill not be true any111ore for a rapid change in geometry,

like excavations or followings on initial slide.

The conditions can be

assumed drained only for the analysis of a fi rst slide.

Example of drained

stress path representing gradual erosion followed by an increase of pore
pressure is shm·m on figure 2.

U11ur,1ined condition s 1~hicl1 cou ld develOLJ

at incipience of failure and very close to the failure env~lope do not
change the general conditi on of the proble~ .
As illustrated in figure 2, the stress path followed represents an
unloading condition which take place during the erosion of the va ll ey.

This

stress path is totally different than what is simulated in a compression
triaxial test where the sample is brought to failure by increasing the vertical stress.

In addition the direction of the major principal stress varies
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gradually along a potential failure s urface.

Clay soil are known to be high-

ly anisotropic in the sense that their strength varies with the direction of
the major principal stress.

Finally, clay soils are time sensitive , and in a

slope, the stress are aoplied for indefinite period of tim,, .

Those last three

conditions, stress path, anisotropy and time sensitivity have also to be taken
into account in the laboratory simulation.

Behaviour of structured clay under low effective stress and strength mob ilized
in slope failure

When a specimen of intact clay, cut from block sample, is sheared
in drained triaxial compression under low effective confining stress, the
stress strain curve is as shown on figure 3. The failure is very brittle and
shows a distinct peak qf followed by a decrease to a more or less constant
post-peak strenqtil cir {fiCJ. 4).
peak and post-peuk condi Lion\.

Strength envclopp could than be defined for
/\•, Lilt' c•fl1·clivc•

c.011/

int'llll'll l •,L1·cs, ii;

increased, the difference between peak and post-peak strength becomes smaller
and smaller up to the point where a plastic type of failure is obtained.
Back analyses of failed s l ope, 11here pore pressures before fai lure
are reasonably l o~,, give unreal i sti ca l ly high factors of safety when the
peak strength is used, in the analyses even when anisotropy is considered
(Lefebvre and La Rochelle, 1979) .

The post-peak strength on the other hand

has been found to correctly ussess the state of stability of natural slope or
long term excavation slope .

Table 1 and 2, reproduces from Lefebvre (1980)

presents the results of analyses performed at 14 sites in Eustern Canada
cluy deposits includinrJ 9 fuilurcs.

/\teach silc) pore pressure ~,us observed

in piezo111eters and the shear strength 11as measured in consolidated drained
triaxial general ly on specimen cut from block samples.

Those cases illustrate

that the post-peak strength is a good representation of the resistance which
can be mobilized in the cl ay slopes of Eastern Canada .
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5

Tube

Lafleur,

Block

Le Coteau

1978

Lafleur and

Lefebvre, 1979

Hull, Leamy
Creek (1)

30

170

April ' 74

65

38

6

38

1,64

6

Block

(I)

Eden, 1972

Lefebvre# 1974
Mc Rostie and
St . Louis,

Chicoutimi,

rue Angoul~me

15 , 8

26°

Stable

475

44

38

9

38

1,37

5

Tube

(1) Superfici al f ailur e in heavily fissured wheatered crust , involving only the zone of water table variation.

TABLE 1. Characteristics of the case reco rds of natural slopes.

1980

Lefebvre, 1979

Height
m

Site

Rosemere

Lachute I

11,9
7

Incli nation

Excavation

Failure

P'c
kPa

WL
%

w c ' m. <l> ' m F.S .
kPa (•i Failure

'

F . S.
Stable

Number of
piezometers

Type of
sample

Reference

24°

March ·, 72

July '74

160

61

72

8,0

35

I ,OS

12

Block

Lefebvre and
Chahde , 1978

23°

Autumn ' 7 4

Spring '77 130

55

80

8 ,5

29,2

1,23

19

Block

Lefebvre,

Bedard et

(I)

Tremblay, 1980

Lachute 2

7

2s_0

Autwnn '74

Autumn '75 185

60

60

7,0

29,3

1 ,11

11

Block

_.. _

(1)

Lachute 3

6,7

24°

Autumn '74

Stable

129

63

70

7,0

27 , 8

1, 39

11

Block

Ste . Genevieve
de Batiscan

8,2

18°

Spring ·, 75

Stable

124

60

75

8,0

27 ,1

1,54

9

Block

St, coeur de

7, 3

24,5°

1973

Stable

260

40

so

7,0

37,5

1,60

10

Block

----

12,0

24, s

1970

Stable

360

30

45

5,0

41

1,47

6

Block

----

_11_

- -

Marie
La Baie

(I)

F.S.

0

1 . 0 when curvature of the envelope is considered.

TABLE 2. Characteristics of the case r ecords of permanent excavat i on slopes.
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Si gnificance of post - peak strength

The fail ure of an i ntact overconso lidat ed cl ay sample under low
confinins effec t ive stress develops generally along failure plan es .

It

confining stress cl ose to zero, a tendancy for vertica l splitting is observed;
at slighty higher stress, failure occurs along well defi ned failure planes;
at stress close to destructuration, the sample bulqes laterally instead of
develop i rg failure planes.
The post-peak strength can be considered as the strength mobil i zed
between sliding bl ocks under a given effective confining stress.

This is

illustrated by a series of tri axial tests performed on specimens with pl ane
precut at 60° with the horizontal.

The stress strain curves obtained with

the precut pl ane specimen are compared on fig. 5 with those obtained on
intact srecimens at the same effective pressure.

This series of tests indi-

cate that the post-peak strength is very nearly equal to the maximum strength
which car, be mobilized on a smootl1 s liding fa i lure plane.

This ~,as noted to

be true even when the intact specimens had failed by badly defined failure
planes.
Those tests indicate that the post-peak represents the stren~th
which can be mobilized under a given effective stress once the resistance due
to structured clay skeleton has been overcome.

It represents a state of

stress which the soil will reach after fail ure, in drained or undrained
conditions (fig. 6).
The post-peak however i s different from the shear strength in the
remolded or the fu l ly sof tened state.

It differs also from the residual

shear strength which is mainly a fu nct i on of t he mineral composition (Kenney,
1977) and of the shea r strength of the unstructured materi3 l as illustrated

on fig. 7.

At the post- peak, the soil still retains some ~ffects of its

structuration and of its stress history.

This is we l l ill~strated on fig. 8
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FIGURE 7.

Illustration of various strength envelope for structure clay.
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where post-peak strength, measured on spec imens , all cut from block samp l es
and reconsolidated under the same effective pressure of 10 kPa, but obtained
f rom 18 different sites across Eastern Canada, is plotted 3gainst the preconsoliddtion pressure a~.

This figure show a very good correlation between

the post-peak strength and the preconsolidation pressure and a very s i gnifi cant increase of the strength with the preconsolidation pressure.

This im-

por tant variation is readily confirmed by field observation ~,here high and
steek clay sloµe remains stable ~,hile much lower slope can fail.

Post-peak strength as representing the resistance mobilized in a cl ay s l ope

\-lily the post-peak strc11qtl1 r.v,1lu,1ted in dri1ined tric1xial co111pression
on a vertical sample represents the shear resistance which can be mobilized
in a clay slope?
As discussed earlier the first failure of a natural clay slope is
reached in drained conditions .
"""
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In the overconso l idated range of stress, both
01 t:
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the sense that the envelope remains unique whatever is the stress path used
to reach it .

This is illustrated on figure 6 and wel I shown on figure 9

reproduced from Law, 1981 .

Figure 9 presents results of drained triaxial tests

brought to fai l ure along different stress path varying from failure by increasing the vertical pressure only to failure by decreasing t he hori zontal
pressure and keep i ng the vertica l pressure const ant.

The results presented

on this f i gu re, clearly show that both the peak or the post- peak enve lopes
remai n unique whatever is the stress path fo ll O\ved to reach it.

In other

~,ords, the envelope defined by triaxial compression tests can be used to study
other sollicitations which follow different stress paths.
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As mentioned earlier, it is well known that the shear strength of
intact structured clay is highly anisotropic.

This appears however to be

related mainly to the clay structure and the anisotropy effect should normally disappear in the post-peak state.

On figure 10 are sho·.m results of post-

peak strength determined on vertical, horizontal and 45° samples.
are seen to be very nearly the same.

Results

On figure 11, post-peak strength envel-

opes defined in triaxial compression tests is reported in a stress space
which shows the stress path for constant volume simple shear tests consolidated
at in situ overdurden stress.

Without going into the state of stress and

the effect of stress rotation in the simple shear test, it can be concluded
that the soil in simple shear has a tendency to reach a post-peak state which
is very identical to the

one

defined in triaxial compression.

It should be

noticed that no or very small peak strength is mobilized in the simple shear
test, due to stress concentration and progressive failure.

Triaxial tests

on specimens at different orientation and comparison of triaxial and simple
shear have shown clearly enough that the post-peak strength can be considered
as isotropic.
Why i s the pos t-peak res istance developed in the field?

Is the

peak resistance mobili zed in certa in element at a cert ain time and how does
it decreases to post-peak? To account for slope failure of material showing
stress strain curves similar to the one shown on fig. 3, the concept of progressive failure has been introduced.

Progressive failure is initiated when

the soil is strained beyond the peak at some particular point in the earth
mass due to stress concentration, causing a decrease in strength at that
point.

This 1~ill result in a stress transfer and will induce additional

stresses on the neighboring soil and cause it also to strain, possibly beyond
the peak.

When looking at stress strain curves obtained in triaxial compres-

sion (fig. 3), we have the impression that the soil has to undergo a very large
decrea se in s hear resistan ce bef ore rea chin g it s pos t- pea k strength.

While
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Influence of samples orientation on the post
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the peak and post-peak envelopes are stress path independant, it is important
to realize that the decrease in shear strength to go from peak to post- peak
is very much related to the stress path geometry as il l ustrated by Law (1981).
The decrease in strength after peak for two different stress paths is shown
on fig . 12.

So for the type of loading which can be assumed in a slope, the

decrease of strength to reach the post-peak state is much less important than
shown in triaxial compression.

The results of s i mple shear tests presented

on figure 11 appears as a good example of progressive failure.
In laboratory simulati on, the soil specimen is loaded progressively at a ce rtai n rate up to fa ilure.

For exa111ple the drained triaxial

compression tests are strained at about 2'.i/day of axial deformation.

Struc-

tured clays are known to be strain rate sensitive (Tavenas and Leroueil, (198 1).
It is known also that if the test was stooped at a certain stage of the loading
and the stress kept constant for a long period of time, the clay specimen
1~ould fail at a stress level l ower than the shear resistance mobilized in a
standard test (Bishop and Lovenbury, 1969, Lefebvre, 1970).

In the field, a

clay el ement under a s lo pe will sustain more or less the same stress for a
very long period of time.

To investigate that effect on Eastern Canada

structured clays, a series of triaxial drained creep tests was realized a
few years ago (Philibert, 1976, Lefebvre, 1981).

The tests were carried out

on specimens cut from block samples obtained at Nicolet, on the south shore
of the St-Lawrence r iver , cl ose to the large 1955 landslide (Beland, 1955).
A series of conventional triaxial i sotropically consol idated drained tests
were first performed to establish the peak and post-peak envelopes .

An other

series of tests was performed simi larly except that t he loadi ng was stopped
at given deviatoric stresses expressed as a percentage of the peak resistance
defined in the f irst series.

The specimen were l eft to creep under constant

load for period of time lasting up to 100 days or up to fa i lure.

The behav-

iors observed in the creep tests and in the standard compression tests are
compa red on fig. 13 for effective confinement pressures of 10 and 15 kPa.
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When the axial deformation is plotted against time, the tendency toward
stabilization or failure is readily observed (fig. 14).

The deformation-

time curves have classical shapes as reported by Singh and Mitchell (1968).
For the eight (8) creep tests performed in that study it w'.ls concluded that
specimens will remain stable if loaded below a certain threshold and will
fail with time if loaded above that threshold.

As shown on figure 15, it was

realized that the stability threshold coincides with the post-peak envelope.
It is most interesting to realize that for the failed specimens, failure has
been reached without mobilizing the peak strength.

The stable envelope or

the post-peak envelope can be reached without first ooinq throuqh a Pf'ak.
Curvature of the post-peak strength envelope

For slope stability analysis, it is generally assumes that the
strength envelope is linear and described by the parameter c' and~·.

How-

ever as shown on figs 9 and 16, the post-peak strength envelope shows a
certain curvature.

Figure 16, reproduced from Lefebvre (1980) was established

by compiling data from triaxial compression tests performed on block samples
using exactly the same testing procedures and obtained at 20 different sites
in Eastern Canada .

At very low stresses, the post-peak envelope shows a ten-

dency toward zero shear strength.
conditions.

This appears to correctly represent field

It should be realized that when a significant cohesion intercept

is assumed, the minor principal stress becomes negative for low value of
normal stress as illustrated on fig . 17.

It is very doubtfull that under

sustained load, a clay element could resists any negative stress.
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The post-peak envelope has a real cohesion intercept very close to
zero, and initially sho~,s a pretty steep slope 1~ith increasing effective
stress.

It then gradually flatten out as the soil beoins to destructurate

to finally join the unstructured envelope.

Due to this curvature of the

envelope, it is important, when doing a linear approximation, that a proper
range of stress be selected.

For example, in figure 16, linear approxima-

tion has been done considering only resu l ts of tests performed under effective confining pressure varying from 5 to 20 kPa.
gives a

<1>,;

1

This linear approximation

of about 29° for a pre consol i dati on pressure of l 00 kPa i ncreas-

i ng to a •m of ubout 43° for a preconsolidation pressure of 400 kPa.

The

value of c' is about 7 kPa and does not vary ~,ith the preconsolidation presrn

sure.

If on the other hand, the linear approximation had been done for a

higher stress range, where the flattening out of the curve is more pronounced,
we will have a more constant value of•'m and a c'111 increasing with effective
preconsolidation pressure.
While a range of effective confining stress of 5 to 20 kPa is
appropriate for most slopes in Eastern Canada, it might be too high for
slope as low as 5 or 6 m with water table at surface.

For such cases, the

linear approximation at a smaller range of stress will yield a lower c~ and
higher •'.
m
Conclusion

A good experience has been developed i n Eastern Canada with the
use of the post-peak strength i n s l ope stability analysis.

When used in con-

junction with measured ground water conditions, in effective stress analysis
using the Bishop method, it allows to correctly assess the state of stabi l ity of
natural or long excavation slope in structured clay.

Its use is however

restrictP.d to drained cond itions and is pertinent only for the analysis of
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a first slide.

Because it is based primary on experience, the approach can

be considered as empirical.

When examined closely however, the post-peak

strength accounts for most of the factors involved in the analysis of a
slope :

stress level, stress path, anisotropy and time sensitivity.

It is

determined under the range of effective confinement pressure which are
operative in the field.

The laboratory simulation does not follow the in

situ stress path, but it has been shown that the post-peak envelope is stress
path

fnc1c,p1'11d<111I..

(011Lrarv

1.o 1.111, pr',1k •:1.1·,,11ql.h, t.lH' pn,1. - pr',lk ,l:re11ql.h i,;

for practical purpose isotropic.

And finally the post-peak envelope appears

to coincide with a stability threshold which, if exceeded, will result in
failure with time under sustained load.
The post-peak strength differs from residual, fully softened,
remolded and from unstructured strength.

At the post-peak, the soil still

retains some influence of its past structuration and stress history.

It is

well related for example to the preconsolidation pressure.
The post-peak envelope has a significant cut·vature.

It is important

that the proper range of stress be considered when a linear approximation is
assumed for stability analyses.
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INTRODUCTION
The stability of slopes in clays is a geotechnical problem of great
social, economical and technical importance.

It is particularly true in Eas-

tern Canada and Scandinavia where the clays are sensitive and the slides develop very rapidly.

In the province of Quebec, more than 2 000 ha of cultivated

or urban areas have been destroyed and about 100 people have been killed by
landslide activity in the last 100 years;

the most catastrophic was the Saint-

Jean-Vianney landslide which caused the death of 31 persons and destroyed 40
houses (Tavenas et al. 1971).

In Norway, J~rstad (1968) mentions that catas-

trophic landslides caused the death of more than 250 persons in 1345 near
Trondheim and of 112 persons in 1893 in Verdal;

in the Romerike region,

Bjerrum et al. (1969) note that SO million cubic meters of clay have been removed by landslide activity in an area of about 25 km 2 •
have also occurred in Sweden;

Numerous landslides

the best known are probably the Surte landslide

in 1950 which involved 4 million m3 , destroyed 31 houses and killed 1 person
(Jakobson 1952) and , more recently the Tuve landslide which destroyed 67 buildings a nd caused the death of 9 persons (Andreasson 1978),

A good appraisal of s lopes stability is thus very important and it
is probably the topic which has received the largest attention in the geotechnical literature,

However there is no unanimity on a specific method to de-

termine strength parameters and analyse the stability of slop es .
the total stress analysis is mostly used;

In Sweden,

on the contrary the effective stress

analysis is the only method used in eastern Canada;

finally, in Norway, both

methods have been used and are presently advocated for by different organizations.
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The aim of this paper is to present results of total and effective
stress analyses on slope failures in Champlain sea clays and to compare this
Eastern Canadian experience with the Scandinavian . practice,

SUMMARY OF SELECTED CASE RECORDS

Among the numerous slides which have occurred in the St-Lawrence
lowlands and in the Ottawa valley, only well documented cases on which it was
possible to carry out total and effective stress analyses have been selected.
On each site, at least one borehole

was available to determine a detailed

stratigraphy, a vane shear strength profile had been established and piezometers had been installed to measure the pore pressure regime in the slope.

Twelve case histories are considered herein:

three of ~hem are ini-

tial failures of natural slopes; three are regressions of slides which occurred
at least one year after the first failure;

four are man-made slopes which

failed one to five years after completion of the excavation; one is a natural
slope in which failure was induced by an artificial ground water table recharge;
the last slope is still stable.

In overconsolidated Champlain ,se~ clays, it has

been shown (Leroueil et al. 1978) that the coefficient of consolidation is very
high, so that it may be reasonably assumed that the negative pore pressures
generated during excavations are dissipated within a few months, Thus no distinction need to be made between the natural and man made slopes considered here,

Most of these cases have been presented elsewhere and the details
concerning
here.

soil properties, hydraulic conditions, etc. will not be presented

Only typical physical and mechanical properties of the clays involved
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in the slides are given in table 1 .

The characteristics of the slopes: height,

inclination, depth of fissures, water table level are presented in table 2. All
the analyses presented in this paper have been carried out at Laval University.

Saint-Vallier de Bellechasse is situated 45 km East of Quebec City, along
"Blanche" river.

The natural slope failed in May 1968 (~aint-Vallier de

Bellechasse l); 9 open piezometers were installed just near the crater during
the fall of 1968 and it happened that the slope regressed by further sliding in
May 1969 (Saint-Vallier de Bellechasse 2) and at the end of the same year (SaintVallier de Bellechasse 3).

The height of the initial slope was 10,7 m;

was only about 7,5 m for the second and third slides.

it

These cases were

studied by Lefebvre (1970) and described by Lefebvre & La Rochelle (1974).

Saint-Louis de Bonsecours is located some 80 km East of° Montreal. The natural slope, with a height of about 15 m and an inclination of 25°, first failed
during the spring of 1968.

18 piezometers were installed during the summer

and water levels were regularly measured.

As on the Saint-Vallier de

Bellechasse site, during the fol lowing spring there was a second failure in
the backscarp of the initial crater.

These two cases are reported by Lefebvre

(1970) and Lefebvre & La Rochelle (1974).

In 1960, a 9 m deep permanent excavation was made along a road at
Orleans, 15 km East of Ottawa.

Five years later, just after three days of

heavy rain, a slide occurred.

Geotechnical studies were carried out by the

National Research Council of Canada and the results a re described by Eden
Jarrett (1971).

At Lachute, 60 km North-west of Montreal, 7 m deep permanent

&

l'v
\.Cl
O'\

II

Site

w

Ip

IL

Saint- Vallier de Bellechasse l

59

35

1,2

2 Saint- Vallier de Bellechasse 2

62

35

3

60

1

Saint- Vallier de Bellechasse 3

4 Saint-Louis de Bonsecours l

Cuvane

Cu/Op

OCR

Reference

42

0,26

1,60

Lefebvre (1970); Lefebvre &
La Rochelle (1974)

1,2

33

0,26

1,75

Lefebvre (1970); Lefebvre &
La Rochelle (1974)

35

1,2

31

0,26

1,80

Lefebvre (1970); Lefebvre &
La Rochelle (1974)

65- 35

25-10

1,5

35-60

0,27

1,80

Lefebvre (1970); Lefebvre &
La Rochelle (1974)

{kPa~

5

Saint-Louis de Bonsecours 2

65

24

1,6

32

0,24

1,80

Lefebvre (1970); Lefebvre &
La Rochelle (1974)

6

Orleans

67

20-40

1,0-2,0

55- 90

0,29

3,80

Eden & Jarrett (1971)

7

La Chute l

80

28

1,8

35

0,33

2,25

Lefebvre et al. (1980);
Lefebvre (1981)

8

La Chute 2

60

35

1,0

48

0,28

2,80

Lefebvre et al. (1980);
Lefebvre (1981)

9

Rosemere

62

23

1,3

55

0,30

2,35

Lefebvre & Chahde (1978);
Lefebvre (1981)

10

Saint-Leon (close to the bridge)

60

40

1,0

65

0,25

2,50

Lefebvre (1979); MERQ (1981)

11

Saint- Leon (Loulou); stable

65

42

1,0

60

0,25

2,20

12

Rockcliffe

70

42

1,0

-

-

Table l
Typical characteristics of clays

-

Flon et al. (1981); MERQ (1981)
Williams (1979); Mitchell &
Williams (1981)

Site

Sain e- Vallier de Bellechasse 1

Height
(m)

10, 7

Inclination
(0 )

Dep th of
fissures
(ra)

Number
of
piezometers

31

3,0

9

Uep th of water Safety factor
at the top
0 anal sis
of the slope (m)
Y

+•

2 , 15

1 , 32

Reference

Lefebvre (1970); Lefebvre
La Rochelle (1974)

&

Sain t-Valller de Bellechasse 2

7, 6

-

3, 0

9

3 ,10

l, 50

Lefebvre (1970) ; Lefebvre
& La Rochelle (1974)

Saint- Vallier de Bellechasse 3
4

Saint - Louis de Uonsecours l

5

Sainc-LouJs de Bonsecoure 2

" 7,2

• 42

3,0

9

2,80

1,31

Lefebvre (1970); Lefebvre
& La Rochelle (1974)

15,0

25

3,0

18

2,80

1,24

Lefebvre (1970); Lefebvre
& La Rochelle (1974)

7,5

-

3, 0

18

2,20

1,62

.::r

Lefebvre (1970), Lefebvre
La Rochelle (1974)

&

6

Orleans

9,0

32

0,6

4

3,53

Eden & Jarre t t (1971)

La Chute 1

7,0

23

2,1

19

ground surface
0, 30

2,19

Lefebvre et al. (1980) ;
Lefebvre ( 1 981)

8

I.a Chu te 2

7,0

25

2,1

11

0,40

2,80

Lefebvre et al. ( 1 980);
Lefebvre (1981)

9

l\ose111ere

11, 9

24

3, 6

12

l, 60

l, 70

Lefebvre & Chahde (1978) ;
\.,efebvre (1981)

10 .Saint-Leon (close to the bridge)

13,0

25

2,5

4

3,60

l , 73

Lefebvre (1979); KERQ ( 1 981)

11

Saint- Loo n (Lou l ou); stable

17,8

27

2,5

19

4,00

3,27
(stable)

Flon et al. (1981); MERQ
(1981)

12

Rockcliffe

6,0

64

2-3

10

2,80

-

Williams (1979); Mitchell
Williams (1981)

&

Table 2
Characteristics of the case records of elopes

I\.)

I.O

-.J
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excavations were carried out for the construction of the autoroute 50.
works ended during the fall of 1974.

The

A first failure (Lachute 2) developed

in the fall of 1975; a second failure occurred at -a different place (Lachute

1) in the spring of 1977 .

The results of the geotechnical investigations are

reported by Lefebvre et al. (1980) and by Lefebvre (1981).

The Rosemere case is also an excavation which failed 28 months after
construction.

The site is about 20 km North west of Montreal; the slope was

11,9 m high with an inclination of 24°.
Lefebvre

&

The site investigation is presented by

Chahde (1978) and Lefebvre (1981).

The village of Saint-Leon is located about 30 km West of TroisRivieres.

The slide took place at the entrance of the village, close to a

bridge over the Chacoura river (Saint-Leon close to the bridge).

The Ministry

of Energy and Resources of the Province of Quebec installed 4 piezometers and
carried out a topographic survey in the vicinity of the crater to determine the
original slope profile . From these data, the slope had a height of 13 m and an
inclination of about 25°,

Soil properties are obtained from Lefebvre (1979)

and from a soil investigation performed by Laval University on the site "Saint
Leon (Loulou) 11 some 200 m away (Flon et al. 1981).

The Saint~Leon -(Loulou) site is located on the other bank of the Chacoura
river; the slope is stable but the stability is probably marginal and the site
has been chosen to study the behaviour of a slope before failure.

Installa-

tion of 19 piezometers and the topographic survey were done by the Ministry of
Energy and Resources of the Province of Quebec; sampling and vane sou~ding were
performed by the geotechnical group of Laval University (Flon et al. 1981). The
height of the slope is 17,8 m and its inclination 27°.
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Rockcliffe is located along the Ottawa river, near Ottawa.
an important

In 1967

slide occurred and, more recently it was decided to bring to

failure another natural slope, about 500 m from the previous slide site, to
obtain greater detail on the mechanism of failure (Williams 1979; Mitchell
Williams 1981).

&

The slope is naturally benched with a total height of 9 m; the

lower part is 5 m to 6 m high with an inclination as steep as 64°.

10 piezome-

ters and various instruments to measure displacements were installed,

The ar-

tificial ground water recharge was initiated the 8 of August 1978 by wells at
the rear of the slope and, ground water levels and slope movements were recorded until failure occurred 55 days later,

It is worth noting that failure was

not expected so early and was actually triggered by 51 mm of rain falling in a
24 hours period.

TOTAL STRESS ANALYSIS
Short review of the ZiteratUl'e

The total stress analysis originates in Sweden, during the years
1916-1918 following a slide in the harbour of Gothenburg (see Bjerrum & Flodin
1960):

Petterson, after observation of this failure and some others introduced

the concept of circular failure;

on the basis of this concept Hultin suggested

a calculation method in which the shear resistance was expressed as a friction;
Hellan suggested that the shear strength of clay should be introduced as a cohesion in stability calculations; finally, _Fellenius (1918) presented the
first

~

= 0 analysis as it is used today.

Theoretical justification of the method was given by Skempton (1948)
and the validity of the method was demonstrated on more than ten failed slopes
by Skempton

&

Golder (1948) who used the unconfined shear strength, by Cadling
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& 0denstad (1950) who used the vane shear strength, by Meyerhof (1957) and
others.

However, Bjerrum
calculated in

~

&

Kjaernsli (1957) noted that the factor of safety

= 0 analyses can be less than 1,0 in normally consolidated

clays and up to 20 in overconsolidated fissured clays (Table 3) and they con
cluded:

"There is an indiaation that for a aertain group of intaat overaonso-

lidated alays the undrained shear strength agrees with the aatual strength in
the sliding surfaae.

This group of alays may, however, be so limited that

the~= O analysis is found to be quite unreliable for an evaluation of the
long-term stability of natural alay slopes".

In Canada, the subsequent analy

ses clearly showed that total stress approach gives too high factors of safety:
for example, the values obtained by Lefebvre

&

La Rochelle (1974) are about

1,35 at Saint-Vallier and 1,65 at Saint-Louis.

Therefore this approach has

been abandoned.

On the contrary, the validity of the total stress approach in

normally consolidated Scandinavian clays is still strongly discussed by suppor
ters (Aas 1981 for example) and opponents (Janbu 1977 for example) of the me
thod.

Analyses of Canadian aase histories and disaussion

Total stress stability analyses based on the vane shear strength
have been carried out for all the sites presented in tables 1 and 2, except for
Rockcliffe where a vane shear strength profile was not available.
lated factors of safety are shown in table 2:
for failed slopes, confirming Lefebvre

&

The calcu

they vary between 1,31 and 3,53

La Rochelle's conclusion that the fac

torsof safety obtained from total stress analyses are too high in Champlain sea
clays.

It also confirms Bjerrum & Kjaernsli's conclusion indicating that

F
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Overconaolidated1 fissured clay.s

Locality

I
I

Data of clay

Type
of
slope

I

i

Toddington
Hook Norton
Fol.kestone
Hullavington
Salem, Virginia
Walthamstow
Sevenoaks
Jackfield

Cutting
Cutting
Nat. slope
Cutti~g
Cutting
Cutting
Cuttin~
Nat. slope

Park Village
Kensal Green
1>1il1Lane
Bea.rpaw, Canada
English Indiana
SH 62, Indiana

Cutting
Cutting
Cutting
Nat. slope
Cutting
Cutting

w
14
22
20

19
24

-

I w, - w,.
27
65
I

63
65
57
57

33
28
24
27

I,.

-0·34
- 0·36
-0·22
-0·18
-0·10

-

3·2
3·8
5
4

0-00
0·00

45

--20

--25

30
28

86
81

30
28

56
53

28
24
37

110
50
91

-

-

I

W.c.- W]'

Safety .
factor.
ef, = 0
analysis

38
30
37
33
30

--

20

i

w-w,.

0-00

20
8
14

II

Cassel, I il-1S
I C::..<s,!, 1948

, "!'vms, 1953

Cassel, I 948
Larew, 1952
Skempton, 1942
Toms, 1948
Henkel/Skempton,
1955
Skempton, 1948
Skempton, 1948
Skempton, 1948
Petterson, 1952
Larew, 1952
Larew, 1952

21

-20

-

90

-0·09

20
25

30
66

0·13
0·19

4
3·8
3-1
6·3
5·0
1·9

0·20
0·72

1·6
l·O
1·01

Reference

Overconsolidated, intact clays

Tynemouth
Frank:ton, N.Z.
Lodalen

ICutt,-.
Nat._slope !
6 I 43
31

Cutting

I

Imperial College
~lurphy, 1951

IN.G.l.
I

I

Normally consolidated clays
Munkedal

Nat. slope

save

Nat. slo_t>e

Eau Brink cut
Dram.men

Cutting
Nat. slope

I

I

55

60

25

35

0·85

0·85

-

-

-

0·80

63
31

55
30

29
19

- I
26

1·02
1·09

1·02
0·60

I

11

I
I

Cadling/ Odenstad,
1950
Cadling/Odenstad,
1950
Skempton, 1945
N.G.I.

Table 3
Slides in natural slopes investigated by the~
(from Bjerrum & Kjaernsli 1957)

0 analysis
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could be too high in overconsolidated clays.

Figure 1 shows the calculated factors of safety versus an overconsolidation ratio OCR representative of the clay deposit below the top of the
slope.

Also plotted on the figure is the range of safety factors generally

obtained in Scandinavia on nearly normally consolidated clays.

The OCR seems

to be a major factor influencing the factor of safety in total stress analyses,

The range of values is certainly too large to establish a reliable cor-

relation; however, as a rough approximation, it can be written

F.S.

=

0,9 OCR

[1]

The factor of safety represents the ratio of the average vane shear
strength

Cuav

to the average mobilized shear strength

Tmav

of the clay

along the sliding surface:

F.S .

~

Tmav

[2]

The average vane shear strength corresponds to an "average" depth at which the

OCR can be written in the form:

OCR

crpav
-cr-, - voav

[ 3]

Thus equation [l] may be written:

0 Pav
Ovoav

0,9 - , - -

[4]
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Fig. I - - Factors of safety obtained from total stress analyses versus
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It is generally recognized that the vane shear strength is directly
related to the preconsolidation pressure (Bjerrum 1973).

[5]

a

and equations [4] and [5] can be combined to write:

[6]

In spite of its scatter, the data in figure 1 may be interpreted in
equation (6] as indicating that the shear strength mobilized in slopes is directly related to the effective stresses.

Consequently total stress analyses

as such appear irrelevant for the long term stability of slopes.

From figure 1 and equation [l], it appears that for normally or nearly normally consolidated clays, the factor of safe ty is not far from 1,0 and it
is thought that this is the main reason why total stress analysis ha s a certain
success in Scandinavia and not in Eastern Canada where the clays are more heavily overconsolidated.

The existence of a relationship between the mobilized shear strength
in slopes and the effective stresses is not really surprising.

Indeed, it is

well known that the occurrence of landslides is mainly control led by climatic
conditions (Fig.2).

Landslides tend to occur when the water t abl e is high.

In Quebec and in the Northern Norway and.Sweden, this condition is the worst
in the spring, during the thaw, while in the Southern Norway and Sweden it is
in the fall, during the wet season.

30 5

50r---,---.----,---,----,-----,----,---,----,----,---~-Province of Quebec
(Lebuis 8 Rissmonn,I979

451----+---+---

Norway
( J«srstod , 1968)

40t----+----+- -

351-----t--

Northern Sweden
( Viberg, 1981 )

----+--

0,

C

':: 30 t--- - + - - - + - - -

.,~

:!'?

.; 25 t ------+------+--

0

.,
0,

E
C

.,e 20
Q.

I0 t---

-1--- -

5

J

F

M

A

M

J
J
months

A

s

0

N

D

Fiq. 2-Relalion between Ille occurrence of landslides and the months of the
year in Ouebec and Northern Sweden and Norway.
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In view of the above discussion, it is evident that the magnitude and
variations of the effective stresses are the main factor governing the failure
of slopes, so that a total stress analysis is not justified. The empirical correction of the result of such an analysis on the ~asis of the clay OCR is
neither very reliable nor theoretically justified at present. However, for a
first estimation ·of a slope stability or for slide risk area mapping, the upper
envelope of the points corresponding to failures (F.S. = OCR in figure 1) could
be considered as a lower limit for slopes absolutely safe.
lysis could be carried out based on the vane shear strength;

A total stress anausing Janbu's

(1954) stability charts, a safe estimate of stability would correspond to:
:S

. -,
l,.

Ne

OCR

Another simpler approach, could also be considered:

following the previous

development of equations (1) to [6], an upper limit F.S. = OCR is equivalent to
an average mobilized strength
(8)

In Champlain sea clays, typical values of a are, as shown in table

1 for the considered cases, in the order of 0,27 which means that for long term
slopes in these materials,= 0,27
lized strength.

at

0

would be a mini.mum value for the mobi-

This value of shear strength could be used to obtain a very

conservative factor of safety;

the only parameter to know is the effective

stress profile, i.e. the pore pressure profile.

EFFECTI VE STRESS ANALYSIS
Short review of the literatu:t'e

Although the Swedish slip circle method had been available for effective stress analyses since 1927, only few slopes were analyzed in this
manner before 1957.

That was probably due to the difficulties associated with

the determination of the shear strength parameters

c'

and

~·

and of the
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ground water regime.

In 1957, analyzing stable and failed slopes, Bjerrum &

Kjaernsli came to the conclusion that the effective stress analysis seemed to
give satisfactory results in both normally and overconsolidated clays.
also suggested that the strength parameters
triaxial tests on undisturbed samples at

c' and

They

9' could be determined by

(01 - 03)max·

Kenney (1967-b) and Janbu (1977)

have applied the Resistance En-

velope Procedure to back-calculate a series of slope failures in Norwegian
clays.

As shown in figure 3, the resistance envelopes are remarkably consis-

t ent with in situ strength parameters of 4 to 6 kPa for

91 •

c' and 26 to 29° for

Kenney (1967-a-c) indicates that these parameters are in good agreement

with the peak effective strength parameters obtained in tr~axial drained
tests on undisturbed samples.

In Canada, numerous slides have been back analyzed by effective
stress methods.

Generally, each case history was inter?reted separately (Eden

& Mitchell 1973; Lefebvre & La Rochelle 1974; Lo & Lee 1974; Lefebvre 1981) and
back figured strength parameters necessary to obtain a factor of safety of 1,0
were reported between O and 14 kPa for c' and between 27 and 55° for

91 ,

According to Eden & Mitchell (1970,1973),who have studied slopes in clays of
the Ottawa area, failure is reached by mass dilation of the closely fissured
structure of these clays and representative shear strength parameters can be
determined by peak values obtained in
stresses on undisturbed sampl es.

p ' = constant triaxial tests at low

Lefebvre & La Rochelle (1974) fo und that

the peak strength envelope obtained by CIU and CID tests in the overcon&olidated range gives too high values of the factors of safety (in the order of 2).
On the other hand, they observed that the shear strength mobilized at failure
was very close to the strength obtained at large displacements in direct shear
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tests or at large strains in CID tests on undisturbed samples at low stresses.
The relevance of the large strain strength to slope stability problems has been
confirmed by Lefebvre (1981) who explains this by . saying that the clay behaviour is time dependent and

"the peak strength which is observed in conven-

tional laboratory tests is not necessarily mobilized in the field at a certain
time".

A third approach to the problem of slope stability analysis has been
presented by Tavenas & Leroueil (1981); according to these authors, the mobilized
strength is somewhere between the peak strength corresponding to the actual state of creep of the clay and the critical state strength, also called fully
softened strength by Skempton (1977).

Unfortunately, the clay behaviour is

too complex to give a theoretical value of the average strength mobilized at
failure and the only way to overcome this problem at the present time, is to
use empirical methods developed from past experience.

Kenney (1967- b) and

Janbu (1977) have shown (Fig.3) that on a regional basis, the use of the Resistance Envelope Resistance can give reliable empirical strength parameters.
Tavenas

&

Leroueil (1981) gathered available case histories in Champlain sea

clays (Fig.4) and found empirical effective strength parameters relevant to
slope failures in the range of 7 to 12 k.Pa for

c' and 28 to 33° for~ · .

They

concluded that the average strength at failure may be represented by the critical state parameter~· determined on CIU tests on normal ly consolidated samples of the clay and by an empirical cohesive component which is in the order
of 4 to 15 k.Pa in intact clays and Oto 2 k.Pa in sti ff fissured clays.

Analyses of Canadian case histories

The possible range of strength parameters found for Champlain sea
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clays (Fig,4) is larger than for Norwegian clays (Fig,3) and certainly too large to be used in practice.

In order to try to narrow this range, or to find

regional empirical parameters within the Champlain sea basin, it was decided
to reanalyse the best documented case histories with the Resistance Envelope Procedure.

The selected sites have been previously presented and the character-

istics of the clays and slopes are shown in tables 1 and 2,
the literature, the slope geometries, the depth

For the cases from

of fissures and the ground

water regimes were taken as described in the referred papers.

For the two ca-

ses at Saint-Leon, the most unfavorable measured pore water conditions have
been used in the analyses.

The details concerning the analyses are presented

by Collins (1982),

The resistance envelopes obtained are presented in figure 5.

As

shown by the limits reported from figure 4, the scattering is larger than it
was.

Some envelopes are below the lower limit and, on the other hand,

Saint-Leon (Loulou), which is stable, is slightly above the upper limit.
So, the range of possible parameters for Champlain sea clays is enlarged to 2
to 12 kPa for c' and 28 to 33° for~·.

Moreover, on the basis of the available resistance envelopes, it
does not seem possible to establish specific strength parameters for the different regions of the Champlain sea basin.

This result is somewhat surprising.

Obviously, the clays considered

in the present study cover a wide variety of physical and mechanical properties
as evidenced in table 1, and significant variations of c' and~· could be expected.

However, the resistance envelopes in figure 5 cannot be easily rela-

ted to the clay properties and present great variations even for the same
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deposit (as, for example, at Saint-Vallier).
analyses performed here may be questioned.

Therefore, the results of the
Let us examine in general terms

what could be the source of errors associated with the method of analysis and
the input data.

Tavenas et al. (1980) have pointed out the problems associated with
the present method of effective stress analysis; these limitations are also
presented in another paper to this symposium (Tavenas

&

Leroueil 1982). However,

when analysing slopes at failure using the resistance envelope concept, most of
these problems disappear and the only one remaining is related to the assumed
effective stress distribution along the sliding surface.

According to Biarez

(1965), the error due to stress distribution is less than 107. and, could not
explain the observed scattering.

Another error is probably due to the intro-

duction of average shear and normal stresses in the Resistance Envelope Procedure:

since, and cr' are known to vary along a potential failure ~urface, the

relevance of average values is questionable,

It is also thought that the

assumption of a cylindrical sliding surface and the neglect of the three dimensional aspect of the problem could also introduce a non negligible error.

It is emphasized that the results of the back analyses are mainly
function of the assumptions made on in situ conditions at failure:

generally

the slope being gone, the geometry can be estimated only approximately;

the

depth of the fissures is difficul t to assess; the pore pressures are generally
estimated from measurements taken after the event in adjacent stable slopes
and during a l imited period of time.

Only in very few cases the pore pressures

were measured before the slide occurred, but this was generally done in slow
reacting open piezometers.

Now, the pore pressures introduced in the stability

analysis have a direct influence on the back analysed strength parameters,

As
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indicated by Leroueil & Tavenas (1981) and shown in figure 6 an uncertainty on
6u = ± 5 kPa results in an _error on the effective cohesion approximately equal
to

6c 1 = 6u tan~·. i.e.

6c' = ± 2,5 kPa.

In the well documented cases con-

sidered in this study, there is none for which it can be ensured that the
error on

~u

is less than 5 kPa (O,S m of water) and it is thought that the

pore pressures determination is the more important limitation in slope stability back-analyses.

It should be noted that the pore pressures used in back-

analyses will generally be less than those producing the slope failure so that
the resistance envelopes obtained, such as those in figure S, may be to the
right of the actual envelopes in the Mohr diagram.

CONCLUSION

Two different approaches can be used to analyse the stability of
long term natural or man-made slopes:

the total and effective stress methods.

Depending on the country and people involved, one or the other is chosen but,
there is no unanimity on a logical approach of the stability problem.

Twelve well documented case histories of slopes in Champlain sea
clays have been analysed in total and effective stresses, the following conclusions can be drawn.

The factors of safety calculated from total stress analyses are
too high in Champlain sea clays.

It is shown that the overcon-

solidation ratio is a major factor influencing the factor -of safety which indicates that the mobilized shear strength is mainly
controlled by effective stresses.

However, in nearly normally
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consolidated clays, the factor of safety obtained is not too far
from 1,0 which could explain the fact that this approach is extensively used in Scandinavia.

From the results of total stress analyses, it follows that the
shear strength mobilized during the failure of slopes in Champlain
sea clays equal to or is greater than 0,27 a~0 and that this value could be used for conservative analyses,

The use of the Resistance Envelope Procedure gives a narrow range
of strength parameters for Norwegian clays (c' = 4-6 kPa;
26-29°).

On the contrary, the range obtained in Champlain sea

clays is very large with
33°,

~· =

c' from 2 to 12 kPa and

~· from 28 to

Moreover, from the available data, it does not seem possi-

ble to define specific strength parameters for the different regions within the Champlain sea basin.

The previous conclusion is surprising and the results obtained
from the effective stress analyses are questionable.

It is

thought that the main problem is coming from the uncertainty on
pore pressures at failure.
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BRIEF REPORT OF THE INVESTIGATION OF THE SLOPE STABILITY
ALONG THE RIVER IN GOTA RIVER VALLEY

Gate Lindskog, Civil Engineer
PLANNING OF THE INVESTIGATION
After the large landslide in 1950 at Surte in the G6ta
river valley the Geotechnical Institute emphasized
that it was very important that the stability conditions
of the whole valley were investigated. In 1955 the
parliament granted money for such an investigation.
According to a program made by the Institute the investigation was divided into two stages. The first one
included a preliminary survey of the stability conditions
along the river in order to get a rough classification
of the risk of sliding in the different areas. The second
stage included a more detailed investigation of those
areas where the risk of sliding was estimated to be
higher than allowable.

(In this case a calculated

safety factor less than 1,5 with respect to the uncertainty of the strength determination.)

PERFORMING OF THE INVESTIGATIONS
In the first stage the borings were rather scattered in
every area. For determining the strength of the clay
the iskymeter was mostly used. It gives a relative
measure of the strength and a picture of the stratification conditions. However, the results of the measurements are to some extent depending on the sensitivity
of the clay and for that reason it was necessary to
take undisturbed samples in some holes in every area
in order to get comparable values of the clay strength
determined at the laboratory. Long term measurements
of pore pressure in the soil were arranged in several
places.
When the result of the first stage was examined and
evaluated and the most strained areas were localized
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the second investigation stage was started in spring
1957 in those areas. The large landslide at Gota in June
1957 actuated the need of speeding up the investigations.
For this reason SGI hired some private firms namely
Orrje & Co

(now Scandiaconsult), Kjessler & Manner-

strale and Bjurstroms Geotekniska Byra (now Tyrens
Foretagsgrupp AB) to handle the investigations in some
areas. The second stage of the stability investigation
of the Gota river valley was finished in 1962 and the
results were put together in a report to the government
in September 1962.

THE TOPOGRAPHY OF THE VALLEY
In southern part of the valley the river banks are not
rising much above the waterlevel. At L6d6se, about 32

km from Gothenburg, the riverslopes reach about one
meter above the waterlevel. Upstream from L6d6se the
river banks are rising gradually and at Vesten about 6
km south of Trollhattan the crest of the slopes reaches
about 20 m above the waterlevel . The hillsides are
very steep in many places. The depth of the river is
varying between 7 and 20 m. From the rive r banks the
soil surface is rising gently to the sides of the
valley.

THE SOIL
In the valley the soil consists mainly of clay. The
thickness of the clay varies between a few meters and
60 to 70 meters. Between the clay and the underlaying
rock there is normally a layer of coarser material sand,
gravel or morain. The clay is sedimented in salt water.
The upper clay layers are postglacial and often somewhat organic. The deeper layers are of glacial clay.
The clay is normally consolidated or particularly in
the river banks and in the river bottom to some degree
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overconsolidated. The clay has a high sensitivity and
consists in many places of so called quick clay with a
sensitivity of up to about 400. In some places the quick
clay is found as a layer in clay of more normal sensitivity
but in other places the whole clay stratum consists of
quick clay. The research work at the Institute on quick
clay formation indicates that the high sensitivity depends on chemical influence on the leached, originally
salt clay in the valley. Such a chemical influence may
for instance originate from humid acids from organic soils.
Other dispersinq agents are also possible. In quick clays
the water content normally is higher than the liquid
limit (in Gota river valley 10-40% higher). The formation of quick clays seems to cause a reduction of the
liquid limit of the clay and as a consequence from that
a lowering of the shearing strength of the clay. If the
formation of quick clays is a still proceeding process,
it could cause a slow reduction of the undrained shearing
strength of the clay in the future. This would make it
very difficult to predict the stability conditions in
critical areas.

PORE WATER PRESSURE
In some places in the valley the water pressure in the
soi l has been measured for more than 20 years. In the
coarser bottom layers the water pressure often is fluctuating considerably during the year, in some places
corresponding to a change of a free watersurface of several meters. In the c lay layers the changes are smaller
and seem

to a certain degree to be more delayed rela-

tively the changes of the climate than the coarser
bottom layer are . Artesian waterpressure is found in the
bottom layers in many areas. But in other areas the
increase of the waterpressure with the depth is less
than the corresponding hydraulic pressure. This normally depends on communication between the bottom layer
and the river.
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SOIL MOVEMENTS
In some places in the valley where the river banks are
rather steep and high the slope movements have been
measured. Plastic tubes are put down through the clay
to the firm bottom layers and by measuring the changes
of the curvature of the tubes with an inclinometer the
horizontal movements can be determined. The vertical
movements can be measured by levelling earth screws in
different depths in the clay or by magnetic determining
the positions of metal rings which are movably placed
on the outside of the tubes used for the inclinometer
measurements.
Movements seem to take place in most of the steep and
high slopes. The movements appear to be parallel to the
slope surface and may either be concentrated to a thinner
layer or be more or less even distributed over a thicker
layer. It is difficult to make a reliable conclusion of
the importance of the measured value of the magnitude
of the movements. In some places there are rather high
(10 m) river slopes with an annual movement in the soil
surface of about 3 cm. In one place the measurements
have been going on for about 25 years and the movements
seem to have been of the same size ( 3 cm/year) for all
this time and probably since the s lope was cut out about
65 years ago. In spite of this remarkable movement in
the slope no slide has occurred. However, the settlements
have been large. In other places the movements are much
smaller, half the value mentioned above or less, but
the stability conditions seem to be about the same as
in the slope with the large movements. So there is some
uncertainty how to evaluate the importance of the size
of the movements when one is calculating the risk of
sliding. However, if the slope is unloaded by excavation
on the top, the movements are reduced or cease completely.
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LABORATORY TESTS
Because of the high sensitivity of the clay it was
difficult to take quite undisturbed samples . Both piston
sampler and foil sampler were used . For the quick clay
samples both the sampling process and the transport of
the samples to the laboratory as well as some of the
testing procedure could disturb the structure of the
clay. The laboratory tests comprised the index properties, the consolidation properties and the strength
properties (cone tests, unconfined compression tests,
shear tests in shear box consolidated undrained and
drained tests, triaxial compression tests).

STABILITY CALCULATIONS
A slide in a river valley may, depending on the topography, either start with an initial slide in the river
bank and developes backwards towards the valley side,
or start at the valley side and move foreward towards
the river. Both types of slides have taken place in
the G6ta river valley. The Surte slide started at the
valley side and the Gota slide in the river bank. Another
type of slide, characteristic for quick clays, is a
slide starting in the river bank and developing backwards while most of the sliding masses, which in this
case are in a liquid state, are running out of the slide
area through the rather narrow opening in the river
bank. Also this type of slide has occurred in the G6ta
river and in ravines falling in the river.
In the late fifties and early sixties when the stability
calculations were performed we had many discussions about
which method would be the most reliable i n the Gota
river valley. In Norway (Bjerrum and co-operators) and
in England (Skempton, Bishop) comprehensive research
work had been done and the question was how the results
could be applied in the Gota valley. In order to test
the different calculation methods some slides in upper
part of the valley were specially investigated and calculated . The result of this investigation was that we
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decided to base the calculations on the undrained shear
strength of the clay determined by vaneborings. In
addition we made a stability calculation based on the
effective strength parameters of the clay according to
the Norwegian method in most areas. The diff i culty of
the last method was how to decide which ground water
pressure would be applied in the calculations . The
selection of the strength parameters is also delicate
because of the disturbance of the clay. Both circular
and other curved or plane sliding surfaces have been
studied.

REINFORCEMENT METHODS
The calculations showed that the calculated safety factor
against slide was rather low in many areas. So some sort
of reinforcement was necessary. A great trouble was the
proceeding erosion in the river slopes, which caused
many small slides . Such a slide could initiate a large
slide, especially in areas with quick clays.
In order to stop the erosion protection fills have been
placed on the lower part of the slopes along those
river banks where erosion is going on. The protecting
fill consisted merely of stones with a weight of at
least 10 kg. The erosion protection has functioned very
well. The earlier naed slopes are now covered by grass
and b u shes .
In some areas where the calculated safety factor was
lower than 1,3, the slopes have been unloaded by exca
vation of the crest of the slopes. At the same time
prohibition of building was proclaimed. For new bui lding
areas the calculated safety against sliding is recommended
to be at least 1,5 . Besides the Institute has been com
missioned to inspect the valley yearly, to examine build
ing plans and to give advices to the municipal authori
ties in such cases.
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THE SAFETY FACTOR IS DEAD - LONG LIVE THE PROBABILITY OF
FAILURE . .. ?
Lars Olsson, Royal Institute of Technology, Stockholm
In handling slope stability problems, the engineers usually
use the calculated factor of safety as a basis for their
decisions. Those decisions may be declaring the slope as
safe (whatever that means) or demanding that remedial mea sures be taken, the slope be monitored etc.
In Swedish practice, a slope that has a safety factor in
the range of 1.3 - 1.5 is usually considered as safe. Then
what is the real meaning of the statement:
"This slope has a safety factor F = 1 . 5 . It is therefore
safe"?
The above statement is really equivalent to:

"My personal conviction is that the physical slope will
not slide. I base this conviction on a subjective interpretation of data and a subjectively choosen mechanical model
which to my belief pictures the behaviour of the real slope.
As stability calculations of this model show a safety factor
F = 1.5 I feel confident in stating that the slope is safe."
There are some points in the above that should be stressed :
•

The safety factor relates to the model, not to the real
slope .

•

The safety of the real slope relates to the computed
factor of safety through the subjective interpretation
of data , possible failure mechanisms etc into the model .

•

The safety factor can therefore not stand along as a
safety criterion. Its function is to be an aid to the
engineer ' s decision.
For this use, i.e. as an engineers too l

in (subjective)

decision making, the safety factor is well established.
But in many cases, e . g . in codes and regulations, you
want a decision rule, which is objective. In other
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words, you are looking for a unique number , which
defines the safety of the real slope .
The use of the probabili ty of failure has been advocated
for such use .
It is definitely not a panacea for all problems but it
has certain very great advantages over the safety factor :
•

The interpretation of data must be done expl icity
and with a formal logic.

•

If more data become available , you can easily make
an updating of your design parameters .

•

This in turn makes decision analysis available for
choice of investigation programs .

•

The accuracy of the choosen mechanical model is
accounted for a nd the system failure probability can,
at least in principle , be calculated .

•

You can take the consequences of failure into account
and work with risk(=expected loss) instead.
Of course , there are things that the probabilistic
methods don ' t do , and some of the critic of those me thods stems from a lack of recognizing this.

•

Probability theory does not add any knowledge of soil
mechanics . You cannot solve problems using probability
theory that you can ' t solve without it . But , and this
is important , it does force you into a logica l way of
thinki ng and makes it possible for others to fo l low
the logic used . In other words, it is a good " bookkeeping system " .

•

The calculated probability of failure has no more
of a physical meaning than has the safety factor . It
is not a "true " (long run) probability, but a notio nal figure . But it contains in itself much more in -
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formation than the safety factor and thus is a
better decision criterion.
So, looking of pro ' s and con ' s, it seems that the
sooner we get rid of the safety factor the better.
But there is another aspect also, that of imple menting the new approach . The all - out probabilistic
methods are much too time - consuming and expensive
for every day use and to be frank, probably above
the head of most practicing engineers. It must therefore be simplified into someth:irlg easier .
Two levels of simplification are suggested:
a) The safety index method (B - method) in the form of
first order reliability methods or simpler still
b) The partial coefficient method (probability based)
Ne ither of these has been put to any field tests
in soil mechanics . No doubt the

B- method can be

used , but it is still rather complicated . So our hope
stands to the partial coefficient method, which is
however not yet fully developed.
It cannot do everything that the full probabilistic
or the B-methods can do , but it is a reasonable comprise between simplicity and performance :
•

The interpretation of data will be done usin~ prescribed statistical distributions, but still that is
better than today's subjectivity.

•

Updating of those distributions c an be done

•

Model uncertainty is accounted for (in a prescribed
form)

•

Consequences can be put into the calculations through
use of different factors for different safety c:lasses.
So, all things considered it seems probable that the
successor to the safetv factor will be the partial
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coefficients with the
complicated problems.

S - method as a back- up for more
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CLIMATE RECORDS RELA'l'ED 'l'O LANDSLIDES
Bengt Rosen, Swedish Geotechn i cal Institute

Summary
A study has been carried o u t to see if there is a
relationship between landslides along the river "Norsa l ven " and precipitation, air temperature and surface
water l evel . Records have been combined from 1950 to
1 982 .

Favourable conditions for triggering landslides have
been assumed to exist in spr ingtime

during rapid snow-

melt if the ground is wet and unfrozen. With a deep snowcover there is often no or littl e frost in the ground.
Out of investigated 32 years three have been pointed out
as favourable for triggering landslides regarding frost
conditions. For two of these years landslides actually
occured. The triggering effect of snow melt and surface
water conditions do not quite coincide.
Orientation
The Norsa l ven flows into lake Vanern. This study concerns 7 km along the river close to its outlet into the
lake, Figure 1.
Hypothesis
An unusual amount of small landslides during springtime
1951 have initiated this study. The hypothesis is that
climatic cond i tion s similar to those 1950/51 might cause
new lands l ides . A general i zation of such a climate ca u sing
a high gro undwater p r essur e is:
• a rainy autumn with groundwater recha r ge,
~

a cold winter with a lot of snow accumulat ing,

c,

shallow ground frost

• a rapid snow melt where most of the melted snow
infiltrates before it reaches the river .
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Figure 1 . River Norsalven

Scale 1 :50,000

33:

Combined with other suitable conditions a high groundwater pressure can trigger landslides.
Landslides
An investigation ( Bjurstroms 1952) describes 29 landslides along the actual part of the river. Most of them
have occurred during spring flood 1951.
The landslide at TrossnJs occurred 1969-04-12. Details
have been reported by the Swedish Geotechnical Institute
(1970).
These two occasions are the only ones reported.
Precipitation
Records of the Swedish Meteorological and Hydrological
Institute (SMHI)

from the station at Karlstad have been

used. The station is situated 16 km from the area of
interest. The average precipitation has been computed
from 1931 to 1960. The actual precipitation from 1950
to 1 982 is outlined together with the average precipitation in Figure 2. The monthly precipitation from
September to April exceeding the average value is
especial ly marked. This indicated when the ground has
been thoroughly wetted in the autumn. If the air tempera ture during the winter has been below zero a thick snowcover is developed. Evapotranspirati on has not been taken
into consideration as it is relatively smal l during this
part of the year . From the 32 years outlined 13 have
been taken out as interesting: 1950/51, 1954/55, 1 958/59 ,
1959/60, 1961/62, 1964/65, 1967/68, 1968/69, 1970/71,
1974/75, 1976/77, 1 977/78 and 1981/82.
Air temperature
Air temperature has l ike the precipit ation been recorded
in Karlstad . The curve for average air temperature represents the years 1931-60 . Years interesting from the
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Figure 2. Precipitation and air temperature. Average and
actual records.
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precipitation point of view are also completed with
actual temperature, Figure 2.
Surface water level
Groundwater levels have not been measured at all or
just temporary.
For this study the surface water level of the river
"Klaralven" and lake Vanern has been used. The Klaralven
flows parallel to the Norsalven into lake Vanern. Records
can be seen in Figure 3. A generalisation from these
graphs has given the following results. The Norsalven
is assumed to have reacted in a similar way.
1948-51

Rise to a high leveJ, with a Eeak at spring:

1951-54

Constant

1955-56
1956-59

Heavy sinking to a low level
Slow rise to an average level, peak at spring

1959-62

1959
Temporary depression 1959, continuous rise to

1951

a high level, peak at spring: 1962
1963-68

Temporary depression 1963 and a new rise to a

1968-70

Heavy sinking to a low level

high level, peaks at spring: 1966 and 1967
1970-71

Rise to an average level

1971-73

Constant

1973-74

Sinking to a low level

1975-76

Temporary hump 197 5 and continuous sinking
to a very low level

1977-79

Peak 1977 and sinking to a low level

1979-81

Peak 1979 and sinking to a low level

The evaluation of this record is that an extreme spring
flood in connection with an already high water level
should be especially dangerous for erosion and landslides. Such circumstances existed the following years:
1951, 1962, 1966 and 1967 .
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Figure 3 . Water level variations of lake Vanern
and river Klaralven.
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Relationships
The hypothesis has been tested starting from records
of the SMHI, partly monthly records (Figure 2), partly
daily records and partly written reports from local
observers. In the reports it is often written about
frost in the ground among other things.
Some of the interesting 13 years named earlier could
now be excluded according to the following explanation.
19 54/55

Too little snow cover.

19 58/59

Normal snow cover (46 cm). Frost in the ground.
Slow temperature rise but spring flood.

195 9/50

Plentiful rain in the autumn. Thin snow cover

1961/62

(20 cm). Frost. Slow temperature rise.
Too little snow cover ( 1 0 cm).

1966 /67

Frost. Stepwise snow melt.
Accidental precipitation peaks.
Accidental precipitation peaks.

1970/71

Thin snow cover ( 11 cm). Frost. Slow tempera

1974/75

Too little snow cover.

1 977 /78

Stepwise snow melt.

1 981/82

Plentiful autumn rain. Normal snow cover

1964/6 5
1965/66

ture rise.

(42 cm). Frost information missing. Extended
snow melt.
The characteristics of the remaining years are shown in
Table 1.
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Table 1.

Characteristics of chosen years.

Plentiful
autumn rain

Snow cover
Normal Deep

1950/51

X

X

1967/68

X

X

1968/69

X

1976/77

X

X

Frost

Snow melt
Slow Rapid
X

X

X

X
X

X

Landslide

X

X

A comparison between the hypothesis and selected years
does not give an integrated conclusion. According to
the hypothesis only 1950/51 comes out from Table 1.
Plentiful autumn rain and relatively deep snow cover are
the common factors resulting from the chosen method.
Snow melt assessments were not easy to do. The velocity
can be slow or rapid.
According to the hypothesis landslides were not supposed
to happen because of slow snow melt, which turned out
to be false for 1969.
The three years 1951, 1969 and 1977 are the only ones
recorded with no frost in the ground. For two of these
years landslides occurred which is hardly a coincidence.
Surface water evaluations do not fit very well to the
hypothesis. The selected year 1968 with ground frost
should according to the hypothesis have higher surface
runoff and higher water levels than unfrozen years
like 1951, 1969 and 1977 .
The reason for contradictory results might be that the
original conclusion was made from records which are not
detailed enough. A better base for the conclusions
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would be local measurements completed with data on
ground moisture and ground temperature. Such local
measurements of groundwater

level is carried out

during 1982-83. At the same time there is a project
going on at the Swedish Geotechnical Institute to model
the groundwater level out of precipitation and air
temperature.
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PORE WATER FORECASTING
Bengt Rosen, Swedish Geotechnica l Institute
Synopsis
In Sweden meteorological records have been maintained
for a long time , but records of regular pore water
pressure measurements go back only a few years. Direct
forecasting of pore water pressures is therefore
very unreliable at present. However, a conceptual
model , HBV, will now be used to compute pore water
pressures from precipitation and air temperature
readings. Computed values are compared with data
registered in situ, to calibrate the model. With the
model working, it will be possible to forecast pore
water pressures. Future maximum and minimum pore
water pressures, for example, are of great interest
for further geotechnical calculations.
_Introduction

The pore water pressure of the soil is of great im
portance in geotechnical calculations. As the pressure varies with time, maximum and minimum values are
used for landslide and settlement calculations respectively.
Typical geological formations with landslide and
settlement problems are clay - till - rock. The
greatest fluctuations of the pore water pressure
(groundwater level) are to be found in friction soil.
In Sweden, different characteristic pressure levels
exist as a result of changes in the climate (Figure
1) . The pressure can fluctuate by 1- 2 m w g

in indi-

vidual years and somewhat more over a long period.
The problem is how to predict accurate pore water
pressures. Such pressures have been recorded for some
ten years at different places in Sweden, but very
few are in confined aquifers. The records are still
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too short for accurate direct forecasting and are
limited to the sites investigated.

Figure 1. The four groundwater level regimes of
Sweden. (SGU, 1979)

Test catchment
A catchment called Harestad, situated on the west
coast of Sweden, 14 km north of Gothenburg and close
to the Gota river, was chosen . It is typical of
this region and is 5 km 2 in area. The landscape is
hilly with small valleys. In the central part,
thick layers of clay cover till resting on the bedrock. Till and sand outcrop on the slopes of the
hills , forming infiltration zones, and hill-tops
consist of exposed bedrock.
Groundwater level measurements have been taken twice
a month at seven stations since 1971. Meteorological
observations date back to 1944.
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A conceptual model
The idea of this project is to insert climatic data
into a conceptual model that describes infiltration
and groundwater storage. So far, precipitation and
air temperature values have been employed successfully for runoff forecasting using the HBV model.
As the model also decribes groundwater storage, it
should be possible to calibrate the model with shortterm records of groundwater ·levels. Another new factor
is that the model will now work with a confined
aquifer instead of open ones. Once calibrated, the
model computes groundwater levels.
A general outline of the model structure is shown in
Figure 2. Three main components can be separated:
•

a snow accumulation routine

•

a soil moisture accounting routine, based on values
of potential evaporation which are reduced to actual
values on the basis of the present soil moisture
state

•

a response function .

The model is run on a daily basis, with daily mean
air temperature, daily totals of precipitation and
monthly standard values of potential evaporation
computed for a 30 -year normal period. These and other
parameters take into account the storage of snow,
melting of snow, soil moisture, evaporation, groundwater storage and other hydrological processes. Increased consideration will later be given to land
surface qualities, especially infiltration zones.
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Figure 3 s hows an example of how surface runoff
is computed and compared with recorded hydr ographs,
u sing the HBV model.
Compute r runs with d at a f rom Hares t ad wi l l be c arr i ed
out and the r es u lts wi l l be r eport ed during 1982.
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Figure 3 . Example of the performance of the HBV- model in
Blankastrom. (Bergstrom et al , 1978)
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discharge (1/s)
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e quiv . )
computed s nowcovered a r ea (%)
computed snowme l t (mm)
computed soil moisture state (mm)
compu ted actual evaporation (mm)
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A SIMPLIFIED CALCULATION METHOD FOR THE STABILITY OF
LONG SLOPES
Goran Sallfors, Chalmers University of Technology, Gothenburg

1•

Introduction

The calculation of the stability of a slope usually involves
the assumption of a slip surface. This method of calculation
means a comparison of the shear stressses induced by the geometry and gravity forces and the shear strength of the soil.
Thus, one assumes that the shear strength is equally mobilized
along the whole slip surface simultaneously.
However, the risks for a progressive failure have been known
for a long time. A progressive failure means that the shear
strength first is mobilized along parts of the slip surface.
Deformation thereby increases and the shear strength is reduced. Shear stresses must then be mobilized in adjacent parts
of the slip surface. This can result in that the local failure
develops into a progressive failure, and a slide occurs in
spite of the factor of safety being larger than 1.
When progressive failures have been treated in the literature,
one has usually been concerned with overconsolidated soils,
e.g. Terzaghi (1959), Bishop (1967) and Bjerrum (1967). Bernander (1978, 1980, 1982) pointed out that there is a potential risk for progressive failures also in normally consolidated or lightly overconsolidated clays.
So far, no simple method of calculation has been presented
which, in a simple way, facilitates the estimation whether
there is a risk for a progressive failure or not. In this
article a simplified method of calculation is presented,
based on a drained analysis, which makes such an estimation
possible.
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2.

Derivation of mathematical formula

The calculation methods based on the theory of plasticity
have shown good empirical correlation for slopes with a
limited length.

When the slope is very long and is sur-

rounded by steep hills, very high pore pressure might occur
in the silt and sand layers in the bottom of the clay strata
close to the bedrock.

The slip surface is, therefore, like-

ly to occur in those layers close to firm bottom.
When the ground surface is parallell to the silt and sand
layers or the firm bottom, the factor of safety for a drained
failure can be determined correctly by the following equation
(see figure 1 )

F

Cq>

where p

=

c'
gpZ SlnB

COS!\

+

pz-pwhw
pz

tan<:,'
tans

Eq 1

density of the soil

c'

cohesion

4>

internal friction

I

The other symbols are defined in figure 1.
The mathematical derivation is based
on the assumption that the slope is
very long and that the ground-water
surface is parallell to the surface.

z
For soft clays in western Sweden it

hw

has been found that c'

+

0 when the

rate of deformation is very low ,
Larsson (1975).
Eq
Fig. 1

Slice of a
long slope,
ground surface
parallell to
sand and silt
layers.

can then be written as

tanip'
tans

Eq 1'
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In most cases, however, the ground surface is not parallell
to the firm bottom or any sand or silt layers.

A corresponding

simple and correct analysis is then impossible to obtain .
Here, a deduction is given based on the following assumptions:
1.
2.

The slope is long;
The ground-water surface is parallell to the firm
bottom or silt and sand layers;

3.

C

1

= Q•

Somewhat simplified, an equilibrium equation for the slice
given in figure 2 can be written as
W sin( a + B) - t l ( o.L -

p..

~

r

tancp'
u) . ~

- ( p u - P•.0 )

0

Eq 2

z

w

Fig. 2

Slice of a long slope, where ground surface is not
parallell to s a nd and silt layers.

The difference (Pu - P 0 ) is equal to

a';;

.a, see figure 2b .
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Eq 2 can then be rewritten as

2zH 1 sin(a+e)-tsinf3
gp[(-~-2
) ·

£1 ·

.
cos(a+S)sin(a+e)J-

0

Eq 2
The term (g pzm-g pwhw)K

05

is the mobilized effective stress

parallell to the firm bottom ( 0

If

z

2z+i sin(a+B)-isinB
1
m

1

2

11 1.
is introduced, equation 3

is obtained.

pZ m·t 1 cos(a+f3)sin(a+f3)-t 1 {pzmcos 2 (a+f3)-p whwcos 2 (a+f3)}tan~'/F c~ Eq 3

- (pz m-p whw)K0$/t 1 sin(a+f3)-isinf3)·cos(a+p)

=

0

Thereby the factor of safety, Fe~' can be solved for,
see eq 4

Eq 4

When eq 4 is compared with eq 1' one can see that they are
analogues)remembering that the slope of firm bottom is Bin
eq 1' and a+B in eq 4.

However, in eq 4 there is a term

which derives from Pu-P 0 • The factor K s can, however, not
0
be determined analytically. The following reasoning l eads ,
according to the author, to a reasonable estimate of
and thereby also of K0 s

0

11 ,

The effective stress perpendicular to the firm bottom is
o'

Eq

.L

The mobilized shear stress

T

m

can be written as

'4, 1
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0m

tancp• _
ccp

t-:-:- - tancp'mobiliserad

which means that

0

11

Eq 4 . 2

can be written as, see figure 3,

t>~ob,/,:Seroc/

Fig. 3

Mohr's circle, showing the stress situation in the
slip surface when F>1.

Eq 5

Thus,
Eq 5 .1

which, when inserted in eq 4, gives

Eq 6
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The mathema t ical der ivation of equa tion 6 is not strictly
cor rect , but i t

i s the author ' s opinion that eq 6 consti -

tutes a fair approximation of the equilibrium of a si ngle
slice, not tak i ng the resistance of the passive zone into
account.
If the ground-water table, instead, is assumed to be parallell
to the ground surface, eq 6 will look as follows:

tanfl
)F ]
· ( l - tan(a+fl) ccj,

Eq 6. 1

The data needed for the calculations are, thus,
1.

the slope of the ground surface;

2.

the slope of the firm bottom;

3.

ground-water pressure;

4.

depth of clay layer;

5.

average density of the clay.

Note that eq 6 gives the stability in a single point.
can easily be programmed in an ordinary

Eq 6

c a lculator , and

the iteration usually does not take more than 1 5 seconds.
In some cases, the ground-water pressure, that gives a
certain factor of safety, is asked for.
duce the explic i t

One can then intro-

factor of safety for which the ground-

water pressur e is to be calculated .
for

hw can then be solved

F • pZ
Ccj,
m

A·p w

Eq 6.5

where
_ tancj,'
+
2
)(l 2 (tan4> ')2)(l tan fl
)F
A - tan{a+SJ
cos (a+fl
+ ~
- tan{a+fl) ccj,

Eq 6.6
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Application

3.

The method for calculating the factor of safety for a slope
presented in this article has bee n applied on some slopes
in western Sweden and

has given vary satisfactory results.

Here, two examples will be given.
A.

Tuve, 10 km north of the city of Goteborg, where a
disastrous slide occured on the 30th of November 1977.

B.

Surte, 20 km north of the city of Goteborg, where a
large slide occured in 1950.

~~~~·

The contours of the slide are given in figure 4,
solid lines. Numerous borings in the area after the slide

have made it possible to determine the thickness of the clay
layer and the slope of the surface as well as of the firm
bottom.

The undrained shear strength of the clay increased

with depth about 1.5 kPa/m but was rarely lower than 20 kPa.
There was an artesian pressure in the area which has been
assumed to be 0.5 m above ground surface west of Tuve Kyrkvag
and 1.0 m east of this road.

For further information of the

geotechnical properties in the area, the reader is referred
to SGI Report 10, 11a-c.

The factor of safety was calculated

in more than 200 points, using equation 6, and the results
are presented in figure 5 .

Two large areas can be found

where the local stability is very low, one at Tuve Kyrkvag
2
(60 x 300 m2 ) and one at Snarbergsstigen (40 x 180 m ) .
The calculation, thus, shows that the shear stress along
the base in these areas is very high.

As these a £ eas are

rather extensive and the clay is sensitive, the risk for a
slide is great.

Even a minor disturbance, e . g . a small first

slide, can trigger a larger slide with large consequences.
It is interesting to note that eyewitnesses to the slide
have said that the slide started (or first became visible)
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Fig. 4

The slide at Tuve. The full line indicate the border
of the area involved in the slide.

357

<.

(0

1, 0 -1, 10
1, 10-1,25
1,25-1,50
1,50-2,0

> 2,0
fas.I mark

Fig. 5

The slide at Tuve. The factor of safety Fe~ according to eq . 6.
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Fig

6. Topographic model of the slide area at Tuve. Note
that the model shows the configuration at firm
bottom.

with a crack in Tuve Kyrkvag (Falt, 1978), and thereafter
the road slid out.

Soon after, the houses as Snarbergs-

stigen were involved in the slide, the very same areas
which were, by eq 6, found to have a low factor of safety.
Figure 6 shows a topographic model of the Tuve area; note
that the contours indicate the bottom of the clay layer
and not the ground surface.

A

comparison of figure 5 and

figure 6 indicates that the slope of the bottom of the
clay layer plays an important role in the stability, especially if progressive failure is considered.
~~~E~·

The contours of the slide is given in figure 7.

The clay in the area is similar to that at Tuve; for further
information the reader is referred to
The calculation of the factor of safety, using eq 6, in some
150 points gave the results presented in figure 8.

The

slide was triggered by piling at point x in figure 8.
Again, the calculation showed that there was a certain risk
for a slide starting at the shaded area in figure 8.

The

piling activity was enough to get the whole motion started.
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Conclusions
In this article,

a simple formula for calculating the

stability of a single slice is presented.

The only necessary

information is the slope of the ground surface, the slope of
the bottom of the clay layer, average unit weiqht, thickness
of clay layer, ground-water pressure and angle of internal
friction.

The stability can thereby be calculated in a

large number of points, and a good idea of the stability
in the area is obtained.
can thereby be considered.

The risk for progressive failure
This risk probably increases

with increasing sensitivity of the clay.
It shall be pointed out that the formula for calculating the
stability is, in no way,a substitution for traditional
stability analysis, but it can be of great help when
deciding where to make a more detailed analysis, but also
what pore pressures can be accepted .

5.
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SLOPE STABILITY - A CONSTANT FACTOR OR A SHORT TIME
"PARAMETER"?
Rolf Soderblom, Swedish Geotechnical Institute
1.

INTRODUCTION

By calculating slope stability one has hitherto believed that geotechnical properties are constant. Processes changing the geotechnical properties in slopes
have been considered to proceed very slowly, hundreds
or perhaps thousands of years before any change of
importance can be observed. Therefore in practical
geotechnic one generally confides that results from
older investigations can be applied where those are to
be found.
The first indications that changes of geotechnical properties may occur rather rapidly were obtained in the
Gota slide in 1957 (Soderblom, 1957). It was found
that in a slope like that on the Gota a sharp jump was
obtained in the vertical salt distribution of the pore
water in the slip surface as seen in Fig 1. The main
cause of the

jump in the conductivity is that clay

masses with two different salt concentrations are in
contact with each other. The conductivity is directly
related to the salt concentration. The discontinuity
will with time be equalized by diffusion and other processes e.g. convection going on in the clay slope. This
process is easy to measure by means of the salt sounding tool. A curve from the Gota slide in a hole adjacent
to the hole in Fig 1 was made in 1967 about 10 years
after the slide, Fig 2. One can observe that the curve
is partly equalized. The sudden jump is now about½
metre. Similar results have been obtained from other
holes in Gota and also in Surte. The results will give
a diffusion coefficient of 0.14-0.50 cm 2 /day in the
actual clays (Soderblom, 1969).
In a clay with sand- and silt layers that gives a penetration of salts and other products by infiltration
the diffusion rate allows for changes i

some decades.
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2.

SUPPOSITIONS FOR COMPARISON OF THE GEOTECHNICAL
PROPERTIES FROM DIFFERENT TIMES

Bjerrum (1967, 1972) has mentioned that it is possible
to change the compression properties and the preconsolidation pressure by means of a preloading. But this
problem is somewhat different from the problem discussed in this report viz the change of the geotechnical properties by means of altered chemical conditions in situ mainly of surface chemical character.
As earlier reported (Soderblom, 1980) the author has
by studying and comparing older and newer investigations in the same point come to the supposition that
the geotechnical properties in situ can change e.g.
due to unsuitable infiltration.
Sufficient attention has not been directed to the problem that rapid changes can occur during suitable conditions.
In order to make such an investigation it is necessary
to compare the geotechnical properties obtained at
different times at the same point.
Most geotechnical investigations are difficult to
localize exactly and most of the material available in
the files seems to be inapplicable in this respect.
However, the files of the Swedish State Railways are
an exception. The location of the railways is as a rule
unchanged from time to time. The longimetry system
gives the exact location of a borehole along the railway line. For instance the location of the place discussed below is 23+940 metres which means 23 kilometres
from a fix at the central station in Stockholm and so
further 940 metres. If any changes are made in the line
the kilometres marks are unchanged. Thus it is possible
to localize old borings along the Swedish railway lines.
In the files of the Swedish railways there are geotechnical results recorded from about the year 1914 up
to date.
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The boring technique has been successive~y improved
through the years. The oldest records come from very
primitive sampling tools and the latest from the most
modern sampler commercially used in Sweden today, the
sampler StI (Kallstenius, 1961).
Due to the varying boring technique it is not convenient to compare the unremoulded shear strength.
The remoulded shear strenght on the other hand being
independent of the sampler can be compared, also the
waterquotient and the fineness number (an older name
of the so called cone liquid limit).

3.

EXPERIENCES FROM TUMBA

Tumba is situated about 25 kilometres SSW of Stockholm
along the trunk line Stockholm-Malmo, Stockholm Goteborg. The railway line was built in the latter
part of the nineteenth century. The first geotechnical
investigations were made in 1919. Depending on construction works and expanding of the train traffic
geotechnical investigations have been made at the same
points at different times. Results are published in
the files from 1919, 1932, 1954 and 1966. The present
author made investigations in 19 78 in three holes
located at 22+500, 23+900 and 23+940 in collaboration
with the Geotechnical Department of the Swedish Railways.
The Tumba area has during the years sustained very
great changes. Comparing the airphotos from the years
1956 and 1978 (Fig 3) it is obvious that this area
until the 1960s was a relatively sparsely settled area.
After that date the area was densely developed by
multistored and single family houses as seen in Fig
3 b. The development was mainly situated in the infiltration zones where clay sediments meet outcropping
till and bedrock.
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In the following shall be illustrated how geotechnical
properties have changed during this time.

3.1

Comparison of the geotechnical properties

There are at least three holes (23+860, 23+900 and
23+940) in the Tumba area where comparisons can be
made and the geotechnical properties have changed
during the years. The most suitable of those is 23+
940 situated in the south support of the road passage
under the railway, Fig 3 b.
Geotechnical investigations have been made at this
site in 1932, 1954 and 1979. The comparison shows
great changes in the earth profile during this short
period of time from a normal clay to a quick one.
In Fig 4 investigation results from the years mentioned
above have been compiled. As mentioned earlier certain
difficulties are present when comparing the older results with the newer ones because of using different
testing instruments (older and newer samplers) and
somewhat different interpretation methods etc. Attempts
have been performed here in transforming the older socalled strength numbers to shear strength expressed in
kPa. Difficulties in ascertaining precisely the depth
of the testing level in the stratified material which
is found in the actual profile are also obvious. There
is, however, no uncertainty that the earth profile has
markedly changed its character during the 50 years.
What is possible to compare is above all the strength
in remoulded state H1 respectively 'rand to a certain
extent the sensitivity, H3 /H 1 respectively ' f / ' r
(compare Figs 5 and 6). The sensitivity (Fig 6) was
in the year 1932 about 20 and the H -value about 2
1
(corresponding to ' r = 0.3 kPa). In the year 1954 the
sensitivity had increased to values over 50 at several
levels and the H -value was as low as 0.5 (,r~ 0.08 kPa).
1
In the year 1979 a sensitivity maximum was established
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Fig 3a. Air photo of the Turnba area taken in 1956.
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Fig 3b. Air photo of the Turnba area taken in 1978.
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up to 279 and at most levels the sensitivity was more
than 50. H -values < 0.33 (corresponding to ' r < 0.06
1
kPa) were also measured. (That is the lowest value
possible to measure with the cone test at present.)
As mentioned above similar changes can be observed in
further three points within the actual area and this
has also been proved within another place at Bro
station about 30 kilometres WNW of Stockholm.

4.

OBSERVATIONS AT THE TUVE LANDSLIDE

If one tries to understand all factors leading to a
large landslide one must convince oneself whether the
geotechnical properties in the area have been constant
or not. It must be of great importance if it is possible to find old investigations in undisturbed areas
and complete them with new to get a knowledge about
whether a deterioration of the geotechnical properties
have occurred during the last decades or not.
A map showing the location of the large Tuve landslide
near Goteborg in the western part of Sweden is shown
in Fig 7. The instable area and its surroundings had
not been geotechnically investigated in such way that
it is possible to make any conclusions if the geotechnicaJ properties in the actual area have changed in the
last decade or not.
About 200 metres from the slide in the undisturbed
area the railway "Vastkustbanan" is situated. As seen
in the figure near the landslide borings have been
made in 1957 in the points 9+340, 9+580 and 9+680
(measured from Goteborg). These investigations were
made very carefully on samples obtained with the sampler
of the Swedish State Railway, because the purpose of
the investigations were to compare samples tested in
the field immediately after sampling with samples tested
in the laboratory.
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Fig 7 .

Location of the Tuve landslide area and of older
and new samplings.
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A hole named A 10 (location see fig, 7)

~~s

made in

1978 in connection wtih the Tuve investigation. This
hole is situated on the other side of the railway ea
35 metres NSW hole 9+580. When the ground is almost
flat and the sediment seems to be the same in the two
holes it appears to be permitted to compare temporary
these two holes. Of course completing investigations
must be made in 9+580 which is very easy to find again.
In the comparison now made the levels in 9+580 were
moved down 0.6 metres to eliminate the difference in
elevation between the two holes. In the figures the
values from 1957 are accounted as lines or short dashes.
In Fig 8 the shear strength from the two years is compared and in Fig 9 the shear strength in remoulded
state. The curve from 1978 is considerably smother than
that from 1957. The very sharp shear strength minima
present in 1957 are not recovered in 1978. The values
from 1978 are distinctly higher than those

from 1957.

This can be explained by using a better sampler in 1978,
but it can also be due to sample aging and changes by
transportation, bacterian activity etc. The same tendency has also been found by the author earlier (Soderblom 1969) that samples investigated directly after
sampling in the field show a greater variation in the
strength value than those investigated after transportation to the laboratory. This must be investigated
further because the presence of minima like those in
1957 can partly explain the slide.
The shear strength in remoulded state, Fig 9, is mainly
unchanged with exception of the highest levels. If the
comparison is disturbed by aging effects cannot be seen
in this investigation but as shown by Soderblom (1969)
aging effects can also affect the remoulded shear
strength.
The sensitivity, Fig 10, is higher in 1978 but this is
very little affected by the remoulded strength.
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The waterquoti ent is seen in Fig 11. The curves seem
to be relatively unchanged with exception of the levels
between 4 to 7 metres where the content was considerably
lower in 1957 than in 1978. The same tendency can be
observed i n the curves from t he fineness number, Fig 1 2,
indicating structural changes down to 7 m bel ow ground
s u rface including both decreases and increases.
No further comparison of the results shall be made at
this state but it is obvious that further investigations near the Tuve landslide should be made.
Of course other places with old investigations

(there

are many hundreds, perhaps thousands in the files of
the Swedish State Railways) can be studied to complete
the picture of the changes of the geotechnical properties.

5.

DISCUSSION

The changes of the geotechnical properties with time
have been recorded at two places in Sweden, firstly
at Tumba near Stockholm and secondly at Skogome close
to the Tuve landslide, near Goteborg.
All results indicate that the geotechnical properties
of those sites have changed measurably during a period
of 30 to 50 years. This can be due to the going on
environment pollution but before any safe conclusion
can be made further investigations are necessary .
At Tumba a very clear decrease of the remoulded shear
strength has taken place, which gives rise to high
sensitivities. At the same time a clay with high
rapidity number has been formed.
There are , however, many other factors which must be
taken into consideration by such a comparison sample
aging and transport damages may not be disregarded. In
the case of a quick clay shear strength in unremoulded
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and remoulded state and the sensitivity will change
when the samples are transported to th,e laboratory so
also is the conductivity indicating inner chemical and
structural changes. An example from a quick clay sample
taken at Utby in the Gota River Valley is shown in
Fig 13.
It was necessary to investigate the samples directly
at the site in the work at Tumba in 1978 depending on
the fact that the samples at the transportation showed
syneresis and gave a cylinder half of water and half of
a clay mass. An examination of the clay phase after
removing the water must give a wrong picture of the
strength values.
It is very difficult to draw a parallel between those
changes in geotechnical properties and a population of
the adjacent areas because in the

older investigations

many facts are lacking which are necessary for such a
comparison.
In the Skogome area the notable changes are in the
water quotient and in the fineness number. Th.is can
indicate an influence of waste water from leaking sewage
pipes as e.g. described by Ackermann (1959) from the
Lade landslide near Trondheim. 8 months before the
catastrophe (1944) several bomb craters had been made
in the slope alongside the Ladeallee but those had no
immediate effect. However, during the following months
electric wires broke several times.
This indicated slow, small movements of the ground. In
addition to this seepage of water under pressure from
damaged water conduits into the masses of silt in the
ground coul d not be precented (of the events previous
to the Jordbro slide near Stockholm in 1972, Soderblom
1974).
Both in the east and the west parts of the slide the
clay had a quick consistency but was comparatively thick
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liquid and therefore did not belong to the typical thin
liquid clays.
In several places instead of the natural quick clay a
slimy evilsmelling "mud" full of cellulose fibres and
smelling badly of faeces was found. Thus sewer water
must have penetrated the clay and mixed thorougly with
its substance. Owing to the admixture of organic
material the clay was able to absorb twice its normal
water content (w=68%). It is according to Ackermann,
however, not clear whether the flow process of the quick
clay had been increased by artificial changes.
The Lade slide is important as i t was shown that the
quick clay had absorbed an additional quantity of water.
The investigations made by the present author indicate
that this can be a common phenomenon when developing a
virgin area.
However, the knowledge of the processes changing the
geotechnical properties in nature is so far very limited
and much research needs to be made to get those processes
which are so important for slope stability under control.
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·STUDIES OF THE RAPIDITY NUMBER
Can this parameter be used to determine
the slide tendency of a clay?
Rolf Soderblom, Swedish Geotechnical Institute

1.

INTRODUCTION

In many countries large landslides occur in soft
clays. They are mostly known from Canada, Norway and
Sweden. Generally these slides are connected with
the occurrence of quick clay. The definition of quick
clay generally used includes, however, from the view
of slide spreading, quite different materials.
2.

PROPERTIES OF DIFFERENT TYPES OF QUICK CLAY

Norwegian quick clay was characterized by Reusch
(1901) as a "clay which has the property of being
comparatively stiff when it lies in its original bed,
but becomes fluid when it is set in motion. For instance, if one carefully cuts a small cube of "quick"
clay and places it in the open hand and shakes it
a little , the cube becomes apparently more and more
damp , and looses its form."
Reusch's definition of q uick clay describes a material
being very susceptible for spreading of landslides.
Its reological properties differs considerably from
many materials being called quick clays according to
the present definition where quick clay is characterized as a material with a sensitivity higher
than a certain value. Quick clays meeting the ~equirements stipulated by Reusch are almost unhandy
and tend to flow out with a slight external influence.
Quite another type of "quick clays" is illustrated
in Fig. 1. Weights have been placed on a sample which
has been characterized as quick clay accord ing to
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Fig 1.

Example of a quick clay according to current definitions (after Crawford, 1963).
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the current defintion. This material which manifestly endures fairly great statical forces without
flowing out must be quite another material than the
quick clay according to Reusch regarding the risk
for spreading extensive slides.
In Sweden clays occur fulfilling all requirements
for quick clay. In one case the material can flow
out by the slightest contact while in other cases
one must remould vigorously up to 20 minutes to reach
the remoulded shear strength.
3.

PROPOSED CLASSIFICATION OF QUICK CLAYS
ACCORDING TO A RAPIDITY NUMBER

If the concept quick clay shall only comprise the
flow susceptible materials, the materials requiring
a high disintegration energy ("slow quick clays"
Soderblom, 1969) must be separated. A new parameter
is needed to describe the properties of quick clay
and this parameter is the remoulding work.
Experiments for measuring this remoulding work have
been worked out in USSR according to a lecture of
the late professor Rehbinder in Stockholm (1970).
No description was given of the equipments and methods
used.
Instead of using direct methods to measure the remoulding work one can use the so called rapidity
number as an approximative.
It is possible to make this process in a common
Casagrande liquid limit device (ASTM, 1964) in form
of a kind of "unconfined compression test". An undisturbed clay sample of e.g. 4 cm in height and
5 cm in diameter is placed in the device. When dealing
with very rapid clays one observes that the edges
of the specimen are smoothed out and rounded after
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a few percussions. The clay

is transformed into a

liquid mass. Clays with low rapidity are on the
other hand visually almost unaffected even after
250 percussions. The procedure generally gives the
reaction that the bottom part is first affected then
the other parts of the sample.
From observations on quick clays with various rapidity properties a classification scale was suggested
with ten rapidity numbers (Table 1).
3. 1

Proposed new quick clay definition

If comparing Reusch's quick clay description with
Table 1 it is seen that a quick clay of Reusch's
opinion was a clay with a rapidity of at least 8-9.
According to the present author the name quick clay
ought to be reserved to materials of this type.
Temporarily a definition has been proposed that a
quick clay shall have a sensitivity of at least 50
and a rapidity number of at least 8.
This type of quick clay which is found locally at
some places in Sweden seems to be a very slide spreading prone material. Firstly it delivers liquid even
by a small mechanical influence and secondly it seems
to deform very eas ily i f exposed to dynamical influe nc e.
4.

RAPIDITY AND STRUCTURE

The properties of the clays with high rapidity remind
of those being found with silt and fine grained sand.
Below a clay supposed to act in such a manner is
described.
Almost all physical theories of clay properties have
been based on the interaction of single plates. The
clays shall have a homogeneous st ructure depending
on the sedimentation conditions. One discusses card-
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Table 1.

Classification scale for determination of rapidity numbers

Rapidity number Rn

Degree of influence

1

Sample not visually affected

2

Hardly visually affected

3

About 1 mm of bottom part deformed to a
gelatinous mass

4

About 5 mm of bottom part deformed,
gelatinous mass formed. Upper part
visually unchanged

5

About 5 mm of bottom part deformed,
gelatinous mass and liquid mass formed.
Upper part visually unchanged

6

About 10 mm of bottom part deformed,
gelatinous mass and liquid formed. Upper
part visually unchanged

7

Bottom part highly deformed, liquid mass
formed. Upper part visually unchanged

8

Whole sample begins to deform, liquid
mass formed. Sharp edges and irregularities
disappear

9

Whole sample highly deformed, liquid mass
forms and begins to flow out from the vessel

10

Whole sample transformed into a liquid mass
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house structure, dense fresh water sedimented structure etc. It is, however, very difficult to prove
that structures of this kind exist in nature.
There is , however, a growing opinion on that both
artificial and natural clay soils are made up of
clay plates aggregated into peds, crumbs, clusters
or domains (Aylmore & Quirk, 1960, Olsen, 1962).
That is in accordance with suggestions of Yong (1971)
that the concept of simple plates is only applicable
to diluted colloid solutions and that natural consolidated clays require the considering of aggregates.
One must observe that the popular conception of a
flocculated clay existing as a simple card-house
structure must be replaced with more realistic multiple
plate bookhouse arrangement.

(Compare the structure

of certain types of liquid crystals.)
The Leda clay has been studied by many authors. The
clod nature has been described by Eden and Mitchell
(1970) who state that such quick clay - independent of
its sensitivity - can be broken into small crystaline
pieces.
The properties of materials with high r apidi ty are
very difficult to explain if not assuming the presence of the structure described above. The behaviour
of a material of high rapidity to wet when it is
subjected to shaking is explai n ed if one assumes a
smectic structure with water films between the crystals. The concept of rapidity has been discussed many
times assuming a homogeneous structure and one has
concluded that a high rapid material must have a
very low shear strength. This does not seem, however,
to agree with the reality.
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4. 1

Syneresis

Syneresis it the spontaneous liberation of liquid
from a gel. It is no drying out process because
it also occurs in moist air and at a low temperature.
It is rather an inner dehydration combined with
shrinkage.
Gels subjected to syneresis will as a rule develop
fissures depending on that the particles under the
influence of attractive forces contract and expel
pore water. This phenomenon often occurs in natural
clays and gives an explanation to a fissured macro
structure.
According to Rosenqvist the fissured structure of
certain clays is associated with the electrolyte
content in the liquid. The clays receive a very low
relation between the tensile strength and the shear
strength. The fissures can open when the clays are
exposed to tensile forces when they are in a low
strain and stress state.
In such cases the ordinary methods for stre ngth det e rmina t ion can give more or less incorrect values.
4.2

Association colloids

According to Lumiere and Staudinger colloids can be
classified in molecular and micellar colloids. Both
types can either be inorganic or organic. The particles of molecular colloids are simple macro-molecules
and their structure is essentially the same as the
structure of small molecules, the atoms are combined
by true chemical bounds. These molecules are true
colloids. They can be dissolved only as colloids.
The structure of micellar colloids are quite another.
The part icles of these colloids do not consist of
large molecules but of aggregates with many small
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molecules or groups of atoms which are hold together
by secondary valencies such as cohesive forces or
van der Waals forces. Many organic colloids emulsions,
such as soaps and detergents, form such micellar
colloids. These substances can - depending on the
conditions - form either colloidal or true solutions.
Soap in water is for example a colloidal solution.
The particles are composed of many small molecules
of sodiumoleate or other salts of fatty acids. In
alcohol, however, the same soap is dissolved in the
form of simple molecules being much smaller than the
colloid particles.
A special type of association colloids is the so
called liquid crystals.
Lehmann (1904) was the first to use the term liquid
crystals to describe the properties of ammoniumoleate
which from an alcoholic solution was precipitated
in what appears to be fixed geometrical forms. The
contours are, however, somewhat rounded and the
crystals can flow into each other when they touch.
Emerson (19 56 ) suggests from microscopical investigations the occurrence of liquid crystals in montmorillonite suspensions in a sod ium chloride solution .
Friberg

&

Roberts

(1972) suggest that the coagulated

structure which according to Rosenqvist (1 977 ) is
necessary for a q uick clay formation possibly can
have been formed by the developing of liquid crystals.
5.

LABORATORY STUDIES OF RAPIDITY

From the introduction above it is clear that the
structure - especial l y the macro structure - and the
aggregate formation are impor tant factors influencing
the behaviour of a clay sample when it is subjected
to dynamical influence.
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The visual method to investigate the structure change
of a sample is, however, not satisfactory. A method
which seems to be suitable in this connection is described by Mitchell

&

Arulanandan (1968). The so

called electric dispersion is measured with alternating current of different frequencies. The dispersion
is given mainly by the polarisation in the system
which in turn depends on rotation of dipoles dispressing of charges on the surface of the particles
between the particles and the suspension medium and
inhomogenities depending on the differencies in the
properties of the material forming the system, the
ion atmosphere etc. All these factors have to do with
the structure forming.
If working in the radio frequency range it is possible
to use capacitive connection between the sample and
the measuring device. It is thus possible to estimate
the structure of a clay sample in the sampling cylinder
without making any infringement.
It is also possible to measure the dispersion at lower
frequencies e.g. by 1000 Hz. Certain influencing
factors such as dipole rotation fall away because
much higher frequency, but that seems to be unimportant
at the actual case. Naturally one must have electrodes
penetrated in the mass and connecting wires to the
instrument.
An electrode was constructed as shown in Fig. 2. It
is a penetration electrode where the electrode blades
are mounted on a plate of sprayed plastic. A Wheatstone
bridge was used as measuring instrument and the
measuring frequency was 1000 Hz.
The sample was placed in the vessel of the liquid
limit device. The electrode was mounted and the resistance of the sample at 1000 Hz was determined .
After that the sample was allowed to fall 25 times
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Fig 2 .

Penetration electrode for rapidity studies.
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Fig 3.

Resistance curve illustrating the structure change
by a rapidity study of a clay sample from SkareJarpetan .
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and a new determination was made. The procedure was
repeated until the sample had fallen 250 times.
One obtained different types of curves representing
the change of the electrical resistance with the
number of percussions.
The structure change by rapidity determination has
been studied on clays from several places in Sweden.
Tests have been made on both natural samples and
chemically treated ones.
If dealing with samples with low rapidity very little
resistance change is observed in many cases.
In some cases, e.g. Sille Pilkrog VF D 33, the resistance increases when the sample is subjected to
percussions. Hitherto it has not been able to transform those changes in resistance to changes in the
structure. Possibly the structure becomes denser by
the treatment.
In other cases, especially for the quick clays with
hi gh r apidity number, the resistance will decrease
with the treatme nt . Sometimes it can be an appreciable
d e cre ase. A typical curve from a quick cla y with a
high rapidity number from Skare-Jarpetand (near
Karlstad) is sl~wn in Fig. 3. It is see n that a noticea ble d e crease has occurred by only 25 percussions.
It indicates that clays of that type are very sensitive to handle. Water will be released and changes
will occur in the interaction between the electric
double layer and the pore water. According to e.g.
Rosenqvist the cohesion forces are depending on among
othe r things the adsorbe d ions and therefore such a
change will express as a variation in the strength
properties. That means that for such clays it is
possible by a moderate dynamical action to change
the strength properties of the clays irreve ~sibly. It

392

requires extensive studies of the electric double
layer of consolidated clays to really understand
t his question and the interaction between doubl e
l ayer and pore water of different types of undrained
clay materials.
6.

DISCUSSION

The concept rapidity number seems to be very useful
when stuying the tendency for a clay to spread large
landslides. One must observe that all calculations
of slope stability are based on materials with constant
strength properties. If these properties can be changed
(lowered) by a slight dynamical influence due to
changes in the chemical equilibrium in the system
one must develop new stability calculations. The interaction between the double layer and the equilibrium
liquid (pore water) is due to the Brownian movements.
In such a system a percussion can develop obvious
changes.
If a small initial slide e.g. an erosion slide takes
place in a slope having such a " strength diminishing"
material the v i bra tions will cause that the clay soil
lying behind will liquefy. Further a cake will fall
out, etc and the slide will d e velop in a retrogressive
large landslide. This idea seems to be supported by
the fi l m from Rissa, Norway. It is s een how, after a
cake has fallen out, th e c lay in this part lying
immediately behind that cake will partly liquefy.
One can see how the flowing quick clay is thrown out
and a new cake slips away. That process which seems
to deviate from t he generally accepted idea with clay
pieces sliding in slip surfaces must be subjected to
further discussions a nd studies of the behaviour of
quick clays with high rapidity number in nature.
Finally it can be mention e d th a t

field studies and

laboratory studies indicate t hat a clay with a high
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Fig 4.

Photo of the testing apparatus and the outflown
sample.

Fig 5.

Photo showing a structure of the outflown clay
mass.
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rapidity number flows out in the form of liquid
crystals. That is illustrated in Fig. 4 and shows
the clay from Skare-Jarpetand after treatment in
the liquid limit device. The treated clay mass shown
in Fig. 5 after drying illustrates clear quasicrystalline structure.
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A NEW APPROACH TO
EFFECTIVE STRESS STABILITY ANALYSES
F. Tavenas, Professor

s.

Leroueil, Ass. Professor

Dept. of Civil Eng., Laval University,
Quebec, Canada

Stability analyses form a major part of geotechnical
engineering. They are the key element in assessing
the behaviour of natural slopes and in designing
excavation slopes. They govern to a large extent the
design of earth dams and of embankments on soft foundations. It is not surprising then that stability
analyses have been the subject of early and continuing
research efforts.
As early in 1846, Collin developed a method for
analyzing the equilibrium of a slope in which the
driving and resisting forces were compared in a manner
amounting to the general definition of a factor of
safety.

F

E forces resisting failure
E forces tending to cause failure

(1 )

Fellenius introduced his well known Swedish Circle
Method in 1922. The method was first applicable to
clays possessing a shear strength cu; by writing the
moment equilibrium along a circular failure surface,
the strength k necessary to ensure equilibrium was
computed and compared to the strength of the soil cu
to obtain a factor of safety
F

strength of the soil cu
strength necessary for equilibrium k

(2)
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The Swedish Circle Method was later developed to be
applicable to materials possessing both cohesion and
friction (Fellenius 1927, 1940). In this case the
sliding mass was divided into a series of vertical
slices; a graphical method using a "friction circle"
was used to analyse the force equilibrium of each
slice and of the overall mass; some form of interslice
forces were taken into account but the moment equilibrium condition was not satisfied. The method was
intended for use on slopes at limit equilibrium;
various definitions of a factor of safety were proposed to interpret the results. Taylor (1937) further
developed the method to ensure both forces and moments
equilibrium. To do so, he had to work on overall
resultant forces for weight, pore pressure, cohesion
and normal stresses; a correction was proposed to
account for the distribution of the normal stresses,
while the interslice forces were neglected. Taylor
was the first to introduce the factor of safety in
the form of
tan cp
tan p

C

= -

a

(3)

where panda are the friction and cohes i on necessary
to produce equilibrium of the anal ysed stable slope,
and to make use of F =Fa= Fe within the equilibrium
ana lysis. The next and final fundamental step in the
development of methods of stability analyses was the
introduction of analyt ical methods verifying the
force and amount equilibrium conditions by Bishop
(1955) for circular failure surfaces and by Janbu
(1957) for non circular failure surfaces. In these
methods interslice forces are considered, using
"reasonable " assumptions to verify the equilibrium
conditions locally on eac h slice as well as overall
for the sliding mass. These methods are the most
common in present practice. Many other methods have
been developed since 1957, but they differ only in
details related to the handling of interslice force
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and they can be considered as essentially similar to
Bishop's and Janbu's methods (Fredlund

&

Krahn 1977).

Effective stress stability analyses are used extensively in practice: they represent the standard method
of assessing stability in darn designs (Sherard et
al 1963); following the work by Bishop & Bjerrurn
(1960) they have been increasingly applied for the
analysis of long term stability of slopes; their
relevance to most practical stability problems has
been reernphasized recently (Janbu 1977; Tavenas et
al 1978; Pilot et al 1982). On the other hand, serious
problems with the analytical formulation of the
present methods have been pointed out (Tavenas et al
1980) and some researchers have advocated the use of
total stress analyses rather than effective stress
analyses for the stability of embankment foundations
(Ladd & Foott 1980) or of natural slopes in soft
clays

(Aas 1981). The present state-of-the-art is

thus somewhat confused.
There is no doubt that the behaviour of soils is
governed by the effective stresses acting on them.
Thus, from a fundamental point of view, effective
stress analyses must necessarily be a more appropriate
method for assessing the stability of soil masses
in slopes or foundations. However, this can be true
only if these analyses are based on assumptions and
formul a tions consiste nt with the basic aspcets of
natural soils behaviour. Tavenas et al (1980) have
pointed out that this conditions is not satisfied
in the present analytical methods. In the present
paper, the questionable aspects of the present methods
will be briefly reviewed and an approach to effetive
stress stability analysis avoiding these problems
will be outlined.
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PRESENT METHODS OF STABILITY ANALYSES AND THEIR
WEAKNESS
In the present practice of effective stress stability
analyses, the equilibrium of the soil mass on a
selected potential failure surface is investigated.
The mass is decomposed into a series of vertical
slices so that both local and overall equilibrium
conditions may be expressed in terms of two different
forms of the factor of safety, and solved concurrently
to obtain the presumably correct value of the factor
of safety F of the considerd soil mass.
Along the base of any slice (Fig. 1), the normal
effective stress a' and the shear stress T , mobilized
to maintain the slice in equilibrium, are expressed
by reference to the Mohr Coulomb failure envelope of
the soil by:
T

=

c'
Fz

+

a' tan~·
Fz

where Fz is the local factor of safety (Fig. 2). a'
is derived from the equation of force equilibrium
in the slice, in which the weight and the pore pressures are known quantities, while the interslice forces
are selected more or less arbitrarily. The overall
equilibrium of the mass is then written in terms of
either a sum of moments (circular surfaces) or of
forces

(non circular surfaces) or both, to obtain

the expression of the overall factor of safety
Fo

E resisting moments of forces

E driving moments or forces

(5)

The driving forces or moments result from the weight
of the potentially sliding mass and any external
forces acting on it; the resisting forces or moments
resu lt from the integration along the potential
failure surface of the shear stress

T

obtained from
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equation (4). Since Tisa function of the unknown
Fz, equation
F0

(5) is of the form
(6)

= f(Fz)

which is solved by iteration to obtain F

Fo = Fz.

toncp'
ton0 = - F

Fig. I - - Principle of Bishop's (1955) method of stability analysis for
circular foilure surfaces .
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Fig. 2 - - Oefinrlion of the local factor of safety.

The problems associated with this approach have been
discussed in detail by Tave n as et al (1 980 ) . They
might be bri efly reviewed here .
A first major probl em is that the effective stress
distr ibution taken into acco u nt in the effecti ve
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stress analysis is the result of simplifying the assumptions as well as of the iteration process necessary to
satisfy the equilibrium conditions expressed by equation
(6). This stress distribution will generally be quite
different from probable field conditions, as indicated
for example by FEM analyses. Furthermore, in clays,
the computed stresses often violate the principles of
limit and critical states which were shown to govern
the behaviour of natural clays and determine upper and
lower limits to the effective stress conditions (Tavenas

& Leroueil 1979). We are thus faced with the paradoxical situation of using effective stress analyses based
on highly questionable effective stresses. It should
be noted here that this problem is worst when analyzing
the stability of an intact clay mass; it is strongly
reduced and possibly eliminated in the case of cohesionless soils or of pre-existing sliding surfaces in stiff
clays or rocks.
A second problem arises from the assumption that the
local and overall factors of satefy are equal. This
implies a uniform value of Fz along a potential failure
surface. Such uniformity is unlikely since it is well
established that stresses are not uniformely distributed
in a slope or a foundation, the shear and normal stresses
being governed by the stress-strain behaviour of the
soil rather than by equation (4) when F > 1.0 (Phukan
et a l. 1970; Wright e t al. 1973).
As we shall see later these two problems are of a "distributional" type (Taylor 1948): they occur when looking
at the internal distribution of equilibrium conditions,
but they have a limited effect on the overall equilibrium of the investigated mass.
The third and fourth problems are related to the use of
equation (4) to express the degree of strength mobilization. Equation (4) implies that the most stable state
of a soil
T

at infinite Fz, is an isotropic stress state,

= 0. Now it is well established that soil deposits
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in their most stable conditions, i.e. under an horizontal surface, are submitted to K

0

effective stress

conditions; with the usual value of K

0

=

f(l-sin~'),

this most stable condition would correspond to F

~

1.7.

The nonsense resulting from the use of equations (4)
and (6) is then easily evidenced. If applied to the
most stable slope (F

0

00 )

i.e. to the horizontal "slope",

the effective stress analysis attempts at writing 1.7
= oo! One could argue that the overall factor of safety

is not

00

but of the indeterminate form~ since the

local shear stresses are mobilized in opposite directions on both sides of the center of the investigated
mass (Fig. 3), but this does not resolve the issue.
Indeed, when the first lift of embankment is placed on
the horizontal surface to start creating a slope, the
shear stresses in A are mobilized in the same direction
as T0

,

which increases to TA' while they are mobilized

in the opposite direction at point B where T

0

decreases

to TB initially. Thus the solution of equation (6) in
this case corresponds to averaging shear stresses and
degrees of mobilization which vary in opposite directions at various points of the failure surface; such
an average has certainly little physical meaning.
The fourth problem arises from the fact that equation
(4), by comparing the effective stress conditions for
which stability is computed to the failure shear stress
at the same effective normal stress, implied a very
specific stress path significantly different from that
likely to prevail i f failure was developed. This problem, already pointed out by Bishop (1974) and by
Tavenas et al.

( 1 980) , amounts to ignoring how the

strength is actually mobilized under the various possible field conditions such as excavated or natural
slopes or embankment foundations. It is the main cause
of discrepancies between the results of total stress
and effective stress analysis. It can be illustrated in
the following example. A large embankment has been built
in stages on a soft clay foundation, reaching the
situation shown in figure 4; at point A the present
effective vertical stress from observed pore pressures
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Fig. 3 - - The horizonlo/ slope cond!lion.
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Total stress onolysis
Effective stress analysis

r1"" 0,22 i:r'vc
'f = c' 1-t:r~c ton

cp' > 0,4 <r~c

(al

o/

( b)

Fig. 4 - - Toto/ and effective stress analysis of on embor>l.,nenl
foundation .
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is o~c; what is the factor of safety of this embankment?
It has been empirically established that the shear
strength available at failure in a clay foundation can
be expressed as ' f = 0.22 o~c (Tavenas

&

Leroueil 1980) .

Thus, in a total stress analysis, the strength at point
A used to obtain F would have this value. On the other
hand, an effective stress analysis would be based on
equation (4) and would thus use for a reference strength
at A, ' f = c' + o~c tan~· which, for most practical
cases, would imply ' f > 0.4 o~c· The factors of safety
computed from the t wo analysis will obviously be strongly
different.
It must be realized that the factors of safety obtained
from the total and effective stress analysis may both
be valid or invalid. Their degree of relevance depends
strictly on the procedure possibly adopted for building
the embankment further up to failure and on the corresponding effective stress path. If the embankment was
built, from the investigation situation, rapidly up to
failure, the clay foundation would exhibit an undrained
behaviour with a representative stress path such as AU
(Fig.4) and the factor of safety obtained from ' f = 0.22
o~c would be the most representative. If, on the other
hand, the embankment height was increased very slowly,
so as to maintain fully drained conditions, then the
representative stress path would be such as AD and the
effective stress analysis would be more applicable. This
i llustrated the problem of the meaning of the factor of
safety, which is not an absolute parameter, but a variable depending on the possible future

behaviour of the

investigated earth structure. The only case where this
ambiguity is eliminated and where both total and effective stress analysis give the same result is when the
considered embankment is just at failure and the pore
pressure at point A correspond to the value of o~c a t
failure. More generally, it should be

noted t hat most

of the problems discussed above are reduced or eliminated when anal yzing a failure situation, i.e. when F=0.
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Further problems associated with the use of effective
stress stability analyses are related without limited
knowledge about the nature of the strength parameters
and the process of mobilization of these parameters in
the usual field conditions. For the embankment foundation case, Tavenas

&

Leroueil (1980) have suggested

that the strength mobilized at failure is on the MohrCoulomb envelope of the normally consolidated clay so
that c' and~· are relatively well defined and measured.
The case of the excavated or intact slopes is apparently more complex (Tavenas & Leroueil 1981) since the
strength and the corresponding strength parameters could
be variable both with time and location in the slope;
however, for this case, an empirical approach based on
the application of the resistance envelope concept to
failure case histories (Janbu 1977) could provide a
reasonable practical solution.
From this review it can only be concluded that the effective stress stability analyses as performed up to now
do not achieve their stated purpose of better modelling
the soil's behaviour and leave a lot to be desired.

PROF'OSED NEW APPROACH

The ideal approach to the evaulation of the stability
of earth structures should account for the fact that
failure is the end stage of a stress-strain process.
The stress and equilibrium conditions prevailing at
failure as well as the surface or the volume of soil in
which the failure displacements or deformations occur
are all governed by the preceeding stress-strain history of the soil mass. Thus any proper effective stress
analysis must account for this stress-strain history.
The best way to achieve this requirement will be by
using the Finite Element Method together with a representative constitutive law in which all fundamentals
of the soil behaviour such as stress-strains-time
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relationships, including anisotropy and structural
effects, limit and critical state concepts, strain
softening and progressive failure will be simulated.
Unfortunately our knowledge on soils behaviour is
still rather limited in many important aspects (Tavenas
1981) and i t will probably take quite a number of years
before acceptable constitutive laws will be available.
In any case, a rigorous solution to stability analyses
is not possible at present so that the efforts should
be directed at the development of simple, eventually
approximated but geotechnically correct methods in
which the problems discussed earlier would be avoided.
The first two problems with the effective stress analyses are of a "distributional" type. They result from
the attempt to account for the stress distribution along
the selected failure surface. Having established that
the method of developing a stress distribution is questionable, it seems reasonable to go back to a global
approach to limit equilibrium analysis provided it can
be established that the errors introduced in neglecting
the effects of the actual stress distribution are within acceptable limits. The method developed by Biarez
(1965) is well suited to this end; since it will form
the basis of the proposed approach it may be briefly
presented here.
Consider the slope shown in figure 5 in which a circular
failure surface of radius r, centered in O is investigated. The soil strength is defined by a cohesion c'
and a friction~·: the groundwater conditions are as
represented. The forces acting on the soil mass defined
by the failure surface are:
- The total weight

Wacting

vertically at a radial dis-

tanced from the center of the circular failure surface;
+

.

- the resultant pressure Us acting normally to the partially submerged slope, at a radial distance x;
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D

C

Fig. 5--Principle of Biore.z ( !965) metllod.
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-+

- the resultant pore pressure U acting normally to the
-+

failure surface: U is the vector sum of the local
pressures u corresponding to the groundwater regime;
it does not produce any moment;

...

- the resultant cohesive component K, acting parallel

...K'

to the chord AB;

is the vector sum of the mobilized

effective cohesion c~

=

(c'/F) act:ng tangentially on

the failure arc; the magnitude of K' is (c'/F)2r sin w
and the moment of

K•

is 2

wr 2 (c'/F);

- the resultant frictional force

...

F'

along the failure

surface; F' is the vector sum of the contact stresses

a' acting on the failure arc. If the mobilized friction angle is o~ 1 such that tan o~ = (tan ~ '/F), the
contact
...F',
are

stresses o ' as well as the resultant force
all inclined at a~ on the normal to the fail-

ure surface at their point of action. The position

...

and magnitude of F' are known only if c' = O; otherwise they depend on the magnitude of the factor of
safety F.
The moment equilibrium is written:
Wd - Usx - 2 wr

2c'

F -

r Ea' sin ~~

0

(7)

If Lis the scalar sum of the stresses a ', i.e. L' =

Ea ' and replacing sin o~ by cos~ · (tan ~'/F) , we obtain
the factor of safety of the slope:
F

2 wr 2 c'

~m

+ rL' cos
Wd - Usx

tan

p'

(8)

The unknown L' is obtained from the force equilibrium

w+ us + u +

K'

+

F'

=

o

(9)

which is best solved in graphical form as shown in figure
5, The frictional force

F'

necessary to ensure closure

of the force diagram is the vector sum of the individual
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contact stresses a'. Since the contact stresses are all
inclined at a~ on the normals to the failure arc, the
vector sum corresponds to a curve CD of length L', which
has a continuous curvature and is, at its extremities,
tangent to the extreme positions of a' on the failure

cri

crB

arc, i.e.
and
or CE and DE. L' depends on the
distribution of the contact stresses a', which is unknown. However, as shown in figure 5, the lower and
upper limits of L' are easily defined: the minimum L'
and thus the minimum factor of safety corresponds to
the length of CD; the maximum L' and F correspond to
CE

+

ED. Biarez (1965) developed a method of slices

taking interslice forces into account to define more
restrictive limits to the position and length of L' in
the force diagram. However this refinement is not
necessarily warranted since Biarez (1965) has also shown
that the simple use of the minimum value of L' results
in factors of safety which are underestimated by less
than 10%. This last result strongly suggests that stability analysis can be safely performed in practice without making any assumption on the distribution of frictional stresses, i.e. by working with the overall forces
and equilibrium conditions. The use of Biarez approach
to the minimum possible value of the factor of safety
essentially eliminated the first two problems in effective stress stability analyses. It does so at the cost
of an underestimation of F by less than 10%, which is
certainly acceptable considering the other sources of
uncertainty in such analyses .
The third and fourth problems with present stability
analyses result directly from the use of equation (4),
i.e. of the definition of the local factor of safety
in the form

c'

+

a' tan p'

(4 I)

T

The only way to eliminate the serious problems resulting
from this definition, i.e. the ignorance of the effect
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of natural anisotropy of soils and of the mode of mobilization of failure and corresponding effective stress
paths, is to avoid the use of equations (4) or (4').
Now, it should be realized that in the case of natural
slopes and actually in most practical cases, failure
is either directly due to, or at least associated with
pore pressure variations. The margin of safety of an
earth structure could thus quite logically be evaluated
in terms of the pore pressures acting on the potential
failure surface. The proposed method uses this approach
together with Biarez concepts.

PrinoipZe of the proposed method. Consider a slope with the
geometry and groundwater condition shown in figure 6.
A limit equilibrium condition will be analyzed using
the strength parameters of the soil c' and~· to deter+

mine the pore pressure Uf producing the failure of this
slope. By comparing this pore pressure resultant Uf to
the present situation
+

u or

to the maximum possible re-

.

sultant Umax taking the local geometry and hydrogeology
into account, the stability of this slope may be evaluated.
At limit equilibrium, equation (7) of moment equilibrium
for the case s hown in figure 6 may be written
Ecr '

Wd - 2 wr 2 c'
r sin~·

(9)

All parameters being known, the scolar sum of the contact stress vectors Eo' can be computed. To satisfy the
force equilibrium condition we can build the force diagram shown in figure 6. The weight and cohesion vectors
Wand

K'

are known in magnitude and orientation. The

frictional force

F'

is necessarily located between the

extreme possible positions

FA

and

FB,

inclined at~· on

the normals to the failure arc at its extremities A and
B, the corresponding directions on the force diagram
being ea and eb. As for its magnitude, if we assume that

F'

is equal to Ecr ' computed from equation (9), the
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length of the force vector F' will be overestimated
since the curved vector series L'

(Fig.5) of a length

equal to Icr' will be assumed to coincide with CD.
Using this assumption, which is on the safe side as
we shall see, we obtain the locus of the extremity of
the frictional force vector

F',

ab. The resultant pore pressure

i.e. the circular arc

U may

be defined in

both magnitude and direction from the groundwater regime. This vector may be placed in the force diagram:
starting form the upper extremity O of the weight vector

Wa

parallel to

U is

drawn, which intersects the

locus ab at c; in order to have equilibrium the frictional forde F' must end at C. The resultant pore
pressure

u may

then be drawn from c.

We now have all the elements necessary to evaluate the
stability of the slope. If the geometry, soil strength
and groundwater conditions correspond to those of a
slope at failure, the force diagram would be closed,
+

the pore pressure resultant U being represented by

co.

If, as in the case shown in figure 6, the slope is
+

stable, the pore pressure resultant U is less than that
+

causing failure, i.e. CO and the difference between U
and CO could be considered as a representation of the
margin of safety of the investigated slope. However,
account must be taken to the fact that an increase in
pore pressures to cause failure would result

from a

change in the position of the groundwater table or more
+

generally in the groundwater regime; as a result u
would not only increase in magnitude but also it would
change in position and orientation. For example, in the
case shown in figure 6, the maximum pore pressures would
be associated with a groundwater table at ground surface.
+

The corresponding Umax is shown on figure 6; it intersects the locus ab at a new point d and, when plotted
from d, it exceeds the length of the vector necessary to
ensure closure of the force diagram at O. This indicates
that such a pore pressure condition would produce failure of the considered slope. We also have the basis for
a proper definition of the margin of safety: given the
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local hydrogeological conditions, the pore pressure
-+

regime resulting in a limit equilibrium condition Uf
should be determined to provide a reference to any
-+

-+

-+

present condition U; the difference Uf - U is the
-+

actual margin of safety of the slope; if Uf corresponds to an impossible pore pressure regime such as
a water table above ground surface, then, this implies
that the slope will be stable in any situation.
As pointed out earlier, the selected approach for de-+

termining frictional forces, i.e. F = Eo', leads to an
underestimation of the distances c0, d0, etc • . • , i.e .
to an underestimation of the resultant pore pressure
causing failure, Uf. According to Biarez (1965) this
underestimation should not exceed 10 % of the computed

F

and it is thus acceptable .

At present, the method is a graphical one, which is a
disadvantage to a certain extent. However, parts of it,
such as the determination of

W, U, K•

and the calcu-

lation of Ea', could be treated on a computer. On the
other hand, the force diagram should be kept in graphical form since it is an important visual element in
the analysis of th e possible effects of pore pressure
variations.
The

"margin of saf ety" 6Uf = Uf - U defin e d in the me thod

appears as an exce llent parameter to judge the proba bility of fa ilure o f an inve stigated slope as well as
the eff i ciency of any sta bilizing works such as dra ina g e
or geometry changes. On the other hand, a factor of
safety could possibly be defined as
F

( 1 0)

u

but such a def inition is certainly not general since
it would correspond to Fu00

for any dry slope.
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The handling of stratified deposits with varying c' and
~· does not create major problems. The resultant cohesive force

K'

must be determined according to the

geometry of the strata and respective values of c'; as
-+

for the frictional force F', the limiting positions Fi,
FB need to be selected so that they encompass all possible orientations of the frictional stress a' along
the failure surface, accounting for the relevent ~'
values.

Use of the proposed method.

The proposed method may be used

in the classical manner, i . e. by analyzing a number of
possible failure arcs in the considered slope, searching
for the most critical circle. This most criticial circle
could be defined as that giving the smallest margin of
safety ~Uf = Uf - u, where U is the present resultant
pore pressure on the critical circle; it should best be
taken as the circle along which failure would occur if
such failure of the slope were possible. This circle
could be determined from such charts as developed by
Janbu (1954), in which Ncf and Ac~ would be taken to
correspond to F = 1.0

(as mentioned earlier, the classi-

cal methods of stability analysis, Janbu's charts included, are more or l e ss correct at F = 1.0 since many
of the problems are eliminated). It should be noted
though, that Janbu's charts are based on simplified
assumptions on the pore pressure regime and may not be
applicable to cases with complex flow nets.
A numerical example was developed for the slope shown

in figure 6, assuming the following characteristics:
Height

10 m

slope 2/ 1

y

16 kN/m 3

c ' = 10 kPa ~ ·

For the water table condition shown in figure 6, the
resultant pore pressure is

U

= 832 kN. The minimum value

of Uf along the line of action of

U is

Uf = 992 kN,

while the value of of corresponding to the highest
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possible water table is Uf = 1082. Taking this last
value as a reference, the margin of safety would be
~Uf = 250 kN. Since the failure arc is 27.84 m long,
this implies that a rise in pore pressure by an average 9 kPa or 0.9 m of water would be sufficient to
produce failure. Thus the analyzed slope should be considered as marginally stable. Indeed, analyzing the
condition of the slope with a water table at ground
surface, one finds Umax = 1112 kN, i.e. 30 kN in excess of of, indicating an instability of the slope
under this condition. Using the definition of the factor of safety in equation (10), the low water table
as in figure 6 corresponds to Fu= 1.30 while the
water table at ground surface corresponds to Fu

0.97

The same slope was analyzed using Janbu's charts; the
factors of safety in this manner were respectively F =
1.38 and F = 1.02.
The proposed method seems ideally suited at the analysis of problems where failure is caused by pore pressure variations under constant geometry. These include
the stability of natural slopes, the long term stability of excavated slopes, the stability of dams and
reservoir slopes during reservoir impounding and rapid
drawdown. It may also be applied to problems in which
both the geometry and the pore pressures vary, such as
the stability of stage constructed embankments. However, in this case where all parameters in the analysis
are variable, the method may be more cumbersome to
apply and it requires a method of predicting the pore
pressure behaviour as a result of the construction activities. In view of this last difficulty, the method
would appear better suited at the control of the stabilitJ of the instrumented structure, based on observed
pore pressures, that at the design of that structure.
Given the present lack of detailed knowledge on soils
behaviour, the design of earth structures for the construction phase should preferably be based on empirical
methods such as the total stress analysis based on
corrected field vane strengths.
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The proposed method appears difficult to use for the back
analysis of failed slopes. However, in this case which
corresponds to F = 1.0, the usual numerical methods are
more or less correct, so that the Resistance Envelope
Concept (Janbu 1977) may lead to acceptable results.

CONCLUSION
The proposed method is in its very early stage of development. Eventual shortcomings and limitations will
be evidenced by future applications to actual cases of
slopes and embankments. At present, it appears to represent a definite improvement over existing methods of
effective stress analysis in as much as, the major weaknesses of these methods are eliminated at the cost of
minor, safe approximations, and the "margin of safety"
of the investigated earth structures is defined by
reference to the pore pressure which is the variable
parameter usually causing failures. The proposed method
also appears to follow the comment of Terzaghi (1943):

"()IJ)ing to the complexity of field aonditions and to the imporant
differences be-tween the assumed and the real mechanical properties of soils, no theory of stability can be more than a means
of making a rough estimate of the available resistance against
sliding. If a method of computation is simple, we can readily
judge the practical aonsequences of various deviations from the
basic assumptions and modify our decisions aaaordingly . Complicated theories do not offer this important advantage".
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INTRODUCTION
Landslides are a major socio-economic problem in all
regions of the world where they occur. They are the
source of economic losses, such as damages to property and buildings, interruption of communication
lines, disruption of farming or industrial activities,
the magnitude of which may be compared to that of
earthquake and river flood associated damages; also,
they have occasionally caused heavy casualties among
the populations. In the sensitive clay deposits of
Scandinavia and Eastern Canada, landslides are particularly destructive due to the possibility for
small landslides to initiate a very fast and extensive
retrogression process in which the mass of soil
wasted may be multiplied by 100 or 1000 to involve
vo lumes sometimes in excess of 10 million cubic
metres. A great number of such slides have been
identified; the most recent examples are the slides
at Rissa, Norway (Gregersen, 1981) involving
330,000 m2 of farm land and killing 1 person, at Tuve,
Sweden (Torstensson, 1979) involving 270,000 m2 of
populated land, destroying 67 houses and killing 9
persons, or at Saint-Jean-Vianney, Quebec (Tavenas
et al., 1971) involving 268,000 m2 of populated and
farm land, destroying 40 houses and killing 31 persons.
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With the economic and urban development, it has become necessary to develop methods of assessing the
risk of landslides and particularly the risk of slide
retrogression so as to establish appropriate maps of
land use. The governments of Norway, Quebec and
Sweden are all involved in such landslide risk studies
and mapping.
A major problem in assessing the risk of slide retrogression is the scarcity of information on the processes involved in such retrogression. Since these
landslides develop extremely rapidly, in a matter of
a few minutes, they have not been observed by expert
witnesses and the information from laymen were often
scanty and contradictory. The Rissa slide in 1978
produced a major break-through thanks to the presence
on the site of an alert and courageous witness who
managed to film large parts of the retrogression process in that slide. All phases which have been filmed
show a retrogression in "slices" of relatively limited
volume following one another. The nearly vertical
slide scarp from which the slices fall may locally
be extremely high, amounting to a factor Ne= yH
Cu

much in excess of the theoretical limit of 4 (Janbu,
1979). As the slices slide down, they are rapidly
desintegrated and transformed into a flowing mud
which is easily evacuated from the bottom of the
slide crater. While this process of retrogression by
slices is the only one visible on the film, it should
however be noted that Gregersen (1981), interpreting
eye-witness accounts suggested that at least one area
of the Rissa slide could have been involved in a
large " flake type" slide. The limited information
available on Canadian landslides, such as the SaintJean-Vianney event (Tavenas et al., 1971), leads the
authors to believe that the "slicing" process visible
on the Rissa film is the most common form of landslide retrogression in sensitive clays.
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A key factor in the development of a large retrogressive landslide is the possibility for the slide
debris to be remolded to such an extent that it can
flow out of the slide bottom leaving a high unstable
temporary backscarp. The sensitivity of the clay was
thus considered as a first relevant parameter. However, it rapidly became obvious that a high sensitivity was a parameter necessary, but not sufficient
in the development of large retrogressive landslides.
In particular, no retrogression was often observed
in clays with sensitivities in excess of 20. Soderblom (1974) was thus led to suggest an additional
clay characteristic as governing the retrogression,
i.e. the clay "rapidity" which represents the ease
with which the clay can be brought to its remolded
state. Unfortunately, the method proposed by Soderblom to evaluate the "rapidity" is highly empirical
and subjective, making the use of this concept difficult.
Recent work on the use of energy as a significant
soil parameter (Tavenas et al., 1979) led the authors
to consider that the " rapidity" represents actually
the energy required to remold a clay. It was thus
decided to investigate the remolding energy of a
series of sensitive clays from Quebec and to try and
associate the results of this laboratory investigation
with the observed occurrence of retrogressive l a ndslides. This paper presents the main findings from
this study.

LABORATORY INVESTIGATION OF REMOLDING ENERGY
One can envision many different processes by which
energy is imparted to or dissipated in a clay mass
to produce the remolding of that clay. In landslides
the main processes may be considered to be shearing
and continuous straining and displacement along a
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failure surface or zone, squeezing and extrusion
between relatively intact clay blocks, impact of
clay blocks on the bottom of the slide bowl or impact
on clay blocks from falling objects or soil. All
these processes can be reproduced in the laboratory
and techniques were developed and applied to this
end; in each case the energy imparted to the specimen
was varied to investigate the relationship between
the amount of energy dissipated and the resulting
degree of remolding.
Testing techniques. Four different techniques were
developed and used in this study.

Impa.c.t on. a. IU.g.ld .oWLoa.c.e. was simulated by dropping cylindrical specimen from various heights on a rigid
horizontal block. The specimens were released by
rolling them from the edge of a slightly incli ned
board; in this manner, the position of the specimen
during free fall and impact could be maintained with
the axis of the cylindrical speciment in the horizontal direction. This horizontal position was the
one found to give the most uniform remolding of the
specimen. Three different sizes of specimen were
used: 5 cm diameter x 5 cm length, 10 cm diameter x
10 cm length, 20 cm diameter x 15 cm length. The
heights of free fall were varied between 0,75 m and
3,33 m for the small specimens and 3 m to 10 m for
the larger specimens. The energies were assumed equa l
to the potential energy, neglecting any kind of friction losses. The amount of remolding was assessed
both by measuring the shape and size of the specimen
after impact and by carrying out Swedish Fall cone
tests on the partly remolded clay at various locations
in the specimen after impact. Figure 1 shows photographs of 3 specimens after impacts under various
energies .

427

Impact plWm

0a..U.i,ng

objec.t.6 was simulated by dropping a

flat surfaced aluminium ram on cylindrical specimen
placed horizontally on a rigid block. Two sizes of
specimen were used: 5 cm diameter x 5 cm le ngth and
10 cm diameter x 10 cm length. The mass of the ram
was varied between 3.08 kg and 1 0.34 kg and the height
of drop was varied between 0.2 m and 2 m, to obtain
the desired energies. The amount of remolding was
assessed both by measuring the shape and size of the
specimen after impact and by carrying out Swedish
fall cone tests at various locations in the specimen
after impact. Figure 2 shows photographs of three
specimens after impacts under various energies.
Ex.bt.u-6.lon

was investigated by means of an apparatus

similar to that developed by Massarsch (1976). In
the present study a cylindrical specimen of 5 cm
initial diameter was forced through a conical file
with a restricted cross section equivalent to 95%,
90%, 75%, 50% and 25% of the cross section area of
the intact speciment (Fig. 3). The necessary extrusion
force was measured as a function of the displacement
to obtain the energy imparted to the specimen, making
a partial correction for the friction along the cylindrical part of the fi l e. The degree of remolding
was eval uated by carrying out Swedish fall cone tests
on the face of the specimen at the exit of the file
at various stages of the extrusion process. Even
though the extrusion was relatively fast, water
content variations of the specimen could not be
avoided.
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St-Thuribe cloy
impact at WN = 11

Louisevllle cloy
impact at WN =29

St-Alban clay
impact at WN =42

Fig. I -Specimens offer free foll from different heights.
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Moscouche cloy

Moscouche cloy
WN= 47

S .. l.«i>1. 'P\L+ "-02_
F1T'.:\-£~ (411 ,..411)

~ , '2..~
~!ls~ i,e'.l- ~

St- Leon cloy
WN =147

Fiq. 2--Specimens after impact under different energies.
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Fig. 4 --Simple shear box.
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Shea;ung was investigated in a large simple shear box
accepting cubical specimen of 12 x 12 x 10 cm (Fig .
4). Shear deformations were imposed by oscillating
the sides of the box between +25 ° and -25° with
respect to the original vertical position. The force
necessary to achieve the oscillating displacements
was continuously measured to obtain the energy imparted to the specimen. The degree of remolding was
evaluated by carrying out laboratory vane tests at
various locations in the central part of the specimen
after 1, 2, 3, 6, 10, 20, 40 and 60 cycles of oscillation of the box. The final degree of remolding and
uniformity of the specimen was checked by carrying
out a large number of Swedish fall cone tests at
various depths and locations in the specimen. Even
though the shearing was done at a high rate of displacement, water content variations and migrations
could not be avoided. In assessing the energy imparted to the specimen, no correction was made for
the friction along the lateral plexiglass walls of
the shear box.
Interpretation of the test results. Besides a v ariety
of detailed results for each type of tests (Flon
1982) the main results consisted in a relationship

between the energy and the degree of remolding.

The deg1tee 06 Jte.mo.tcung was defined by reference to the
intact and fully remolded strengths of the clays, as
measured by the Swedish fall cone test. A "Remolding
Index" was defined as
Ir

cu - Cux
cu - cur

X

100

intact strength from fall cone

where
cur

remolded strength from fall cone

cux = strength of the partly remolded
specimen, from fall cone or
l aboratory vane tests
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I r i s equal to 0% in the intact clay and to 100 % in
the completely remolded clay.
The Jtemolcung e»V!g!f must first be expressed with reference to the volume of the specimen. In all tests,
but may be the extrusion tests, the degree of remolding and thus the distribution of the remolding
energy was observed to be non uniform within the
specimen. However, assessing the actual distribution
of energy was considered too difficult and unreliable,
it was decided to define the energy per unit volume
by dividing the imparted energy by the total volume
of the specimen in all cases. In doing so the energy
per unit volume is certainly overestimated, but this
is done in a consistent manner for each test.
Remolding of a clay starts only after the initial
peak strength of the intact clay has been overcome.
The strain energy required to achieve this initial
failure, or limit state of the clay, was investigated
by Tavenas et al.

(1979) who showed that the energy

at the limit state in Champlain sea clays could be
expressed by referenc e to the preconsolidation pressure

Op,
WLS = 0.013

where WLS is in kNm/m

Op
3 and Op

in kP a . It was then

decided to express the remolding energy be refere nce
to WLs, defining a normalized energy per unit volume
W
N

=

Energy per unit volume
0.013

Op

All results in the present paper are presented in
terms of the relationships between the remolding
index Ir and the normalized energy WN.
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Properties of the clays investigated. Champlain sea
clays from seven sites in the Province of Quebec
were investigated. The samples at Saint-Thuribe and
Saint-Jean - Vianney were obtained from sites next to
extremely large retrogressive landslides; those at
the other sites were obtained near landslides with
only limited or no retrogression.
Samples were obtained in 1980-1981 by means of the
special 20 cm diameter tube sampler with overcoring
device developed at Laval University (La Rochelle
et al. 1981), at all sites but Saint-Jean-Vianney,
where block samples obtained in 1971 were used. The
main properties of these clays are shown in table 1.
It is likely that the Saint-Jean-Vianney specimen,
which had been stored for 10 years, was not totally
representative of the clay involved in the large
landslide; studies on the clay in 1971 had shown
higher natural water contents and liquidity indices
in the order of 1.5 to 2.0 as well as lower values
of cur• The clays tested cover the full range of
properties typical of Eastern Canadian marine clays.

Clay content
% < 2~

V

Saint-Lion 9.3 m

76
70

Loubeville 6

77

Site
Saint-Uon 4.8 m

;a

"L
%

Ip
%

lL
%

75
70

73
68

46
42

75

73

46

%

Salinity

Op

Cuvane

g/t

kPa

kPa

1 ,1
1,0

2.1

100
180

31
43

1,1

7 .6

125

37

Curcone
kPa

St

30
49. 5

1,1
2.1

27
24

39

1.3

JO
44
106
137
>600

Cucone

kPa

Saint-Hilaire 5.6 m
Saint-Hilaire 11.4 m.

85
79

73
70

60
49

35
26

1, 3
2.0

0.4
1.0

115
115

35
37

35
32

0,8
0,3

Saint- Thuribe 6 m
Saint- Thuribe 12 ;a

43
30

50
43

42
25

20
5

1.6
>4

0.5
1.1

175
195

39
31

55
42

0,4
<0 , 07

Kaacouchc 9 m

65

52

54

JO

1,2

4.1

400

105

135

1.3

104

Saint -Alban 6.6 m

58

66

41

19

2,4

0,2

85

20

21

0. 2

105

Saint-Jean-Vianney 30 a

56

36

34

13

l.l

1.0

1000

190

320

l.2

260

Table l

-

Properties of tho claya investigated
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Energies and remolding indices. Comparative studies
of the various remolding processes are first presented for two typical clays, so as to define typical
behaviours as well as the best method for developing
general comparisons between the different clays.

Scunt-Le.on, 4. 8 m clay. The test samples were obtained
in an area where numerous landslides have occurred
in the recent past, but where retrogression is generally non-existent or very limited.
Figure 5 shows the variations of the remolding index
with the normalized energy per unit volume. In spite
of some scatter, the four different remolding processes all give the same trend. The usually high
values of WN at a given Ir in extrusion tests may be
associated with an overestimate of the extrusion
force due to friction in the apparatus; the low
values of the free fall tests are related to the
assumption of a uniform distribution of energy in
the specimen while only 1/3 to 1/2 was visibly remolded. The low initial value of Ir in simple shear
tests may be due to the fact that r emolding was
initially confined to a small failure zone, thus not
affecting sufficiently the laboratory vane test
results.
The Saint-Leon clay seems to be relative ly difficult
to remold since Ir increases slowly and progressively
and is in the order of only 80% afte r an energy equal
to 250 times that necessary to initially fail the
sample, has been applied.
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Sa.,i_n;t-Thwube, 1Z m cl.a.y.

The test samples were obtained

in the vicinity of an ancient very large retrogressive
flowslide (Dawson, 1899), at the depth where the
most sensitive material is encountered.
Figure 6 shows the variations of Ir with the applied
normalized energy. As for the Saint-Leon test results
the extrusion tests correspond to high energies and
the free fall tests to low energies, the probable
reasons being the same as discussed above. On the
other hand the results of the shear tests and the
impact tests are very consistent and give a smooth
continuous trend.
Contrary to the Saint-Leon clay, The Saint-Thuribe
clay appears to be very easy to remold, since Ir increases very rapidly with the applied energy. To
achieve a remolding index of 80%, it requires only a
normalized energy of 50, i.e. 5 times less than the
Saint-Leon clay. On the other hand a remolding index
in excess of 90% could not be measured in any of the
tests. This may be due to the limitation of the tests
themselves: for example, impact tests could not be
performed at normalized energies in excess of 69
because the impacted specimens were too thin to be
submitted to fal l cone tests. Moreover, in most tests,
very thin zones of more remo lded clay could be
visually observed but they were too thin to be submitted to representative shear strength measurements.
The measured Cux and remolded index were thus conservatively assessed. It is also possible that in
shear tests, water content migration or thixotropic
phenomena artificially increased the partly remolded
strength.

V.uic.tL6-6-Wn. Results simi l ar to those presented in
figures 5 and 6 were obtained in all cases . They may
first be used to assess the quality of each type of
test.
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The free fall tests give a relatively high remolding
index at a given WN. This is due to the fact that
the remolding energy is not uniformly distributed
in the specimen (Fig. 1). Cux and Ir were obtained
from fall cone tests on the lower face of the specimen, in contact with the surface of impact; they are
thus representative of the maximum remolding. On the
other hand, it is obvious from figure 1 that only a
part of the specimen was actually involved in the
remolding process so that WN is underestimated when
referred to the entire volume for the specimen. The
impact tests produce a more uniform remolding, at
least at higher values of WN. Both the free fall and
the impact tests present the difficulty of requiring
different specimen for each Ir - WN data point, thus
introducing a scatter due to the natural variability
of clay specimens.
The extrusion test results are affected by a certain
overestimation of the extrusion force and energy as
a result of the friction developing between the
specimen and the cylindrical part of the apparatus
(Fig. 3). Some correction was made to account for
the friction of the specimen in the mounting stage,
but this cannot account for the increased friction
when the extrusion force is applied. Another problem
with these tests was the unavoidable water content
reduction as a result of compression during extrusion;
variations by 1 to up to 10% were noted. In extrusion
tests the remolding energy is varied by varying the
cross section area at the exit of the file; therefore, as for impact tests, a series of specimen is
necessary to establish the Ir - WN relationship, introducing a certain scatter.
The simple shear test appears as best suited for the
investigation of remolding processes. The test equipment was built with plexiglass so that the behaviour
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of the specimen could be visually observed. This
resulted in possible problems with the friction of
the specimen along the side walls of the box as well
as with the possibility of limited loss of pore water.
The large size of the specimen was required to allow
the performance of the series of laboratory vane
tests, located as exactly as possible in the visibly
most remolded zone of the specimen. In future tests
it is intended to use the classical undrained direct
simple shear (DOS) test, the shear force throughout
cycling being used to define both Ir and the applied
cumulated energy.
Figure 7 presents the relationships between the remolding index and the normalized energy obtained from
simple shear tests on the various clays tested in
this investigation. The remolding process is very
variable in these different clays. The Saint-JeanVianney clay, in which a very large flowslide developed, is extremely fragile, Ir increasing to
values in excess of 90% at relatively low normalized
energies. The Saint-Thuribe clay shows a similar,
even though less marked ability to become rapidly
remolded. The clays from Mascouche, Saint-Alban and
Saint-Leon (9.3 m) exhibit an intermediate "rapidity"
whil e the othe r clays appear rather difficult to
remold.
Factors controlling the rapidity of a clay. As we
shall see later, the normalized energy usually released in landslides and used to remold the slide
debris, is commonly in the order of 40 in natural
slopes in Champlain sea clays. This value of WN = 40
was used as a reference to compare the ability of the
tested cla ys to become remolded.
The remolding index Ir at WN = 40 was correlated with
various clay properties. A good correlation could be
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obtained only between Ir and the plasticity index or
rather the liquid limit, as shown in figure 8. The
reasons for this correlation have not been investigated in detail yet. It seems likely though that fine
grained soils with a liquid limit less than 40% contain very limited amounts of clay minerals so that
the interparticle bonds are of a rather brittle nature
and can be easily destroyed. On the other hand, clays
containing larger amounts of clay minerals and having
correspondingly higher liquid limits, will present
interparticle bonds of a more plastic nature, and
thus more difficult to destroy.
The analysis showed that the remolding index is independent of liquidity index, remolded strength or
sensitivity. This confirms the observations of
Soderblom (1974) that rapidity and sensitivity are
two distinct properties, the combination of which
defines a quick clay.

ANALYSIS OF REMOLDING IN LANDSLIDES
In order to interpret the significance of the data
shown in figure 7, the energy dissipated in landslides must first be assessed.
Remolding energy in landslides. The only possible
source of energy avai lable for remolding of the clay
during a landslide is the potential energy of the
sliding mass.
Let us first take the simple case of a vertical slope
of height H, involved in a short term failure a long
an inclined surface. The potential e nergy of the
sliding volume V would be

y

V 2H

3
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But we know that the height at failure would be
related to the undrained shear strength cu by
H =

4

Cu

O

1

.:::12.
y

y

since (cu/ crp ) = 0.25 in Champlain sea clays. Thus,
the potential energy per unit volume would be
2
=y
0

Wp

I

or, normalizing with respect to the limit state
energy

-

Wp

WNp - 0.013

(J I

p

= 50

In the more general case of an inclined slope the
height at failure and the potential energy may be
related to the stability number Ne. For undrained
failures along circular failure surfaces, as they
occur during landslide retrogression, the potential
energy per unit volume is approximately

so that the normalized potential energy may be written

Typical values of Ne are in the range of 4 to 8, with
occasionally extreme values in the order of 12 in
unusual retrogressive processes. The range of normalized potential energies available to produce remolding is thus well within the range of WN investigated in the laboratory.
The potential energy dissipated in the initial failure
of natural slopes is one which governs the initiation
of retrogression by remolding the first slide debris.
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This energy may be directly evaluated from the characterstics of typical sites. If we assume that the
weight of the sliding mass is applied at mid-height
of the original slope of height H, then the potential
energy per unit volume is equal to½ yH and the normalized energy is
40 yH

o'p

Analysis of some of the investigated sites. At four
of the seven investigated sites, landslides and flowslides have occurred in the immediate vicinity of
the sampling locations.
At Mascouche a slide occurred shortly after sampling
in a 8.5 m high slope in the investigated clay with
y

= 16.4

kN/m

3 and Op=

400 kPa. WNp was thus equal

to 14. When using this value in figure 7 we find that
the remolding index produced by the dissipation of
this energy should have been in the order of only
35%. Indeed a relatively large quantity of firm debris
was left in the slide crater and no retrogression
could develop.
At Saint-Leon numerous small slides develop near the
sampling site in slopes with a height of about 17 m.
The clay being characterized by y = 15.5 kN/m 3 and

op = 180

kPa, the normalized energy is thus in the

order of WNp = 58. As shown in figure 7 the remolding
index of the Saint-Leon clay submitted to this sort
of energy is in the order of 55%, corresponding to
an unlikely initiation of retrogression since a significant amount of the slide debris would come to
rest high on the slope toe in the narrow valley.
Indeed, no major retrogression was observed at that
site.
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At Saint-Thuribe the ancient flowslide originated in
a 10 m high slope in the investigated clay with a
unit weight of 17 kN/m 3 and a preconsolidation pressure of 190 kPa. The resulting normalized energy of
36 was sufficient to produce a remolding index of

about 71%. Considering the shortcomings of the test,
as discussed earlier, the actual remolding index in
the field was probably even greater, and, associated
with the very low remolded strength of the clay,
sufficient to produce a liquid-like debris flowing
out of the slide crater. The initiation and development of the large flowslide was thus possible.
At Saint-Jean-Vianney, the initial failure developed
in a 40 m high slope. Considering the properties of
this clay, y

= 18

kN/m 3 and

op=

1000 kPa, the nor-

malized potential energy released in the slide was
in the order of 29. As shown in figure 7 such an
energy would produce a remolding index in excess of
90%, again sufficient to bring this clay with a low
remolded strength to a nearly fluid state, triggering
the observed extensive slide retrogression. The slide
debris was reportedly in a truly fluid state (Tavenas
et al., 1971).
This analysis tends to prove that the relationship
between energy a nd remolding index presented in
figure 7 may be conside red as a good indication of
the ability of a clay to be remolded and to be subject
to large retrogressive flowslides if a first slope
failure occurs. Further applications to case histories
are obviously necessary but the concept may be used
to propose a methodology for the analysis of the risk
of slide retrogression.
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TENTATIVE APPROACH TO THE EVALUATION OF RETROGRESSION
RISK
Three studies of the retrogression of flowslides in
Champlain sea clays have been published in the recent
past.
Mitchell

&

Markell (1974) compiling data from 41

detailed case histories plus other field observations
and analysing these on the assumption that slide
retrogression would develop in the form of a succession of slides, came to the conclusion that the
stability number Ne= (yH/cu) was one of the governing
parameters as shown in figure 9. Trying to refine that
result they proposed the "earthflow chart" shown in
figure 10 in which the distance of retrogression
relative to the height of the slope is expressed as
a function of both the stability number and the
liquidity index of the clay.
Using an approach based on a retrogression mechanism
by lateral spreading, Carson (1977) developed a
relationship between the distance of retrogression,
the geometry of the slope and terrace, the stability
number Ne and the clay sensitivity. In spite of some
written arguments between the authors of these two
studies, their proposed methods are relatively similar
as shown in figure 10.
Lebuis and Rissman (1979) have attempted to develop
statistical correlations between physical and mechanical properties of Champlain sea clays at the sites
of landslides with various degrees of retrogression .
This study indicated that large retrogressions occur
only in clays with a remolded strength cur less than
1 kPa, i.e. with liquidity indices in excess of 1.2.
However, this condition is necessary but not sufficient
since some sites were identified where no large retrogression occurred even though the local clay met the
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above requirements; an additional condition is thus
necessary. Lebuis

&

Rissman (1979) did not clearly

identify this additional condition but their data
has been reviewed in the present study to suggest
that it may be associated with the liquid limit of
the clay: as shown in figure 11, very large retrogressions seem to occur only in clays with a liquid
limit less than 40%.
These three studies tend to associate the risk of
retrogression with the stability number of the intact
slope and the properties of the totally remolded
clay, as represented by its sensitivity, liquidity
index or remolded strength. Thus they fail to account
for the rapidity of the clay, the importance of which
was suggested by Soderblom (1974) and evidenced in
the present study.
The results of the present laboratory investigation
may be used to interpret the criteria proposed in
these three past studies as well as to develop a
tentative approach to the evaluation of the risk of
landslide retrogression.
In order for a slide retrogression to develop, two
basic conditions must be met: the initial slope as
well as the temporary backscarps of the slide crater
must be unstable and the slide debris must become
rapidly remolded so as to flow out of the crater and
maintain a high backscarp with an unloaded toe. These
two conditions lead to the definition of four criteria.
Criterion 1 - Initial slope failure. It is beyond the
scope of this paper to discuss the factors governing
the stability of natural slopes, as well as the
relevant methods of analysis. Discussing these problems, Leroueil et al.

(1982) in another paper to this

Symposium, point out that effective stress conditions
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do govern the long term stability of natural slopes
but that conservative estimates of the stability condition may be empirically obtained from a total
stress analysis based on the vane shear strength
of the clay, provided account is taken of the overconsolidation of the deposit. From a series of case
histories of slope failures in Champlain sea clays,
it appears that the factor of safety computed from
cu at failure increases with the OCR and that F = OCR
is an upper limit to the observations. From this
result, a crude index of the stability of a slope
could be defined, using Janbu's stability factor Ne
(Janbu 1954): a slope of height H, inclination B
corresponding to a stability number Ne, in a clay
with a unit weighty, a vane shear strength cu and
a given OCR could be in an unstable state if
yH
Ne
> -Cu
OCR

-

[1]

This crude, but conservative estimate of the risk of
failure may be used for risk mapping purposes where
detailed site investigations are not always warranted.
More relevant and rel iable analyses should obviously
be performed when analysing specific sites where
stability must be ensured.
Criterion 2 - Continued backscarp failure. Successive
backscarp failures occur obviously in an undrained
manner and should be governed by the undrained shear
strength of the clay. Again using Janbu's stability
factor, the condition for continued retrogression
may be expressed as:
yH > N "'4
Cu
C

[2]

where His the height of the temporary backscar ps and
Ne is close to 4 since these backscarps tend often
to be nearly vertical.
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Criteria

[1] and [2] indicate that the stability

number (yH/cul is a first determining parameter in
the risk of retrogression. However, they correspond
strictly to a threshold condition, below which failure and retrogression are impossible. Nothing in
these criteria implies that the distance of retrogression should be correlated to the magnitude of
(yH/cu).
Criterion 3 - Ability of the slide debris to flow if
remolded. In order to flow out of the slide crater
and leave the highest possible backscarp, the slide
debris must have a very low remolded strength. Theoretically a clay at its "liquid" limit should have the
necessary low strength. On the other hand, the study
by Lebuis

&

Rissman (1979) suggests that the criterion

might be expressed as:
cur< 1 kPa

or

[3]

IL > 1. 2

This criterion again corresponds to a threshold condition but it does not form the basis for the estimation of the distance of retrogression.
Criteria [1],

[2] and [3] are essentially taken into

account in the methods proposed by Mitchell

&

Markell

(1974) and by Carson (1977), as shown in figure 10.
Criterion 4 - Ability of the slide debris to become
remolded. This is the new criterion resulting from
the present study.
The ability of the clay to become sufficiently remolded to flow out of the slide crater, i.e. to
develop a sufficiently low Cux or high Ir depends on
the magnitude of the potential energy WNP released
during each previous stage of the retrogressive slide
and on the relationship between WNP and Ir characteristic of the clay.
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The normalized potential energy per unit volume is
directly related to the height of the slope since it
may be written
10 yH
Cu

For a clay with a given WNP - Ir relationship, such
as any of those shown in figure 7, the higher the
slope and the stability number (yH/cul, the higher
the degree of remolding and thus the lower the
strength cux of the slide debris. It is reasonable
to assume that slide debris with very low Cux would
flow more easily out of the slide crater, leaving
higher backscarps and thus favoring the further
development of the retrogression process. We should
thus expect a correlation between WNP, i.e.

(yH/cul

and the distance of retrogression, as indeed observed
by Mitchell and Markell (1974), figure 9.
The relationship between normalized energy and remolding index apparently varies significantly from
one clay to the other (cf. Fig. 7), particularly in
the range of WNP values of interest, i.e. for WN < 60.
Obviously the best approach is to determine experimentally the relationship between the applied energy
and the resulting remolding of the clay. This may be
done in the form of a WN - Ir relationship, but it
may also be directly expressed in terms of a WN - cux
relationship, obtained from undrained DSS tests, as
discussed earlier. Combining this experimental
WN - Cux relationship with the probable potential
energy WNp, the likely magnitude of the strength Cux
of the slide debris could be obtained and checked
against the value required to ensure outflow given
the topography of the slide area. The present experience is too limited to propose required values of
cux, but such values may certainly be developed in
the near future. It was noted earlier that the re-
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melded strength could not be obtained or measured in
the test performed in this study. It is possible that
the time or rate of energy dissipation is a factor
and that very fast laboratory tests should be performed to obtain Cux values representative of the
field conditions where remolding develops in a matter
of seconds. Further laboratory investigations will
be necessary to check this aspect of the problem. In
any case criterion

[4]

could take the form of:

WNP + [cux = f (WN)]

-+

cux < cux for outflow

[ 4]

It was pointed out earlier that Ir at WN = 40 seems
to be related to the liquid limit of the clay (Fig.
8). From the limited experience available to date it
appears that remolding indices Ir in excess of 70
percent are required to lead to the development of
large retrogressions. This corresponds to materials
with a liquid limit less than about 40%. We find here
the justification for the effect of WL on the extent
of retrogression (Fig. 11) resulting from the work
of Lebuis

&

Rissman (1979). In the absence of means

of applying criterion

[4]

as spelled out above, one

could work with an empirical form of remolding index
criterion, i.e.
Ir > 70%

or

WL < 40%

[4]

This study and in particular criterion [4] amounts
to a formal and objective expression of the concept
of rapidity as put forward by Soderblom (1974).
Other factors influencing retrogression. Since the
magnitude of landslide retrogression is governed to
a large extent by the capacity of the remolded slide
debris to flow out of the slide crater, any factor
affecting this outflow will play a role in the development of retrogression. In particular the topography
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of the valley in the vicinity of the slide should be
important: outflow of debris and large retrogressions
are more likely to occur in valleys with steep longitudinal gradients or near wide and deep rivers or
lakes than in flat, narrow valleys.
Topographic and stratigraphic features may also govern
the direction of retrogression or its interruption as
discussed by Lebuis

&

Rissman (1979).
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EXPERIENCES OF MAPPING AND CLASSIFICATION
OF STABILITY CONDITIONS
Leif Viberg, Swedish Geotechnical Institute

INTRODUCTION
The Swedish Geotechnical Institute is carrying out a
landslide hazard mapping program, Stal & Viberg (1981).
One part of the mapping procedure is "Terrain classification", which is described in a paper to X International Geotechnical Conference in Stockholm 1981,
Viberg (1981). The terrain classification gives a division
of the ground into so called stability classes:
Class O

No conditions for instability.
Clay areas that slope <1:50.
Soils other than clay

Class I

IA

All clay areas that slope> 1:50.
Sub-division into classes IA, IB
and IC.
Clay areas with small slopes, 1:10-1:50
Small conditions for high pore pressures
and high shear stresses.
Very little probability of instability.

IB

Clay areas with slopes> 1:50.
Conditions for high pore pressures.

IC

Clay areas with slopes> 1: 5 0.
Conditions for high shea r stresses.

Illustration of the stability classes is given in FIG 1.
In many areas a very large portion

of the clay is classi-

fied as IB or IC. Therefore the classification is not very
helpful in selecting sites for detailed investigation.
A further subdivision is necessary and it will be described below.
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STABIL,TY CLASS I A

-,f-

_ IA_ _ _,f-

0
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-------

STABILITY CLASS I B

STABILITY CLASS IC

Jc
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-·-· ----~

FIGURE 1 .

IC

,t

------- -

Illustration of stability classes.

RATING OF PRIORITY WITHIN
STABILITY CLASSES
The priority of the stability classes is rated into 3
l evel s . The priority is given by a number added to the
stability classes -

1 for the highest priority (most

urgent) , 2 for moderate priority and 3 for the lowest
priority. The meaning of the 3 priority levels is descri bed below and illustrated in FIG 2-3.
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a. Slopes inclined> 1:10
Height
> 4 m
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Along water IC 1
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FIGURE 2.

Priority of IB- and IC-areas.
Highest priority (I B 1, IC 1, IBC 1).

IBC 1
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b. All loaded clay ground along
water bodies.

IC1
_ _ _ _ _ _ _ _ _::s-"....:,,
.....~ . . . . . . . 4 •

?

...,._

-

c. Slopes <1: 1 0 adjoining critical slopes.

I 81
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re,

-===--::::::::--,,--_-_-_-_-_-_-_-_1
""-'""-

'

IC

IA1
\.

\

~-·

d. Active erosion, old landslides and quick clay
occurrence increase the urgency.

FIGURE 2.

(cont. ) .
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a. Slopes inclined~ 1:10 along firm ground
slopes. Clay depth judged as shallow.

IBC 2

(shallow?)

IC 2

(shallow?)

b. Slopes 1:10-1:50

Slopes along water

'

IC 2 and IBC 2

Loaded
IC 2

Along infiltration
area
IB 2

FIGURE 3.

Priority of IB- and IC-areas.
Medium priority (IB 2, IC 2, IBC 2).
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Highest_priority_(IB_1L_IC_1,_IBC_1)
Slopes inclined ~1:10 and height> 4 m. The profile
contains soft clay.
These slopes are recommended for detailed stability
investigations. As many slopes may have satisfactory
safety, the investigation should start with inexpensive
penetration testing and vane boring to localize critical
slopes.
Moderate_priority_(IB_2L_IC_2L_IBC_2)
A. Slopes inclined~ 1:10. Clay layers are interpreted
as firm and shallow.
B. Slopes inclined 1:10-1: 50 along water bodies or loaded
or along infiltration areas.
The probability for instability is judged to be much less
than for slopes rated with the highest priority. By
comparatively simple and inexpensive investigations mainly penetration testing - control of slopes rated
according to A. can be made. If firm and shallow conditions are found no further inves tigation is necessary.
Areas

according to B. should also be controlled but not

before areas with the highest priority.
Lowest_priority_(IB_3L_IC_3,_IBC_3)
Slopes inclined 1:10-1: 50 which are confined by firm ground.
Slopes inclined> 1:50 - inclusive> 1:10 - where shallow
layers are safely proved.
These slopes are with very high probability safe and it
is therefore not necessary to make any stability investigations into them.
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